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Preface

The knowledge and expertise required for the design of steel-framed structures is essential to architectural, civil and structural engineers, as well as to students intending to pursue careers in the field of structural design and construction. This textbook provides the fundamentals of structural steel design from a structural systems framework that involves not only the isolated design of the individual structural steel elements, but the design of these elements within the context of the entire structural system. This enables the reader to see the connection between each structural element and how and where they fit within the entire structural system, in addition to engendering a big picture view of structural steel design. We strive to bridge the divide between engineering education and professional practice by exposing the reader to structural engineering principles and theory as well as practical applications of the design methods, so that what is learned in this text is directly applicable and relevant to professional design practice. The American Institute for Steel Construction encourages the exposure of students to the design of structural steel elements within a realistic building context. We present practical details, real-world examples, and real-world end-of-chapter exercises that not only provide the reader with an essential background on structural steel design, but also provide subject material that closely mirrors the details and examples found in professional engineering practice. Many of the examples and the end-of-chapter exercises presented are characteristic of the types of technical exercises that the reader will encounter in professional engineering practice. This approach of balancing theory and practical applications, in addition to enhancing the learning of structural steel design, will help to engender design creativity in the reader.

INTENDED AUDIENCE

This text is ideal for students in any undergraduate course in structural steel design and will sufficiently prepare them to apply the fundamentals of structural steel design to typical projects that they might come across in professional engineering practice. It is suitable for students in civil engineering, architectural engineering, and construction engineering programs, as well as architecture programs and civil engineering technology, construction engineering technology, and construction management programs. This text can also serve as a good resource for practicing engineers engaged in structural steel design and could also be used for the mentorship of entry-level engineers in industry. It is also a helpful reference and study guide for the Fundamentals of Engineering (FE), the Professional Engineering (PE), and the Structural Engineering (SE) exams. This text covers the course content for the Steel Design I course and a majority of the course content for the Steel Design II course in the curriculum for the basic education of a structural engineer proposed by the National Council for Structural Engineering Associations (NCSEA).

UNIQUE FEATURES OF THIS TEXT

We blend the “how’s” and “why’s” of structural steel design into a balanced structural steel design text that bridges the gap between theory and engineering practice.

We present numerous realistic details and diagrams to help illustrate the structural steel design process, similar to what is done in professional engineering practice while at the same time discussing the theory behind the design equations. In Chapter 14, we introduce two student design projects to expose the reader to the important aspects of a real-world structural steel building design project and a pedestrian steel bridge design project. Several other unique features of this text are listed below:

1.The use of realistic structural drawings and practical real-world examples, including practical information on structural drawings.

2.An introduction to techniques for laying out floor and roof framing, and for sizing floor and roof decks. General rules of thumb for choosing beam spacing versus deck size and bay sizes, and beam and girder directions are discussed.

3.A discussion of other rules of thumb for sizing of structural steel to allow for the quick selection of common structural members (e.g., open-web steel joist, beams, and columns).

4.The calculation of gravity and lateral loads in accordance with the ASCE 7 provisions are included.

5.The design of column base plates and anchor rods for axial loads, uplift, and moments.

6.Step-by-step design of moment frames with a design example, as well as the design of moment connections.

7.An introduction to floor vibration analysis and design based on AISC Design Guide No. 11.

8.A chapter on practical considerations helps to reinforce the connection between structural element/member design and structural system design in practice.

9.The behavior, analysis and design of horizontal diaphragms, chords, and collectors (or drag struts) is discussed. A discussion of practical details showing the lateral load path from the roof and floor diaphragms to the lateral force resisting systems.

10.An introduction to the analysis of torsion in steel members is discussed and practical real-world examples are provided.

11.An introduction to the strengthening and rehabilitation of steel structures, and to performance-based design.

12.Coverage of other important topics, including beam copes and beam web holes, and their reinforcing; X-braces using tension rods, clevises, and turnbuckles; stability bracing of beams and columns; beam design for net wind uplift loads; ponding considerations; and introduction to coatings for structural steel.

NEW TO THE THIRD EDITION

•Content has been updated to correspond to the latest AISC Specification for Structural Steel buildings (ANSI/AISC 360-16) and the 15th edition of the AISC Steel Construction Manual.

•Load calculations have been revised to conform to the ASCE 7-16 load standard.

•The student design projects have been expanded to include a pedestrian steel bridge project, in addition to the steel building project.

•Additional end-of-the-chapter exercises that mirror steel design exercises from professional practice have been added.

•Sample structural steel plans, bracing elevations, and moment connection details are added to help the reader better understand what should be included in a structural drawing package for a typical project.

•The behavior and design of horizontal diaphragms, chords and collectors (i.e. drag struts) have been expanded to emphasize the need to provide an identifiable lateral load path in structures.

•The impact of differential axial shortening of steel columns and concrete walls in tall steel buildings is discussed.

•The axial compression load capacity and the bending moment capacity of WT and double angle sections – which are frequently used as the top and bottom chords of floor and roof trusses – are discussed. Axial compression load capacity of plane and flanged cruciform sections is also discussed.

•The vertical and lateral deflection criteria and lateral vibration criteria for tall buildings are discussed.

•Items based on reader feedback and corrections have been addressed.

INSTRUCTOR’S RESOURCES

Upon adoption, these files are also available to instructors by contacting the publisher at info@merclearning.com:

•Solutions to most of the exercises at the ends of the chapters

•MS PowerPoint Slides

•Sample syllabus for a course based on this book
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CHAPTER

1

Introduction to Steel Structures

1-1INTRODUCTION


The primary purpose of this book is to present the design procedures for steel buildings using both the limit states design approach and the allowable strength design method in a practical, concise, and easy-to-follow format that includes the design of all the major structural steel elements. In the United States, both the load and resistance factor design (LRFD) method and the allowable strength design (ASD) method are prescribed in the latest standard for the design of steel buildings from the American Institute of Steel Construction, AISC 360-16. Although the latest AISC manual follows a dual format, with the LRFD requirements presented side by side with the ASD requirements, only one of these two design methods is usually taught in detail at most colleges. For the design of steel bridges in the United States, the mandated design method for bridges receiving federal funding is the LRFD method, and most civil engineering, architectural engineering, and civil engineering technology undergraduate programs in the United States offer at least one course in structural steel design using the LRFD method [1, 2]. In addition, many countries, including Australia, Canada, France, New Zealand, and the United Kingdom (among many others) have long adopted a limit states design approach like the LRFD method for the design of steel buildings, and most of the research in steel structures uses the limit states design approach. A comparative study of the cost differences between allowable stress design and LRFD methods for steel high-rise building structures indicated a cost savings of up to 6.9% in favor of the LRFD method [3]. Though the trend is toward the use of the LRFD method especially for tall buildings and complex structures and bridges, the ASD method is still in use in some segment of the structural steel industry in the United States, especially for the design of steel connections. Consequently, for many chapters and sections in this text, we have adopted a dual format and provided discussions and example exercises for both the LRFD and the ASD methods.

The unique feature of this text is a balanced approach that blends theory with practical applications that includes the use of realistic structural plans and details in the examples and end-of-chapter exercises, the discussion of structural loads and structural steel component design within the context of the entire structural building system, and the discussion of other pertinent topics that are essential to the design of real-world structural steel buildings in practice. The blending or inseparability of theory and engineering practice [4] guides our approach in this text as we endeavor to go beyond component design to a holistic structural systems-based design, while emphasizing structural behavior and enhancing the students’ ability to design realistic structural members and systems. The importance of a practice-oriented approach in civil engineering education has been highlighted and advocated by Roessett and Yao [5], and by the Carnegie Foundation for the Advancement of Teaching. The Carnegie Study – “Educating Engineers: Designing for the Future of the Field” [6] also stresses the need to teach for professional practice in undergraduate engineering education. The American Institute for Steel Construction has developed a Web-based teaching tool for structural steel design that incorporates realistic structural drawings, the calculation of structural loads, and structural steel component design within the context of an entire building design case study [7].

The intended audience for this book are students taking a first or second course in structural steel design, structural engineers, architects, and other design and construction professionals seeking a structural steel design text that effectively blends theory with practical real-world applications. The book will be well suited for a steel design course with or without a design project. The reader is assumed to have a working knowledge of statics, mechanics of materials or applied mechanics, and some structural analysis. We recommend that the reader have the Steel Construction Manual, 15th ed. (AISC 325-17) [8] available.



1-2THE MANUFACTURE OF STRUCTURAL STEEL


Structural steel is manufactured by one of two methods: the electric arc furnace (EAF) method and the basic oxygen furnace (BOF) method. Most of the structural steel produced in the United States today is from recycled scrap steel using the electric arc furnace process and about 95% of the steel used in structural shapes in the United States is from recycled steel scrap material [9]. The old recycled steel scraps are melted in an electric arc furnace after sorting and removing undesirable elements such as radioactive materials. Different types of scrap steel – depending on their chemical composition and density – are used. The scraps are fed into the EAF where the temperatures reach up to 3000°F. The scraps of steel are melted into molten steel and drained off at the bottom of the furnace, while the slag by-product and other impurities rise to the surface from where they can be skimmed off and removed. The resulting slag by-product is used as aggregate in road construction [9]. The molten steel is then transported to another furnace where the steel is heated again and undergoes de-oxidation and desulfurization, and the steel is further refined by the addition of any desired chemical alloys. The carbon content is continuously monitored during this heating process, until the desired carbon content of the molten steel is achieved. Various chemical elements, such as manganese, vanadium, copper, nickel, and others, can be added to produce the desired chemical composition or ASTM Specification of the molten steel. The amount of carbon and alloys in steel impacts the steel properties such as yield strength, ductility, resistance to corrosion, toughness and resistance to brittle fracture, and the weldability of the structural steel. The higher the carbon content, the higher the strength and hardness, but the lower the ductility and toughness. A sample of the molten steel is taken periodically during the manufacturing process and tested to determine its chemical composition.

After this process, the molten steel is cast into long “beam blanks.” They are cooled and cut to lengths and then stored until they are ready for rolling. During the rolling process, the beam blanks are placed in furnaces and reheated and melted at temperatures of up to 2400°F. The molten steel is then passed through a set of rollers (multiple times for some of the rollers) to form the desired standard steel shapes (e.g., wide flange or channel shapes). Samples of the standard steel shapes are also cut periodically and the section and material properties (e.g., tensile yield stress) are measured at the plant in accordance with the ASTM specification, and as part of the quality control process [9, 10]. After this process, the structural shapes are cooled and cut to lengths of up to 80 ft. to prepare them for transport to the steel fabricators, where the steel will be further cut to lengths specific to a given project and then detailed to receive other connecting steel members [9, 10].

In the BOF method for the manufacture of virgin steel [11], the three basic raw materials are iron ore, coal, and limestone, which are all mined. The process starts with the conversion of the coal into coke by grinding the coal and baking it in ovens in the absence of air for several hours. This process prevents the burning of the coal (since there is no oxygen) and facilitates the removal of impurities and gases from the coal. The resulting coke from the coal-baking process has approximately 90% carbon content (much higher than raw coal) with fewer impurities. The coke is cooled with water and used both as a source of fuel and as a reactant in the extraction of iron from the iron ore.

The three basic ingredients – iron ore, coke (obtained from the coal-baking process), and limestone - are fed into a blast furnace – a large vessel where the reaction of the coke with the preheated air produces heat and carbon monoxide that helps to break down the iron ore, producing pure iron and carbon dioxide. A by-product known as slag is also formed from the reaction of the limestone with the impurities in the iron ore [11]. The pig or molten iron is drained from the bottom of the blast furnace, and desulfurized, and then fed into the basic oxygen furnace (BOF). The pig iron from the blast furnace has a carbon content of about 4% and is converted to steel in the basic oxygen furnace (BOF) by reducing the carbon content to between 0.4% to 1.5%. The oxygen in the BOF oxidizes the carbon and other impurities in the pig iron and melts the steel, producing slag and other impurities, which float to the top of the denser molten steel. The chemical composition of the molten steel is monitored and after the desired composition is achieved, the molten steel is tapped. Alloys can be added at this stage, as needed. The molten steel is then cast into thick slabs of steel. These thick slabs can then be melted again in an electric arc furnace (EAF) – without losing its strength – and the molten steel is passed through a series of rollers to shape the steel into different hot-rolled structural steel shapes such as wide flange shapes or channels [11]. The BOF process requires very expensive equipment and is capital intensive.



1-3PROPERTIES OF STRUCTURAL STEEL


The forerunners to structural steel were cast iron and wrought iron; these were used widely in building and bridge structures until the mid-nineteenth century. Their low tensile strength and low ductility due to their higher carbon content led to some bridge failures [12, 13]. In 1856, steel was first manufactured in the United States and since then it has been used in the construction of many buildings and bridge structures. Some notable examples of buildings constructed mainly of structural steel include the 1450-ft.-tall, 110-story Willis Tower (formerly known as the Sears Tower) in Chicago and the 1474-ft.-tall Taipei 101 building in Taiwan, with 101 floors. Structural steel is an alloy of iron and carbon and is manufactured in various standard shapes and sizes by steel rolling mills; it has a unit weight of 490 lb./ft.3, a modulus of elasticity of 29,000 ksi, and a Poisson’s ratio of approximately 0.30. The carbon content of commonly used structural steel varies from about 0.15% to about 0.30% by weight, with the iron content as high as 95% [14]. The higher the carbon content, the higher the yield stress, and the lower the ductility and weldability. Higher carbon steels are also more brittle. Structural steel is widely used in the United States for the construction of different types of building structures, from low-rise industrial buildings to high-rise office and residential buildings. Structural steel is also used in the construction of bridges, communication towers, amusement park structures, stadiums and other structures. Steel offers competitive advantages because of its high strength-to-weight ratio. Some of the advantages of structural steel as a building material are as follows:


	Structural steel has a high strength-to-weight ratio.

	The properties of structural steel are uniform and homogeneous, and highly predictable.

	It has high ductility, thus providing adequate warning of any impending collapse.

	It can easily be recycled. In fact, a very high percentage of the structural steel used in many modern structures is made from recycled steel.

	Steel structures are easier and quicker to fabricate and erect, compared to concrete structures.

	The erection of steel structures is not as affected by weather compared to other building materials, enabling steel erection to take place even in the coldest of climates.

	It is relatively easier to retrofit existing steel structures because of the relative ease of connecting the new framing members to existing structural steel members.



Some of the disadvantages of structural steel as a building material include the following:


	Steel is susceptible to corrosion and it must be protected by galvanizing or by coating with zinc-rich paint, especially structures exposed to weather or moisture, although corrosion-resistant steels are also available. Consequently, maintenance costs could be high compared to other structural materials.

	Steel is adversely affected by high temperatures and therefore often needs to be protected from fire by fireproofing.

	Depending on the types of structural details used and the thickness of the steel member, structural steel may be susceptible to brittle fracture due to the presence of stress concentrations, and to fatigue failure from cyclic or repeated loadings causing stress reversals in the members and connections.



The two most important properties of structural steel used in structural design are the tensile yield stress, Fy, and the ultimate tensile strength, Fu. These properties are determined by a tensile test that involves subjecting a steel specimen to tensile loading and measuring the load and axial elongation of the specimen until failure. The tensile stress is computed as the applied tension load divided by the original cross-sectional area of the specimen, and the strain is the elongation divided by the original length of the specimen. A typical stress–strain curve for structural steel is shown in Figure 1-1a; it consists of a linear elastic region with a maximum stress equal to the yield stress, a plastic region in which the stress remains relatively constant at the yield stress as the strain increases, and a strain hardening region, the peak of which determines the ultimate tensile strength, Fu. Young’s modulus, E, is the slope of the linear elastic or straight-line region of the stress–strain curve. The ability of structural steel to sustain large deformations under constant load without fracture is called ductility - an important structural property that distinguishes structural steel from other commonly used building materials such as concrete and wood. The longer the flat horizontal or plastic region of the stress–strain curve, the higher the ductility of the steel.


[image: image]
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FIGURE 1-1Typical stress-strain diagram



For high-strength steels where the steel stress–strain curve has no defined yield point, the yield stress is determined using the 0.2% offset method (see Figure 1-1b), defined as the point where a line drawn with a slope E passing through the 0.2% elongation point (or 0.002 strain) on the horizontal axis intersects the stress–strain curve. It should be noted that high-strength steels have much less ductility than mild steel. For structural design, the stress–strain diagram for structural steel is usually idealized as shown in Figure 1-2.

The behavior of structural steel discussed previously occurs at normal temperatures, usually between –30°F and +120°F [12]. At very low temperatures, steel becomes more brittle and thus possesses lower ductility, and it loses strength when subjected to elevated temperatures. At a temperature of approximately 1300°F, both the strength and stiffness of steel is about 20% of its strength and stiffness at normal temperatures [15]. Because of the adverse effect of high temperatures on steel strength and behavior, structural steel used in building construction is often fireproofed by spray-applying cementitious materials or fibers directly onto the steel member or by enclosing the steel members within plaster, concrete, gypsum wall board, or masonry enclosures. Intumescent coatings and ceramic wool wraps are also used as fire protection for steel members. Fire ratings for various building occupancies - specified in terms of the time in hours it would take a structural assembly to completely lose its strength in a fire event - are specified in the International Building Code (IBC) [16]. The topic of fire protection of structural steel will be discussed in more detail in Chapter 14 of this text.
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FIGURE 1-2Idealized stress-strain diagram




TABLE 1-1 Tensile Stress and Ultimate Tensile Strength of Commonly Used Structural Steel

[image: image]



Adapted from AISCM Table 2-4
where
Fu = Ultimate tensile strength, ksi, and
Fy = Yield stress, ksi.

Structural steel is specified using the American Society for Testing and Materials (ASTM) specifications, which define its properties. Prior to the 1960s, structural steel used in building construction in the United States was made mainly from ASTM A7 grade, with a minimum specified yield stress of 33 ksi. The Steel Construction Manual of the American Institute of Steel Construction (AISCM) lists the different types of structural steel used in steel building construction (see AISCM Tables 2-4 and 2-5), the applicable ASTM standard specification, and the corresponding yield stress and ultimate strength properties; these are shown in Table 1-1 for commonly used structural steels for building design and construction in the United States.

ASTM A992 Grade 50 (Fy = 50 ksi and Fu = 65 ksi) is the primary high-strength steel specification used for the main structural members (i.e., W-shapes) in building construction in the United States, while ASTM A36 steel (Fy = 36 ksi and Fu = 58 ksi) is typically the preferred material specification for smaller size members such as plates, angles, and channels. ASTM A572 Grade 50 is also a preferred material for plates. ASTM A572 Grade 50, ASTM A992 Grade 50, ASTM A529 Grade 50 are now also widely used for angles where a 50 ksi yield strength is desired.

Where steel with a higher yield stress is desired for the main structural steel members (e.g., wide flange or W- shapes), ASTM A913 (Grades 60, 65 or 70) or ASTM A572 (Grades 55, 60, or 65), or ASTM A529 (Grade 55) may be specified [8, 17]. ASTM A913 Grades 65 and 70 steels were used in the award winning 54-story 150 North Riverside high-rise office building in Chicago to achieve material reductions in weight and costs. In this building, the four-story high transfer diagonal struts used to support multi-story exterior columns above the 4th floor level consisted of a series of W36 x 925 steel members, currently the “heaviest hot-rolled steel sections in the world” [18].

Hollow structural sections (HSS) are cold-formed carbon steel sections made by cold-bending flat steel plates into the desired tube steel shape and then welding the ends of the plate together. Large HSS sections may be formed by welding two half pieces together. The more commonly used hollow structural sections (HSS), which can be square, rectangular or round, are produced in ASTM A500 Grade B (with yield strengths of 42 ksi and 46 ksi, and ultimate tensile strength of 58 ksi), and ASTM A500 Grade C (with yield strengths of 46 ksi and 50 ksi, , and ultimate tensile strength of 62 ksi). These are cold-formed carbon steel sections. Round structural pipes that have a lower yield strength than HSS are produced in ASTM A53 Grade B with a yield strength of 35 ksi. Rectangular HSS are now commonly specified as ASTM A500 Grade C with Fy = 50 ksi and Fu = 62 ksi. ASTM A500 Grade B used to be the more commonly specified steel for HSS as of a few years ago and may still be the case in certain parts of the United States. Round HSS are now commonly specified as ASTM A500 Grade C with Fy = 46 ksi and Fu = 62 ksi. Pipes are commonly specified as ASTM A53 Grade B (Fy = 35 ksi and Fu = 60 ksi), and it is preferable and more common in design practice to use round HSS instead of pipe sections because HSS sections have higher strengths than pipe sections. Although ASTM A500 Grade C is the preferred specification for rectangular and round HSS, other material specifications that are now available for HSS include ASTM A1085 Grade 50 (Fy = 50 ksi and Fu = 65 ksi), a carbon steel, and ASTM A1065 Grade 50 (Fy = 50 ksi and Fu = 60 ksi), a high-strength low alloy steel more commonly used for large HSS sections. The advantages of ASTM A1085 specification over ASTM A500 are as follows: it provides tighter tolerances for the HSS wall thickness and corner radius resulting in more efficient designs; it is more suitable for dynamic loading and for use in bridge structures due to its material toughness; and it has a maximum limit on the yield strength of 70 ksi (compared to a higher variability in the strengths of ASTM A500) which results in a lower overstrength factor and therefore more efficient seismic design. It is envisaged that in the future, ASTM A1085 will gradually replace ASTM A500 as the more preferred materials specification for HSS [17, 19]. For round or rectangular HSS requiring protection against atmospheric corrosion, ASTM A847 (Fy = 50 ksi and Fu = 70 ksi) can be specified.

Where resistance to corrosion is desired, as in the case of exposed steel members, ASTM A588 steel, which has essentially replaced ASTM A242 steel, can be specified. This “weathering” steel provides protection from corrosion through the formation, over time, of a thin oxide coating on the surface of the structural member when exposed to the atmosphere. The use of this steel obviates the need for painting, and it is frequently used in bridge structures. However, for many building structures where corrosion protection is required, this is more commonly provided by coating the structural steel members with zinc-rich paint, or by hot-dip galvanizing of the structural member, a process where the structural member is coated with zinc by dipping the entire member into a molten zinc bath at a temperature of approximately 850°F. The length and shape of the member to be galvanized is often limited by the size of the zinc bath used in the galvanizing process.

For M-shapes and S-shapes, angles, and channels (C and MC), ASTM A36 steel has traditionally been more commonly specified, but other steel such as ASTM A529 Grade 55, ASTM A572 (Grades 55, 60 or 65) or ASTM A913 (Grades 60, 65 or 70) are now being increasingly specified as well for these shapes [17, 18].

HP shapes are more commonly specified as ASTM A572 Grade 50 or ASTM A588 Grade 50 where atmospheric corrosion resistance is needed.

Steel plates are generally available in ASTM A36 (Fy = 36 ksi and Fu = 58 ksi) and ASTM A572 Grade 50 steel (Fy = 50 ksi and Fu = 65 ksi). If higher steel strengths are desired, ASTM A529 Grade 55 or ASTM A572 Grade 55, 60 or 65 can be specified. Where atmospheric corrosion resistance is needed, the steel plates can be specified as ASTM A588 Grade 42 (Fy = 42 ksi and Fu = 63 ksi), Grade 46 (Fy = 46 ksi and Fu = 67 ksi) or Grade 50 (Fy = 50 ksi and Fu = 70 ksi).

In general, it is recommended at the beginning of any project to confirm with the local steel fabricators the types (ASTM specifications) and grades of steel that are readily available, to avoid paying a premium cost for structural steel that would have to be placed on special order if not locally available [17].

Another property of structural steel that is of interest to the structural engineer is the coefficient of thermal expansion, which has an average value of 6.5 × 10–6 in./in. per °F with variations in temperatures of up to 100°F [8]. This property is used to calculate the expected expansion and contraction of a steel member or structure and is useful in determining the required size of expansion joints in building structures or the magnitude of forces that will be induced in a structure if the thermal expansion or contraction is restrained. For enclosed heated and air-conditioned buildings, it is common practice to assume a maximum temperature change of between 50°F to 70°F. However, because buildings are usually unheated and unenclosed during construction, the maximum temperature change may exceed these values, and the structural engineer would be wise to consider these increased temperature changes — which would vary depending on the location of the building — in the design and detailing of the structural members [20]. Structurally, expansion joints in buildings are usually achieved either by using a line of double columns; that is, a column line on both sides of the expansion joint, or by using low-friction sliding bearings that are supported off a bracket connected to the columns on one side of the expansion joint (see Figures 1-3a and 1-3b). The designer should ensure that the sliding bearing details allow for the anticipated lateral movement and rotation of the beam or girder because faulty details that do not allow expansion or contraction or rotation, and sliding bearings that are unintentionally restrained because of the buildup of debris could result in large unintended lateral forces being transmitted to the structure, which could cause structural failure. The unanticipated restraint of an expansion joint connection was the cause of the loading dock slab collapse at the Pittsburgh Convention Center in 2007 [21].
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FIGURE 1-3Expansion joint details



Residual Stresses

Due to the different rates of cooling in a structural steel member during the final stages of the manufacturing process (i.e., during the rolling process), initial longitudinal stresses will exist in the member prior to any loads being applied. These preexisting non-uniform longitudinal stresses that are caused by the different cooling rates of the different fibers of the steel section are called residual stresses. The fibers that are the first to cool (for example, the tips of wide flanges and the middle section of the web) will develop compressive residual stresses as they restrain the fibers that are the last to cool (for example, the interior of the wide flanges near the webs and the far ends of the web near the flanges which develop tension residual stresses). The tension and compressive residual stresses are in equilibrium. Figure 1-4 shows the longitudinal residual stresses in a rolled wide flange section [22, 23]. Other processes that could result in residual stresses include cold bending or straightening, thermal cutting of structural members, and the heat generated from the welding of structural members and the uneven cooling of the elements that make up the member. The residual stresses are usually in internal equilibrium in a structural steel section and, though they may result in the premature attainment of inelastic action under loading, they have no impact on the plastic moment or tension capacity (i.e., the strength) of a steel member due to the ductility of structural steel. Residual stresses do, however, affect the load-deformation relationship and the stiffness of a structural member, and residual stresses also cause fracture when excessive tension residual stresses occur in combination with other conditions [22]. The impact of residual stresses is most significant for axially loaded members, such as columns, because it causes a reduction in the modulus of elasticity, which decreases from the linear elastic modulus (E) to the tangent modulus (ET), thus resulting in a reduction in the Euler buckling load [23, 24, 25]. Residual stresses also reduce the moment capacity of flexural members that are susceptible to local or lateral torsional buckling. A residual stress value of 30%Fy (i.e., 15 ksi for 50 ksi steel) is assumed in the AISC Specification when calculating the moment capacity of non-compact beams (i.e., beams subject to local flange or web buckling) and beams subject to lateral torsional buckling (see Chapter 6).


[image: image]

FIGURE 1-4Residual stress in hot-rolled wide flange sections



Brittle Fracture and Fatigue

Brittle fracture is the sudden failure of a structural steel member due to tensile stresses that cause a cleavage of the member, and it occurs without warning. Brittle fracture results from low ductility and poor fracture toughness of the structural member or connection. Other factors affecting brittle fracture include the presence of geometric discontinuities in a steel member, such as notches; rate of application of load; and temperature. The lower the temperature of the steel, the lower the ductility and toughness of the steel member. The importance of brittle fracture and the need for the structural engineer to seriously consider this failure mode in the design of steel structures was brought to the fore in December 2018 with the fracture cracks that were discovered in the 4-in. thick bottom flange of the steel transfer girders at the Salesforce Transit Center in San Francisco, CA. The AISC Specifications A3.1c and A3.1d consider members that are thicker than 2 inches as heavy shapes; the thicker the member, the greater the imperative to investigate the potential for brittle fractures [49].

Whereas brittle fracture of a steel member results from a few applications, or even a single application of loading, fatigue failure on the other hand occurs due to repeated applications of loading to a structure over time, starting with a small fatigue crack. An example of a structure where the members and connections are subject to fatigue loading are the space trusses shown in Figure 1-5a that support aerial cable cars at one of Canada’s National Parks. Another iconic structure that is subject to fatigue loading is the London Eye located on the banks of the River Thames in London, UK (see Figure 1-5b). It consists of a cantilevered 3-D truss wheel structure supported by two 3-D braced frame towers in the river, and laterally supported by an A-frame and six backstay cables.


[image: image]

FIGURE 1-5aAerial cable cars supported by steel space trusses at Banff National Park in Alberta, Canada (Photo by Abi Aghayere)




[image: image]

FIGURE 1-5bThe London Eye (Photo by Abi Aghayere)



Members repeatedly loaded, primarily in tension, are more susceptible to developing fatigue cracks. The behavior of steel in fatigue is measured in terms of the stress range, S, and the number of cycles of loading and unloading, N, resulting in a typical S-N curve. The stress range is the difference between the maximum and minimum stresses in a member or connection during one load cycle [24, 26]. The greater the number of cycles of loading and unloading, N, the smaller the allowable stress range, S, that a structural element or connection can resist.

The fatigue strength of a steel structure is usually determined at service or unfactored load levels; it is a function of the stress category, which in turn, is greatly dependent on the connection details used in the structure (see AISCM, Table A-3.1). It is also a function of the stress range in the member as previously indicated. The stress range is usually higher when the steel member and connections are subjected to stress reversals (e.g., tension in one cycle and compression stress in another cycle) due to live loads. When a member or connection is subjected to only compression stresses, fatigue crack propagation cannot occur, so fatigue does not need to be considered for such members. The lower the stress range, the higher the fatigue strength of the member or connection. The calculated stress range due to live loads should be less than the design or allowable stress range calculated from the equations in AISCM, Appendix 3 and Table A-3.1. The fatigue resistance of steel members and connections must be considered when the number of live load application cycles exceeds 20,000 cycles. In most buildings, fatigue is not an issue and therefore is not normally considered in the design of structural members in building structures, except for crane runway girders and members supporting machinery. Fatigue is a major consideration in the design of steel bridges and industrial crane support structures where the maximum number of live load cycles may exceed 2 million cycles of loading and unloading during the life of the structure [24, 27].



1-4STRUCTURAL STEEL SHAPES AND ASTM SPECIFICATION


The general requirements for the mechanical properties, cross-sectional dimensions, chemical composition, and standard mill practice for rolled structural steel shapes, bars, and plates are specified in the ASTM A6 Specification. Part 1 of the AISC Manual (AISCM) summarizes the information from ASTM A6. For hollow structural sections (HSS) or tube steel and structural steel pipes, the ASTM A500 and ASTM A53 specifications, respectively, apply. Table 1-2 shows standard structural steel shapes and the corresponding ASTM specifications or structural steel grades. The ASTM A6 specification prescribes the permissible maximum percentages of alloy elements such as carbon, manganese, chromium, nickel, copper, molybdenum, vanadium in structural steel to ensure adequate weldability and resistance to corrosion and brittle fracture. In the specification, the percentage by weight of each of these chemical elements is combined to produce an equivalent percentage carbon content that is called the carbon equivalent (CE) [22, 23, 24]. Table 1-3 shows the major chemical elements in structural steel and their effects on the steel properties presented in terms of advantages and disadvantages [22, 23, 24]. The carbon equivalent is useful in determining the weldability of older steels in the repair or retrofitting of existing or historical structures where the structural drawings and specifications may not be available, and determining what, if any, special precautions are necessary for welding to these steels to prevent brittle fractures and cracking of the welds. The higher the CE value, the lower the allowable cooling rate [22] and therefore, the lower the weldability of the steel. To ensure good weldability, the carbon equivalent, as calculated from equation (1-1), should be no greater than 0.5% [14, 23, 24]. Precautionary measures for steels with higher carbon equivalents include preheating the steel and using low-hydrogen welding electrodes. Alternatively, bolted connections could be used in lieu of welding.


TABLE 1-2 Structural Steel Shapes and Corresponding ASTM Specification

[image: image]



*A913 is a low-alloy, high-strength steel.
†Preferred material specification for the different shapes.

The equivalent carbon content or carbon equivalent [22, 23, 24] is given as

[image: image]  (1-1)

where



	C
	= Percentage carbon content by weight,



	Cr
	= Percentage chromium content by weight,



	Cu
	= Percentage copper content by weight,



	Mn
	= Percentage manganese content by weight,



	Mo
	= Percentage molybdenum by weight,



	Ni
	= Percentage nickel content by weight,



	V
	= Percentage vanadium content by weight,



	 Si
	= Percentage silicon by weight.




TABLE 1-3 Advantages and Disadvantages of Alloy Chemical Elements Used in Structural Steel







	Chemical element
	Major advantages
	Disadvantages

	Carbon (C)
	Increases the strength of steel.
	Too much carbon reduces the ductility and weldability of steel.

	Copper (Cu)
	When added in small quantities, it increases the corrosion resistance of carbon steel, as well as the strength of steel.
	Too much copper reduces the weldability of steel.

	Vanadium (V)
	Increases the strength and fracture toughness of steel and does not negatively impact the notch toughness and weldability of steel.
	

	Nickel (Ni)
	Increases the strength and the corrosion resistance of steel. Increases fracture toughness.
	Reduces weldability

	Molybdenum (Mo)
	Increases the strength of steel. Increases corrosion resistance.
	Decreases the notch toughness of steel.

	Chromium (Cr)
	Increases the corrosion resistance of steel when combined with copper, and increases the strength of steel.
It is a major alloy chemical used in stainless steel.
	

	Columbium (Cb)
	Increases the strength of steel when used in small quantities.
	Greatly reduces the notch toughness of steel.

	Manganese (Mn)
	Increases the strength and notch toughness of steel.
	Reduces weldability.

	Silicon (Si)
	Used for deoxidizing of hot steel during the steel making process and helps to improve the toughness of the steel.
	Reduces weldability.

	Other alloy elements found in very small quantities include nitrogen; those elements permitted only in very small quantities include phosphorus and sulfur.
	
	



EXAMPLE 1-1

Expansion Joints in Steel Buildings and the Effect of Temperature Changes on Restrained Girders

a.A steel building is 600 ft. long with expansion joints provided every 200 ft. If the maximum anticipated temperature change is 50°F, determine the size of the expansion joint that should be provided. Assume the coefficient of thermal expansion, a, for structural steel is 6.5 x 10−6 in./in./°F.

b.If the longitudinal movement of a W24 × 94 girder in this building is inadvertently restrained at both ends of the girder, determine the magnitude of the axial force in kips induced in the girder and its connections due to a 50°F temperature change during construction.

Solution

a.From mechanics of materials, the anticipated longitudinal expansion or contraction due to temperature change is [image: image]
Where,
[image: image] = coefficient of thermal expansion = 6.5 × 10–6 in./in. per °F for steel
[image: image] = maximum change in temperature
[image: image] = original length of the structural member
[image: image] = (6.5 × 10–6 in./in. per °F) (200 ft. × 12 in./ft.)(50°F) = 0.78 in.
This is the total change in length for the 200 ft. long segment of the building. Assuming one-half of this expansion or contraction takes place at each end of the 200 ft long segment, the expansion or contraction at each end would be ½ (0.78 in.) = 0.39 in.
Since the portion of the building on both sides of the expansion joints can expand at the same rate simultaneously, the total minimum width of the expansion joint = 2 (0.39 in.) = 0.78 in.
Therefore, use a 1-in.-wide expansion joint.
It should be noted that the nonstructural elements in the building, such as the exterior cladding (e.g., brick wall) and backup walls (e.g., block wall), as well as the interior partition walls, must be adequately detailed to accommodate the anticipated expansion and contraction.

b.Axial force in the restrained W24 × 94 girder due to a 50°F temperature change during construction:
Cross-sectional area of the girder, A = 27.7 in.2
The modulus of elasticity, E = 29,000 ksi
From mechanics of materials, the axial deformation of the girder is [image: image]
Rearranging the preceding equation, the axial force in the girder is obtained as
[image: image]
The ratio of the change in length of this girder to its original length is
[image: image]

Even though the change in length of the girder caused by the temperature change is only 0.0325% of the original length of the girder, it is obvious that the axial force induced in the girder is quite large, such that it cannot be ignored if the ends of the girder are restrained. Restrained end conditions as illustrated in this example can occur during construction when exposed beams or girders are supported by and attached to basement walls, and the beams or girders in turn provide lateral support to the top of the basement walls. Breakouts of the concrete basement wall can occur if the beams or girders are subjected to significant temperature fluctuations from daytime highs to nighttime lows during construction because the building at this time is not yet enclosed. One of the authors has investigated a failure at the end supports of exposed beams during construction caused by significant temperature changes where the beams at one end were anchored through a bearing plate to a concrete basement wall. The axial force induced in the beam due to temperature changes was large enough to cause a breakout of a chunk of the concrete basement wall below the beam bearing plates. The following steps could have been taken to prevent the breakout in the concrete basement wall:


	Provide temporary lateral bracing to the top of the concrete basement walls,

	Sit the steel beams on the embed bearing plates without attaching them to the plates to temporarily allow the beams to expand or contract,

	After the building is enclosed, and thus the temperature differential is greatly reduced, weld the steel beams to the beam bearing plates and fill the beam pocket with non-shrink grout,

	Remove the temporary lateral bracing for the concrete basement walls.



EXAMPLE 1-2

Carbon Equivalent and Weldability of Steel

A steel floor girder in an existing building needs to be strengthened by welding a structural member to its bottom flange. The grade of steel for the existing girder is unknown and to determine its weldability, material testing has revealed the following percentages by weight of the alloy chemicals in the girder:



	C
	= 0.25%



	Cr
	= 0.15%



	Cu
	= 0.25%



	Mn
	= 0.45%



	Mo
	= 0.12%



	Ni
	= 0.30%



	V
	= 0.12%



	 Si
	= 0.20%




Calculate the carbon equivalent and determine if this steel is weldable.

Solution

Using equation (1-1), the carbon equivalent, CE, is calculated as

[image: image]

Therefore, the steel in the girder is weldable.

However, because of the high carbon equivalent, precautionary measures such as using low-hydrogen welding electrodes and preheating of the member are recommended. Since this is an existing structure, the effect of preheating the member should be thoroughly investigated so as not to create a fire hazard. If preheating of the member is not feasible, alternative strengthening approaches that preclude welding may need to be investigated.

Steel Shapes

The two main types of steel shapes are:


	Rolled steel shapes—These are standardized hot-rolled shapes with cross-sectional dimensions and properties specified in the American Institute for Testing and Materials specification (ASTM A6) and is also presented in part 1 of the AISCM [8].

	Built-up shapes—Where standardized structural shapes cannot be used (e.g., where the load to be supported exceeds the capacity of the sections listed in the AISCM), built-up shapes could be made from plate stock. Examples include welded plate girders, plane and flanged cruciform shapes, and box girders. Components of built-up shapes thicker than 2 inches are classified in AISC Specifications A3.1c and A3.1d as heavy shapes.



Standard hot-rolled shapes are most commonly used for building construction, while built-up shapes are commonly used in bridge construction. Note that built-up shapes, such as welded plate girders, are also used in building construction as transfer girders to support multistory columns above an atrium area or an auditorium or a roadway or a railway to create a large column-free area, resulting in large concentrated loads that need to be supported. Welded plate girders will be discussed in Chapter 13.

Examples of the rolled standard shapes listed in part 1 of the AISCM include the following:

Wide-Flanged: W-Shapes and M-Shapes

Wide-flanged sections (see Figure 1-6) are I-shapes that are commonly used as beams or columns in steel structures. They are also sometimes used as the top and bottom chord members of trusses, and as diagonal braces in braced frames. The inner and outer flange surfaces of W-shapes are parallel; M-shapes are similar to W-shapes, but they are not as readily available or widely used as W-shapes and their sizes are also limited. The listed M-shapes in AISCM have a maximum depth of 12.5 in. and a maximum flange width of 5 in. A W14 × 90, for example, implies an I-shaped member with a nominal depth of 14 in. and a self-weight of 90 lb./ft. Similarly, an M12 × 10 indicates a miscellaneous shape with a nominal depth of 12 in. and a self-weight of 10 lb./ft. It should be noted that because of the variations from mill to mill in the fillet sizes used in the production of wide flange shapes, and also the wear and tear on the rollers during the steel shape production process, the decimal k-dimensions (kdes) specified for these shapes in Part 1 of the AISCM should be used for design, while the fractional k-dimensions (kdet) are to be used for detailing.


[image: image]

FIGURE 1-6W- and M- shapes



S-Shapes

S-shapes (see Figure 1-7), also known as American Standard beams, are similar to I-shapes except that the inside flange surfaces are sloped. The inside face of the flanges usually has a slope of 2:12, with the flange thickness varying from a smaller value at the flange tips to a larger flange thickness closest to the web of the beam. S-shapes were the first rolled beam sections in the United States; they are no longer used for typical roof or floor framing but are only frequently used as monorail and crane support beams. An S12 × 35 implies a member with a 12-in. actual depth and a self-weight of 35 lb./ft. length of the member.


[image: image]

FIGURE 1-7S-shapes



HP-Shapes

HP-shapes (see Figure 1-8) are similar to W-shapes and are commonly used as H-piles in bearing pile foundations. These H-piles, which can be as long as 100 ft. or more, support the superstructure loads, and they are typically socketed and grouted into the bedrock to resist the uplift loads on the structure. HP-shapes have thicker flanges and webs compared to W-sections, and the nominal depth of these sections is usually approximately equal to the flange width, with the flange and web thicknesses approximately equal. The thick webs help to resist the high impact loads that these sections are subjected to during pile driving operations.


[image: image]

FIGURE 1-8HP shapes



Channel or C- and MC-Shapes

Channels are C-shaped members with the inside faces of the channel flanges tapered from a minimum thickness at the flange tip to a maximum thickness at the channel web (see Figure 1-9). They are commonly used as beams to support light loads, such as in catwalks and as stair stringers, and they are also used to frame the edges of roof openings. C-shapes are American Standard channels, while MC-shapes are miscellaneous channels. A C12 × 30 member implies a C-shape with an actual depth of 12 in. and a weight of 30 lb./ft., while an MC 12 × 35 member implies a miscellaneous channel with an actual depth of 12 in. and a self-weight of 35 lb./ft. MC 12 × 43 is recommended for the stringers of steel stairs because of their wide flanges that allows adequate fillet weld connection of the handrail posts to the top surface of the top flange of the channel [22].


[image: image]

FIGURE 1-9C- and MC- shapes



Angle (L) Shapes

Angles (see Figure 1-10) are L-shaped members with legs of equal or unequal lengths, and they are used as lintels to support brick cladding and block wall cladding above door and window openings, and as web members in trusses. They are also used as X-braces, chevron braces, or knee-braces in braced frames where they could occur as single angles or as double angles placed back-to-back. Double angles are frequently used for the end connections for beams and girders. An angle with the designation L4 × 3 × ¼ implies a member with a long leg length of 4 in., a short leg length of 3 in., and a thickness of ¼ in. While all other rolled sections have two orthogonal axes (x–x and y–y) of bending, single angles have three axes (x–x, y–y, and z–z) about which the member could bend or buckle.


[image: image]

FIGURE 1-10Angle shapes



Structural Tees—WT-, MT-, and ST-Shapes

Structural tees (see Figure 1-11) are made by cutting a wide flange section (i.e., an I- or W-shape), M-shape, or S-shape in half. For example, if a W14 × 90 is cut in half, the resulting shapes will be WT 7 × 45, where the nominal depth is 7 in. and the self-weight of each piece is 45 lb./ft. WT-shapes are commonly used as brace members and as top and bottom chords of trusses. They are also used to strengthen existing steel beams where a higher moment capacity is required. Similarly, ST- and MT-shapes are made from S-shapes and M-shapes, respectively.


[image: image]

FIGURE 1-11WT-shape



Plates and Bars

Plates and bars (see Figure 1-12) are flat stock members that are used as stiffeners, gusset plates, and X-braced members. They are also used to strengthen existing steel beams and as supporting members in built-up steel lintels. Plates are also used in plane cruciform columns. There is very little structural difference between bars and plates, and although historically, flat stock with widths not exceeding 8 in. were generally referred to as bars, while flat stock with widths greater than 8 in. were referred to as plates, it is now common practice to refer to flat stock universally as plates. As an example, a PL 6 × ½ implies a 6-in.-wide by ½-in.-thick plate. [image: image] In practice, plate widths are usually specified in ½-in. increments, while thicknesses are specified in 1/8-in. increments. The practical minimum thickness for plates is ¼-in., with a practical minimum width of 3 in. to accommodate the required minimum bolt edge distances.


[image: image]

FIGURE 1-12Plates and bars



Hollow Structural Sections (HSS) [image: image]


[image: image]

FIGURE 1-13HSS and structural pipes



All the shapes discussed above are made from hot-rolled steel sections, whereas hollow structural section (HSS) members are welded cold-formed carbon steel made by cold bending a flat piece of carbon steel into rectangular, square or round tubular shapes and then welding the ends together; they are commonly used as columns, lintel beams, struts, girts, hangers, lateral bracings, and braced-frame members in building structures; they are also used in bridge structures (see Figure 1-13). HSS members – because of their closed shape – are not as susceptible to lateral-torsional buckling and torsion as open sections such as wide flange sections (I-shapes) or channels. Therefore, HSS members are frequently used as lintel beams spanning large openings, especially where the eccentricity of the supported gravity loads may result in large torsional moments in the HSS lintel beam. Examples of HSS members are as follows:


	HSS 6 × 4 × ¼ (long side vertical – LSV) implies a rectangular hollow structural steel with outside wall dimensions of 6 in. in the vertical direction and 4 in. in the horizontal direction, and a wall thickness of ¼ in., except at the rounded corners. Note that rectangular HSS whose vertical and horizontal dimensions are even numbers are more generally readily available [22].

	HSS 6.625 × 0.28 implies a round hollow structural steel with an outside wall diameter of 6.625 in. and a uniform wall thickness of 0.28 in. It is recommended to specify round HSS sections that have similar cross-sectional dimensions as standard steel pipe sections because such round HSS are generally more readily available in stock and do not require a special order [22].



Structural Pipes

Structural pipes are round structural tubes similar to HSS members (see Figure 1-13) that are sometimes used as columns and as struts for bracing basement excavations. They are also used as posts or columns for lightly loaded structures such as mezzanines, and in residential buildings to support the ground floor girder. They are available in three strength categories: standard (Std), extra strong (X-strong), and double-extra strong (XX-strong). The bending moment capacity and the axial compression load capacity of these sections are tabulated in Tables 3-15 and 4-6, respectively, of the AISCM. Steel pipes are designated with the letter P, followed by the nominal diameter, and then the letter X for extra strong or XX for double-extra strong, and the outside diameter can be as large as 26 inches with nominal wall thickness of up to 0.375 inch. For example, the designation P3 represents a nominal 3-in. standard pipe, P3X represents a 3-in. extra-strong pipe, and P3XX represents a 3-in. double-extra-strong pipe.

Built-Up Sections

Built-up sections (see Figure 1-14) include welded plate girders and other sections built up from plates and standard rolled sections (e.g., W-section with plate welded to the bottom flange; plane and flanged cruciform sections). Plate girders are used to support heavy loads where the listed standard rolled steel sections are inadequate to support the loads. Built-up sections can also be used as lintels and as reinforcement for existing beams and columns. Other built-up shapes include double angles (e.g., 2L 5 × 5 × ½) and double channels (e.g., 2C 12 × 25) placed back-to-back in contact with each other or separated by spacers, and W- and M-shapes with cap channels that are used to increase the bending capacity of W- and S-shapes about their weaker (y–y) axis.


[image: image]

FIGURE 1-14Built-up sections



Elastic and Plastic Section Modulus for Built-up Sections

While the section properties of standard rolled steel sections are listed in Part 1 of the AISCM, the section properties for built-up sections – such as the elastic section modulus, S, and the plastic section modulus, Z, have to be calculated using the principles from mechanics of materials. The elastic section modulus is calculated assuming a triangular (elastic) stress distribution, (see Figure 1-15) with the maximum stress occurring in the extreme tension and compression fibers, and with zero stress at the elastic neutral axis (ENA). The location of the elastic neutral axis (ENA) is equal to the centroid of the cross-section. For symmetrical sections, the ENA will be at the mid-depth of the section. The sum of the moments of the resultant compression and tension forces about the ENA is equal to the yield moment, My; the yield moment capacity about the strong axis, My = Fy Sx = [image: image], where [image: image] is the distance between the locations of the resultant compression force, [image: image], and the resultant tension force, [image: image] (see Figure 1-15). The values of these parameters will depend on the geometry of the section. The elastic section modulus, Sx = [image: image]. For illustration purposes, consider a rectangular section with a width, [image: image], and a depth, [image: image], the resultant elastic compression force, [image: image] and [image: image], from which we obtain the elastic section modulus, [image: image] for this rectangular section, a familiar formula from mechanics of materials.

The location of the plastic neutral axis (PNA) is obtained from the equilibrium of the tension and compression forces on the section. For a homogeneous steel section with the same steel grade, the PNA divides the section into equal areas in tension and compression. Note that for symmetrical homogeneous sections, the location of the PNA and the ENA coincide with the centroid of the section. In calculating the plastic section modulus about the strong axis, Zx, it should be noted that the critical section will be fully yielded across the section with a maximum stress of Fy in tension and in compression (see Figure 1-15). With the cross-section fully plastic with a yield stress of Fy, the sum of the moments of the resultant compression and tension forces about the PNA gives the nominal plastic moment capacity about the strong axis, Mp = Fy Zx = [image: image], where [image: image] is the distance between the locations of the resultant plastic compression force, [image: image], and the resultant plastic tension force, [image: image] (see Figure 1-15). The plastic section modulus, Zx = [image: image], where [image: image] is the area of the compression zone of the plastic section, which for a rectangular homogeneous section is one-half the gross area of the section or [image: image]. For a homogeneous rectangular section of width, [image: image], and depth, [image: image], the resultant plastic compression force, [image: image] and [image: image], from which we can obtain the plastic section modulus, [image: image], another familiar formula from mechanics of materials.

The shape factor (Zx/Sx) is defined as the ratio of the plastic section modulus to the elastic section modulus. It is a measure of how effectively the member is utilized in bending [30]. The larger the shape factor (e.g., the shape factor for a rectangular section = 1.5), the less effective the member is utilized in bending. A large shape factor means that a large portion of the member is still below the yield stress limit, Fy, when the outer fibers reach the yield stress. Sections with low shape factors (e.g., I-shaped sections) are very effective in resisting bending about their strong axis because the stress in a large portion of the cross-section is close to the yield stress, Fy, when the outer fibers of the flange reach yield. Thus, the difference between the yield moment, My, and the plastic moment, Mp, is smaller for I-shapes or wide flange sections than for rectangular shapes.


[image: image]

FIGURE 1-15Elastic and plastic stress distributions





1-5BASIC STRUCTURAL STEEL ELEMENTS


We will now discuss the basic structural steel elements and members that are used to resist gravity loads and lateral loads in steel-framed buildings as shown in Figures 1-16 and 1-17.


[image: image]

FIGURE 1-16Typical steel building – basic structural elements (3D)




[image: image]

FIGURE 1-17Typical steel building cross-section – basic structural elements



Beams and Girders


	The infill beams or joists support the floor or roof deck directly and spans between the girders. The roof or floor deck usually spans in one direction between the roof or floor infill beams.

	The girders support the infill beams and span between the columns. While the beams along the column lines are usually connected to the web of the columns, girders are typically connected to the column flanges since the girders support heavier reactions than the typical in-fill beams. Thus, the girder reaction eccentricity at the columns is resisted by the bending of the column about its stronger axis.



Columns

These are vertical members that support axial compression loads only. They are sometimes referred to as struts when they are used in the horizontal position (as in bracings for soil excavations) or as diagonal struts to resist axial compression loads from discontinued columns. In real-world structures, structural members are rarely subjected to pure compression loads alone since the members cannot be fabricated perfectly straight and we cannot assure that the line of application of the axial loads will line up perfectly with the centroidal axis of the column.

Beam–Columns

Beam-columns are members that support axial tension or axial compression loads in addition to bending moment. In practice, typical building columns usually act as beam-columns due to the eccentricity of the beam and girder reactions relative to the column centroidal axis.

Hangers

Hangers are vertical members that support axial tension loads only.

The reader should refer to Figures 1-16 and 1-17, and the other structural elements are discussed in greater detail later in this chapter.



1-6TYPES OF STRUCTURAL SYSTEMS IN STEEL BUILDINGS


The common types of structural systems (i.e., a combination of several structural elements or members) used in steel building structures include trusses, moment or rigid frames, and braced frames, or a combination of these systems. Trusses are used predominantly to resist gravity loads, whereas braced frames and moment resisting frames are used to resist lateral loads. Reinforced concrete core walls are also used as shear walls to resist lateral loads in steel buildings. A new type of shear wall is the concrete filled composite steel plate shear wall, also known as “Speedcore.”

In this shear wall system, invented by Ron Klemencic of Magnuson Klemencic Associates (MKA), the concrete acts like a sandwich material between parallel steel plates. The steel plates are connected with steel tie rods, and composite action between the steel plates and the concrete infill is ensured using headed steel studs. This system is currently being used for a highrise building on the West Coast [30].

Trusses

The typical truss profiles shown in Figure 1-18a through 1-18f consist of top and bottom chord members. The vertical and diagonal members are called web members. While the top and bottom chords are usually continuous members, the web members are connected to the top and bottom chords using bolted or welded connections. Trusses may occur as roof framing members over large spans or as transfer trusses used to support gravity loads from discontinued columns or shearwalls. These transfer trusses, which could be as deep as one story or even two stories, support gravity loads and typically span between columns or girders at both ends of the truss. In practice, the top and bottom chords of floor or roof trusses are usually built as continuous members, and not as pin-jointed members, as is frequently assumed in a typical structural analysis of trusses. Thus, the forces in the top and bottom chords will be a combination of moments and axial loads. When trusses are used in a vertical configuration, they essentially behave like braced frames since the vertical column members will be fabricated as continuous members, at least between the column splices. Sometimes, horizontal outrigger steel trusses are used to tie the concrete core or shear walls to the perimeter columns in order to create interaction between the concrete core walls and the perimeter columns in resisting the lateral loads in very tall buildings [45]. These outriggers, which are usually at least a full story high, may occur as heavy “hat” or “cap” trusses supported on the central concrete core walls on the top of the building. Full story high intermediate outrigger trusses may also be used in addition to the “hat” or “cap” trusses. Without the outrigger trusses, the concrete core walls under lateral loads behave as a vertical cantilever fixed at its base; however, with the outrigger trusses, the concrete core wall behaves as a vertical flexural member fixed at its base, and with some moment restraint at the intermediate outrigger locations (i.e., the core wall rotation is restrained at the outriggers) but the core wall is allowed to move laterally. This rotational restraint of the concrete core walls by the outriggers creates points of inflection along the height of the core walls, leading to a reduction in the moment in the core walls and a reduction in the lateral translation and lateral acceleration of the building. The stiffer the flexural rigidity of the outrigger truss, the more effective the interaction between the core walls and the perimeter columns will be.

Heavy steel trusses are also used to support tall buildings over existing rail lines or subway, and these steel trusses may be supported directly on pile caps. “Hat” trusses on top of tall buildings have also been used to support hanging perimeter columns where the building footprint is restricted and narrower at the lower levels (see Figure 1-18f). Figure 1-18g shows a building entrance canopy roof framing with Vierendeel trusses consisting of top and bottom chords, and only vertical web members with moment connections between all the HSS members.

Frames

Frames are structural steel systems used to resist lateral wind or seismic loads in buildings. The two main types of building frames are moment-resisting frames and braced frames.


[image: image]

FIGURE 1-18a to eTypical truss profiles
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FIGURE 1-18fTypical hat truss




[image: image]

FIGURE 1-18gVierendeel truss entrance canopy roof framing (Photo by Abi Aghayere)



Moment-Resisting Frames: Moment-resisting frames resist lateral loads through the bending of the beams/girders and the columns. The connections between the beams/girders and the columns are designed and detailed as shown in Figure 1-19 to resist moments due to gravity and lateral loads. Note that moment-resisting frames are more laterally flexible than braced frames or shear walls.


[image: image]

FIGURE 1-19Typical moment resisting frames



Braced Frames: Braced frames (see Figure 1-20) resist lateral loads through axial compression and/or tension in the diagonal members. Examples include X-braced frames, diagonal braced frames, Chevron- or inverted-V braced frames, and knee-braced frames. These frames are usually more rigid than a typical moment frame and exhibit smaller lateral deflections. Figures 1-21a and 1-21b show different types of braced frames used in steel buildings.


[image: image]

FIGURE 1-20Typical braced frames




[image: image]

FIGURE 1-21aBraced frame and columns in a multi-story steel building under construction (Photo courtesy of Obinna Otti)




[image: image]

FIGURE 1-21bBraced frames: Plate and steel rod X-bracings in a steel building under construction (Photo by Abi Aghayere).




[image: image]

FIGURE 1-21cBraced frames: Single diagonal and Chevron braces in a steel building under construction (Photo by Abi Aghayere).



Another type of braced frame used for structures with tall story heights is the Multi-tiered braced frames (MTBF) which consists of two or more stacked levels of braced frames within each story, with each braced frame panel connected to the ones above and below with horizontal struts [48]. The braced frame within each vertical panel could be X-braces, Chevron or inverted V-braces, or single diagonal braces. The columns in MTBF are oriented in such a way that the weak (y-y) axis bending of the column occurs in the plane of the braced frame, and any out-of-plane bending of the columns occurs about their strong (x-x) axis.



1-7BUILDING CODES, DESIGN SPECIFICATIONS, AND THE STEEL CONSTRUCTION MANUAL


The stakeholders in a typical building project include the owner, the architect, the structural, mechanical, electrical and plumbing engineers, the general contractor, the sub-contractor and steel fabricator/erector who convert the engineers’ designs in the form of contract drawings and specifications into a real-life structure, and the state and city building officials who are responsible for granting the building permit before construction and the certificate of occupancy (“C of O”) after construction. The city officials also carry out inspection during construction to ensure that it conforms to the city’s building code.

Building construction in the United States and in many parts of the world is regulated using building codes that prescribe a consensus set of minimum requirements that will ensure public health and safety. A code consists of standards and specifications (or recommended practice), and covers all aspects of design, construction, and functions of buildings, including occupancy and fire-related issues, but it only becomes a legal document within any jurisdiction after it is adopted by the legislative body in that jurisdiction. Once adopted by a jurisdiction, the code becomes the legal binding document for building construction in that locality and the design and construction professional are bound by the minimum set of requirements specified in the code. The International Building Code (IBC 2018) [16], published by the International Code Council (ICC), has replaced the former model codes—the Uniform Building Code (UBC), Building Officials and Code Administrators (BOCA), National Building Code (NBC), and the Standard Building Code (SBC)—and is the basis for most local building codes in the United States. The IBC is a consensus document developed by many stakeholders and a new edition is published every three years. The IBC references the ASCE 7 Load Standard [31] for the calculation of structural loads, and this load standard, which is reviewed every few years, is the basis for the calculations of the structural loads in this text (see Chapters 2 and 3). The steel material section of the IBC references the AISC specifications as the applicable specification for the design of steel members in building structures. The ICC also publishes the International Existing Building Code for the renovation of existing structures, as well as the International Residential Code for the design of one- and two-family dwellings.

The premier technical specifying and trade organization in the United States for the fabricated structural steel construction industry is the American Institute of Steel Construction (AISC). This nonprofit organization publishes and produces several technical manuals, design guides, and specifications related to the design and construction of steel buildings, such as the Steel Construction Manual or AISC Manual (AISC 325-17)—hereafter referred to as the “AISCM.” The AISCM includes the specification for the design of steel buildings (AISC 360-16) and the properties of standard steel shapes and sizes [8]. This manual, first published in 1923 and now in its 15th edition, consists of 17 chapters as listed below and provides the dimensions and properties of several standardized structural shapes, as well as several design aids, some of which will be used later in this text. The AISCM includes design provisions for both the load and resistance factor design (LRFD) method and the allowable strength design (ASD) method. The AISCM consists of the following chapters:


Part 1: Dimensions and Properties

Part 2: General Design Considerations

Part 3: Design of Flexural Members

Part 4: Design of Compression Members

Part 5: Design of Tension Members

Part 6: Design of Members Subject to Combined Forces

Part 7: Design Considerations for Bolts

Part 8: Design Considerations for Welds

Part 9: Design of Connecting Elements

Part 10: Design of Simple Shear Connections

Part 11: Design of Partially Restrained Moment Connections

Part 12: Design of Fully Restrained Moment Connections

Part 13: Design of Bracing Connections and Truss Connections

Part 14: Design of Beam Bearing Plates, Column Base Plates, Anchor Rods, and Column Splices

Part 15: Design of Hanger Connections, Bracket Plates, and Crane–Rail Connections

Part 16: Section 16.1 includes the AISC Specifications (AISC 360-16) - Chapters A through N; Appendices 1 through 8; and the Commentary on the Specifications – which provides research and background information, and the limitations to the design equations presented in the specifications.

Section 16.2 contains the “Specifications for Structural Joints Using High-Strength Bolts” - prepared by the Research Council on Structural Connections (RCSC);

Section 16.3 contains the “Code of Standard Practice for Steel Buildings and Bridges” (AISC 303-16). Both the AISC Specifications and the Code of Standard Practice are accredited by the American National Standards Institute (ANSI).

Part 17: Miscellaneous Data and Mathematical Information (e.g., weights of common building materials)



The AISC Specifications (i.e., Part 16.1), which forms the basis for the design of structural steel building structures in the United States, is divided into fourteen main chapters (i.e., Chapters A through N) as follows:


Chapter A: General provisions

Chapter B: Design Requirements (e.g., loads and load combinations; LRFD and ASD requirements; diaphragms and collectors; structural integrity; fire protection; simple and moment connections; corrosion protection for structural steel; member properties, etc.).

Chapter C: Design for stability

Chapter D: Design of tension members

Chapter E: Design of members for compression

Chapter F: Design of members for flexure

Chapter G: Design of members for shear

Chapter H: Design of members in combined forces (e.g., axial compression plus bending; axial tension plus bending, etc.)

Chapter I: Design of composite members

Chapter J: Design of connections

Chapter K: HSS and Box-section connections

Chapter L: Design for serviceability

Chapter M: Fabrication and erection of structural steel (e.g., fabrication requirements – e.g., dimensional tolerances, thermal cutting, etc.; erection requirements; shop and erection drawings, shop painting, etc.)

Chapter N: Quality control and quality assurance



In general, the decimal values of the tabulated dimensions of steel sections from Part 1 of the AISCM are to be used in design calculations, while the fractional values are to be used for detailing purposes only. The AISC Web site at www.aisc.org contains a lot of useful information and resources related to steel design and construction, including the Modern Steel Construction magazine and the Steel Solutions Center, among others. Modern Steel Construction regularly publishes useful and interesting articles related to the practical design and construction of steel structures.



1-8THE STRUCTURAL STEEL DESIGN AND CONSTRUCTION PROCESS


The design process for a structural steel building is iterative in nature and typically starts out with some schematic drawings developed by the architect for the owner of a building. Using these schematic drawings, the structural engineer carries out a preliminary design to determine the preliminary sizes of the members for each structural material and structural system (gravity and lateral) considered. This information is used to determine the most economical structural material and structural system for the building. After the structural material and structural systems to be used are selected, this is followed by the final design phase where the roof and floor framing members and the lateral force resisting systems (LFRS) are laid out and all the member sizes are proportioned to resist the applied loads. This process results in a set of construction documents that include structural plans, sections, details, and specifications for each of the materials used on the project. The final design phase is followed by the construction phase, which includes shop drawing production and review, and the fabrication and erection of the building. During the shop drawing phase, the steel fabricator’s detailer uses the structural engineer’s drawings to prepare a set of shop drawings that are sent to the structural engineer for review and approval. The shop drawing review process provides one last opportunity for the design engineer to ensure that the fabrication drawings and details meet his/her design intent as presented in the contract documents. Once the shop drawings are approved, steel fabrication and erection can commence. The importance of proper fabrication and erection procedures and constructible details to the successful construction of a steel project cannot be overemphasized.

In the United States and Canada, the design of simple connections (i.e., simple shear connections) is sometimes delegated by the structural engineer of record (EOR) to the general contractor and their steel fabricator; the steel fabricator typically hires a third party structural engineer to design these connections using the loads and reactions provided by the engineer of record (EOR) on the structural drawings and/or specifications. The connection designs and the detail drawings of the connections are also submitted to the structural engineer of record for review and approval. In other cases, especially for the more complicated connections such as moment connections, the EOR may provide schematic or full connection designs directly to the fabricator. During the construction phase, although the structural engineer of record may visit the construction site occasionally, it is common practice for the owner to retain the services of a materials inspection firm – especially when special inspections are mandated by the code — to periodically inspect the fabrication and erection of the structural steel to ensure that the construction is being done in accordance with the structural drawings and contract specifications.



1-9GRAVITY AND LATERAL LOAD PATHS AND STRUCTURAL REDUNDANCY


The load path is defined as the route through which a gravity or lateral load is transmitted from its point of application on the structure to the foundation and the supporting soil or bedrock. It is important that the structural engineer develop an adequate continuous load path when designing a structure because any structural deficiency in the integrity of the load path could lead to collapse; gaps or discontinuity in the load path commonly result from inadequate connections between adjoining structural elements rather than the failure of an individual structural member. The typical path of a gravity load from its point of application on the structure to the foundation is as follows: The gravity load applied to the roof or floor deck or slab is transmitted horizontally to the in-fill beams, which in turn distribute the load horizontally to the girders. The girders and the beams along the column lines transfer the load as vertical reactions to the columns, which in turn transmit the load safely to the foundation and to the ground or bedrock. So, in essence, the flow of gravity load is as follows: Load applied to the Slab or Roof Deck [image: image] Beams [image: image] Girders [image: image] Columns [image: image] Foundations. The gravity load path is illustrated in Figure 1-22.


[image: image]

FIGURE 1-22Gravity load path



For the lateral wind load path, the wind load is applied directly to the surface area of the vertical wall on the windward side of the structure, and this wall bends vertically and transfers the horizontal reactions to the horizontal roof or floor diaphragms. The horizontal diaphragms transfers the lateral wind load to the vertical lateral force resisting system (LFRS) - (e.g., moment-resisting frame, braced frame, or shear wall) – that have their longitudinal axis parallel to the lateral load, and these vertical lateral force resisting systems then transmit the lateral loads to the foundation and the soil or bedrock. So, in essence, the flow of lateral wind load is as follows: Wind pressure on the windward vertical wall surface area [image: image] Roof or Floor Diaphragm [image: image] Vertical Lateral Force Resisting System [image: image] Foundations. The lateral load path for wind loads is illustrated in Figure 1-23.


[image: image]

FIGURE 1-23Lateral load path



The seismic lateral load path begins with ground motion or shaking of the structure from a seismic event, which results in inertial forces being applied to the building structure at its base (i.e., the base shear). The base shear is assumed to be distributed to each diaphragm level and the lateral seismic forces are assumed to be concentrated at the floor and roof diaphragm levels; the diaphragms, in turn, transmit the lateral seismic load to the vertical lateral force resisting systems (LFRS) that have their longitudinal axis parallel to the seismic lateral load, and the vertical LFRS transmits the lateral load to the foundation and then to the soil or bedrock. In essence, the seismic lateral load path is as follows: Ground motion [image: image] Base shear [image: image] Diaphragm lateral loads [image: image] Vertical Lateral Force Resisting System [image: image] Foundations.

Structural redundancy—which is highly desirable in structural systems—is the ability of a structure to support loads through more than one load path, thus preventing progressive collapse when the only load path fails. In a redundant structure, there are alternate load paths available so that failure of one member does not lead to failure of the entire structure; thus, the structure is able to safely transmit the load to the foundation through the alternate load paths.



1-10ROOF AND FLOOR FRAMING LAYOUT


Once the gravity loads acting on a building are determined, the next step in the design process, before any of the structural members or elements can be designed, is to lay out the roof and floor framing, and the lateral force resisting systems. In this section, the criteria for the economical layout of roof and floor framing are presented. The self-weight of roof and floor framing (i.e., beams and girders) varies from approximately 5 psf to 10 psf. In calculating the allowable loads of roof and floor decks using proprietary deck load tables, the self-weight of the framing should be subtracted from the total roof or floor loads since the beams and girders support the deck and the loads acting on it. The proprietary deck load tables for some manufacturers are based on service loads.

In laying out roof or floor framing members (i.e., the deck, the beams, and the girders), the following criteria should be noted for constructability and economy:


	The in-fill beams or joists (supported by the girders) should be framed in the longer direction of the bay, while the girders should span in the shorter direction. Thus, the girder length should be less than or equal to the length of the in-fill beam or joist. This ensures optimum beam and girder sizes.

	To reduce labor cost and simplify the design, reduce the number of in-fill beams by using optimum beam spacing. The fewer the in-fill beams, the fewer the beam-to-girder connections that must be fabricated and erected. It is also economical to group together member sizes; for example, rather than using a mix of beam sizes, it may be more economical to use the larger beam size, thus standardizing all the beam connections and simplifying the erection [32].

	Avoid skewed beam-to-girder or beam-to-column connections with small acute angles as much as possible because they are costly to erect and fabricate.

	The in-fill beams along the column lines should be connected to the web of the steel columns, while the girders should be connected to the column flanges because the girders support heavier loads and therefore have reactions that are, in general, greater than those of the in-fill beams. This arrangement ensures that the moments from the girder reactions are resisted by the column bending about its stronger axis (see Chapter 8).

	The span of the deck should be as close to the Steel Deck Institute (SDI) maximum allowable span [33] as possible to minimize the required number of infill beams or joists, and therefore the number of connections. The maximum deck span required to satisfy the Factory Mutual fire-rating requirements may be more critical than the SDI maximum allowable span, and this should be checked.

	As much as possible, specify 22-gauge or 20-gauge decks because these are the most commonly available deck thicknesses. Other deck thickness, such as the 18-gauge deck can be obtained, but at a higher or premium cost.

	Decks are available in lengths of 30 ft. to 42 ft. and widths of 2 ft. to 3 ft. and these parameters should be considered in the design of the deck. It should be noted that deck lengths longer than 30 ft. are often too heavy for two construction workers to safely handle on site.

	Roof decks are readily available in 1½-in. and 3-in. depths, with gauges ranging from 16-ga through 22-ga; however, the 22-ga wide-rib deck is more commonly used in practice.

	Floor decks are readily available in 11/2-in., 2-in., and 3-in. depths, with gauges ranging from 16-gauge through 22-gauge; however, the 20-gauge and the 18-gauge wide-rib decks are more commonly used. Floor decks can be composite or noncomposite. Composite floor decks have protrusions inside the deck ribs that engage the hardened concrete within the ribs to provide the composite action between the metal deck and the concrete in resisting the floor loads. Noncomposite floor decks do not have these protrusions and are called form decks. The form deck does not act compositely with the concrete slab in resisting gravity loads, but acts only as formwork to support the wet weight of the concrete during construction. Therefore, the concrete slab alone must be reinforced (usually with welded wire fabric) to support the applied loads.

	Noncomposite floor deck (i.e., form deck) is available in depths ranging from 9/16 in. to 3 in. and in gauges ranging from 16-gauge to 28-gauge.

	Although 3-in.-deep deck costs more than 1½-in. deck, they can span longer distances, and thus minimize the number of in-fill beams and connections used.

	To protect against corrosion, roof and floor decks could be painted or galvanized (G60 galvanized or G90 galvanized), but where spray-applied fire protection is to be applied to the deck, care should be taken in choosing a classified paint product to ensure adequate bonding of the fireproofing to the metal deck.

	To maximize the strength or capacity to support gravity loads, the deck should be selected to span over at least four beams, creating a deck that is continuous over three spans with its inherent redundancy (i.e., the so-called 3-span deck). This 3-span deck configuration implies that the minimum length of deck that the contractor can use on site will be three times the spacing between the beams or joists, and since the number of beam or joist spacings may not necessarily be a multiple of three, the deck sheets will have to be overlapped.

	Note that the load capacities given in the referenced roof and floor deck tables may be unfactored. In the roof deck load capacity tables, the unfactored allowable total load are tabulated, whereas in the floor deck load capacity tables, the superimposed load capacity are tabulated. This superimposed load capacity should be compared to the applied superimposed floor load which is the total unfactored dead and live load on the floor deck less the self-weight of the concrete slab and the composite metal deck.



In designing any structure, the reader should strive for simplicity in the structural layout and details, and not just focus solely on achieving the least weight for the steel members, because labor costs, which consist of steel fabrication and erection, are about 67% of the total construction costs, with material costs being only about 33% [34]. Thus, the least weight may not necessarily always result in the least cost. In addition, the engineer needs to understand or have a feel for how the steel structure will be erected, and when in doubt, it is advisable to check with a local steel fabricator. The sizing of roof and floor decks, and the layout of roof and floor framing members are illustrated in the following two examples.

EXAMPLE 1-3

Roof Framing Layout

A roof framing plan (see Figure 1-24) consists of 30-ft. by 40-ft. bays, supporting a total dead load of 30 psf and a roof snow load of 50 psf. Determine the layout of the roof deck and the size of the deck. Assume a self-weight of 5 psf for the steel framing.


[image: image]

FIGURE 1-24Roof framing layout for Example 1-3



Solution

The roof deck supports the total dead load less the weight of the steel framing.

Dead load on the roof deck alone = 30 psf − 5 psf (weight of steel framing) = 25 psf
Snow load on the roof = 50 psf
Total unfactored dead plus snow load on the roof deck = 25 psf + 50 psf = 75 psf
For our example, let us try a 1½-in. by 20-ga galvanized wide-rib deck (the reader should refer to the Vulcraft Steel Roof and Floor Deck Manual [33]) or similar deck manufacturers’ catalogs.
Maximum SDI allowable deck span without shoring during construction = 7 ft. 9 in.
Preferably, the deck should span continuous over at least four beams (i.e., 3-span deck).
It should be noted that the deck span selected must be less than or equal to 7 ft. 9 in. (i.e., the maximum span), and, in addition, the selected deck span must be a multiple of the shorter bay dimension.
Try a 7-ft. 6-in. span (a multiple of the 30-ft. bay dimension) which is < 7 ft. 9 in., OK.
Allowable total load = 72 psf < 75 psf, therefore, the deck selected is not adequate for strength under total loads.
Allowable total load that causes a deflection of L/240 or 1-inch = 62 psf which is less than the applied total dead plus live load of 75 psf. Therefore, the deck selected is also not good for the deflection criteria under total load.
The next lower multiple of 30 ft. is 6 ft. 0 in. Therefore, try a 22-gauge deck with a span of 6 ft. 0 in., resulting in five equal spaces per bay.
For this span, the allowable total deck load = 89 psf > the applied total load of 75 psf OK.
Allowable total load that causes a deflection of L/240 or 1 inch = 97 psf which is greater than the applied total dead plus snow load of 75 psf. Therefore, OK.
Therefore, use 1.5-in. by 22-ga wide-rib galvanized metal deck with in-fill beams @ 6' 0" o.c.

EXAMPLE 1-4

Floor Framing Layout

A typical floor framing plan (see Figure 1-25) consists of 30-ft. by 40-ft. bays and supports a total floor dead load of 80 psf and a floor live load of 150 psf. Determine the layout of the floor framing and the size of a composite floor deck assuming normal-weight concrete.


[image: image]

FIGURE 1-25Floor framing layout for Example 1-4



Assume a self-weight of 7 psf for the framing.

Solution

Self-weight of steel framing = 7 psf
Dead load on the floor deck alone = 80 psf – 7 psf = 73 psf
Floor live load = 150 psf
The total applied floor deck load = 73 psf + 150 psf = 223 psf
The reader should refer to the Vulcraft Steel Roof and Floor Deck Manual [33] or similar manufacturers’ deck catalogs.
Try 2½-in. concrete slab on 3-in. by 20-ga galvanized composite metal deck.
Total maximum slab depth = 2½ in. + 3 in. = 5½ in.
For the 3-span deck condition, we find from the floor deck load tables that
Maximum allowable floor deck span without shoring during construction = 12 ft. 4 in.
Self-weight of concrete = 51 psf (see the Vulcraft deck load tables)
Self-weight of deck [image: image]
Total dead load of the steel deck plus the concrete slab = 53 psf
Applied superimposed load on deck and slab = (the total applied floor deck dead load plus live load – the self-weight of the concrete and composite deck) = 223 psf – 53 psf = 170 psf
Note that the deck span selected must be less than or equal to 12 ft. 4 in., the maximum allowable span for this deck without shoring when it spans over a minimum of three spans. In addition, the selected deck span must be a multiple of the shorter bay dimension of the floor.
Try a 10-ft. 0-in. deck span (a multiple of the 30-ft. bay dimension) < 12 ft. 4 in. OK.
Allowable superimposed load on the floor deck at 10-ft. span = 159 psf

< applied superimposed load on the deck =170 psf.
Not good.

The next lower multiple of 30 ft. is 7 ft. 6 in. Therefore, try a deck span of 7 ft. 6 in., resulting in four equal spaces per bay.
For the 7 ft.-6 in. span, the allowable superimposed load = 247 psf (from the Vulcraft Deck load tables) > 170 psf. OK.

Therefore, use 2½-in. concrete slab on 3-in. deep 20-ga galvanized composite metal deck with in-fill beams spaced at 7' 6" o.c.



1-11SUSTAINABILITY IN THE DESIGN AND CONSTRUCTION OF STEEL STRUCTURES


Sustainability has been defined as “meeting the needs of the present without compromising the capability of future generations to meet their own needs.” In the United States, buildings account for approximately 40% of all energy usage [35, 36]. Consequently, there has been a growing trend toward sustainable design and construction of steel structures, where the focus is on minimizing negative environmental impact. The most common and popular rating system for the design of “green” buildings is the United States Green Building Council’s (USGBC) Leadership in Energy and Environmental Design (LEED) certification system introduced in 1998. This is a point-based building evaluation system that involves a checklist of the “quantifiable aspects of a project” [37, 38]. In the LEED 2009 rating system, the following levels of certification are possible using third-party verification: LEED Silver, LEED Gold, and LEED Platinum. Several structural, as well as nonstructural, issues are considered in calculating the LEED points for buildings. In many cases, the nonstructural issues, such as natural lighting, the type of paint used, the type of heating, ventilation, and air-conditioning (HVAC) systems, and the type of roofing membrane and system, play a greater role in the calculation of the LEED points than do the structural components. Building materials also have an impact on the environmental footprint of a building — from the energy required in the process of manufacture or production, plus the energy required to transport the structural material to the project site, and the energy required for the erection process. The environmental impact of building materials remains relatively flat throughout the life span of a building, whereas the impact of the non-structural building systems (such as HVAC, lighting, etc.) continues to increase over the life span of the building. However, as the nonstructural building systems become more energy efficient, the relative impact of the building materials on the environmental footprint of a building will increase. It is worthwhile that structural engineers include sustainability principles in their designs, working collaboratively with all stakeholders—including fabricators, mechanical and electrical engineers—to arrive at the most efficient and optimal structure from the standpoint of design, fabrication, and erection. Using modern tools like building information modeling (BIM) to coordinate the various aspects of a structure, interferences and the resulting costly redesigns or changes during construction can be minimized [35, 36].

The current version of LEED (Leed Version 4.0) follows a performance-based approach in the areas of project design, operation, and maintenance that requires measurable results throughout the lifecycle of the project [38]. Life-cycle assessment of the building structure and its envelope takes on greater importance in LEED version 4.0. The Structural Engineering Institute (SEI) of the American Society of Civil Engineers (ASCE) has published a guide titled, “Whole Building Life Cycle Assessment (WBLCA)–Reference Building Structure and Strategies” [40, 41] that can aid the structural engineer in designing buildings that minimize environmental impact. The American Institute of Steel Construction (AISC) has developed Environmental Product Declarations (EPDs) for structural steel sections, plates, and hollow structural sections that provide information about the average environmental lifecycle impact of these products including the impact from the manufacturing and fabrication processes. These EPDs are updated every five years and can found out the AISC web page at https://www.aisc.org/epd. The State of California has already enacted legislation that mandates suppliers of construction materials for state sponsored projects to report the EPDs for the products used, including structural steel.

Some suggestions for reducing lifecycle impacts that are within the purview of the structural engineer include the following: using the least amount of material; using low cement concrete; using structural details that minimize energy loss; using structural systems that are de-constructible; and using alternate structural systems that have a lower carbon footprint [42]; for example, using steel braced frames instead of moment-resisting frames for the lateral force resisting system may lead to a reduction in the carbon footprint [48]. Since each structural component has a carbon footprint because of the embodied energy involved in its production through its erection in a structure, their environmental impact on a project can be minimized by optimizing the member sizes and limiting the distance from the building site to the location where the material is sourced or produced.

The structural engineer can also contribute to operational energy savings on a project by avoiding structural details where the structural steel members penetrate the building envelope or by minimizing thermal bridging. Thermal bridging occurs when heat flows across a building envelope (i.e., across the building’s exterior wall or roof or exposed ceiling) from a higher temperature space to a lower temperature space through a highly conductive structural steel member [41, 42]. Some examples of the conditions where thermal bridging occurs, and therefore thermal breaks are needed—because of penetration of the building envelope by structural steel members—include the following [41, 42]:


	Balcony and overhang framing that extend from the temperature-controlled interior part of the building to the exposed exterior part of the building,

	Exposed exterior steel columns supporting a floor framing and penetrating an exterior ceiling or soffit,

	Parapets,

	Shelf angles,

	Rooftop posts or stub columns that are used to support rooftop units or equipment and are connected to the roof structural framing,

	Entrance canopy beams supported by interior girders or columns.



Thermal bridging or heat flow from a high temperature space to a lower temperature space across a thermal barrier (e.g., a building’s exterior wall) - causes condensation issues and energy loss from the inside of the building through the highly conductive steel material; thermal bridging effects can be mitigated by using structural thermal break or low thermal conductivity materials as shims or in-fill between the exposed structural steel member and the protected interior structural steel framing which are bolted together. The thermal break material prevents direct contact between the interior and exterior steel members, thus preventing energy loss while ensuring structural integrity. Examples of structural thermal break materials include fiber reinforced plastic (FRP) shims, and several other proprietary products [41, 42, 43, 44]. There are currently no code provisions in the United States addressing the design and installation of structural thermal breaks [44].
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Exercises

1-1.List three advantages and disadvantages of steel as a building material, and research the Internet for the three tallest steel building structures in the world, indicating the types of gravity and lateral load resisting systems used in these buildings.

1-2.List the various types of standard shapes available in the AISCM.

1-3.What are the smallest and the largest wide flanges or W-shapes listed in the AISCM?

1-4.Determine the self-weight, moment of inertia (Ix), and cross-sectional areas for the following hot-rolled standard sections:

W14 × 22

W21 × 44

HSS 6 × 6 × 0.5

L6 × 4 × ½

C12 × 30

WT 18 × 128

1-5.Determine the weight, area, and moment of inertia (Ix) of the built-up sections in Figure 1-26:


[image: image]

FIGURE 1-26Compound shapes for Exercise 1-5



1-6.List the basic structural elements used in a steel building.

1-7.Determine the most economical layout of the roof framing (joists and girders) and the gauge (thickness) of the roof deck for a building with a 25-ft. by 35-ft. typical bay size. The total roof dead load is 25 psf and the snow load is 35 psf. Assume a 1½-in.-deep galvanized wide-rib deck and an estimated weight of roof framing of 6 psf.

1-8.Repeat Exercise 1-7 using a 3-in.-deep galvanized wide-rib roof deck.

1-9.Determine the most economical layout of the floor framing (beams and girders), the total depth of the floor slab, and the gauge (thickness) of the floor deck for a building with a 30-ft. by 47-ft. typical bay size. The total floor dead load is 110 psf and the floor live load is 250 psf. Assume normal-weight concrete, a 1½-in.-deep galvanized composite wide-rib deck, and an estimated weight of floor framing of 10 psf.

1-10.Repeat exercise 1-9 using a 3-in.-deep galvanized composite wide-rib deck.

1-11.A steel floor girder in an existing building needs to be strengthened by welding a structural member to its bottom flange. The steel grade is unknown, but material testing has revealed the following percentages by weight of the following alloy chemical elements in the girder:



	C
	= 0.16%



	 Cr
	= 0.10%



	 Cu
	= 0.20%



	Mn
	= 0.8%



	Mo
	= 0.15%



	 Ni
	= 0.25%



	  V
	= 0.06%



	  Si
	= 0.20%




Calculate the CE and determine the weldability of the structural steel.

1-12.A steel building is 900 ft. long, and it has been decided to provide expansion joints every 300 ft. If the maximum anticipated temperature change is 70°F,


a.determine the required minimum size of the expansion joint.

b.If the expansion joint along a W24 x55 girder line were to be inadvertently restrained from expanding or contracting, calculate the magnitude of the axial force in kips that will be exerted on the beam and its end connections due to this restraint.



1-13.For the steel framing plan shown in Figure 1-27, select an appropriate deck from a metal deck manufacturers load table. The snow load is 32 psf and the dead load including the deck is 27 psf (service loads). Provide the reference material for the deck selection from the manufacturer.


[image: image]

FIGURE 1-27Roof Framing Plan for Exercise 1-13



1-14.The framing plan in Figure 1-28 shows a steel-framed platform supported at the four corners for gravity loads. Beams B-1 and B-2 framed into G-1 and G-1 are supported at each end by a hanger.


a.Select an appropriate deck from a manufacturer’s load table. The service live load is 250 psf and the service dead load is 20 psf plus the concrete and deck. Provide the reference material for the deck selection from the manufacturer.

b.Describe the complete load path for a point load on the middle of the deck.




[image: image]

FIGURE 1-28Platform framing plan and sections for Exercise 1-14



1-15.For the steel framing plans shown in Figure 1-29, select the one that is the most ideal and provide two reasons to support your answer.


[image: image]

FIGURE 1-29Steel framing plans for Exercise 1-15



1-16.Determine an appropriate floor deck thickness (gauge) and beam spacing for the typical bay and floor deck detail shown in Figure 1-30. Note that the depth of the composite metal deck and the total depth of the concrete-on-metal deck are given. Assume only a 2-span condition exists. Total floor dead load = 80 psf (includes the weight of the floor slab and deck) and the live load is 175 psf. Neglect the weight of the framing in your calculations.


[image: image]

FIGURE 1-30Typical bay and floor deck for Exercise 1-16



1-17.Determine the moment of inertia about the x–x axis and the weight per foot of the composite shapes in Figure 1-31.


[image: image]

FIGURE 1-31Composite shapes for Exercise 1-17



1-18.Considering a section through the rectangular hole shown in the beam in Figure 1-32, determine the area, weight per foot, and moment of inertia (Ix) for this shape and explain where a hole like this would occur in a steel structure.


[image: image]

FIGURE 1-32Beam with an opening in the web for Exercise 1-18



1-19.Using the appropriate stress distribution, and the equilibrium of forces and moments from statics and mechanics of materials, derive the equations for the elastic section modulus (Sxx) and the plastic section modulus (Zxx) for a solid rectangular section with a width, b, and a depth, h. Calculate the Zx/Sx ratio for a 13" × 82" deep rectangular section.

1-20.A built-up T-section has a flange that is 10 inches wide by 2 inches thick and a web that is 18 inches deep by 2 inches thick, giving a total depth of 20 inches for the T-section. Determine the following section properties:


a.The location of the elastic neutral axis (ENA), ye, measured from the top of the T-section.

b.The moment of inertia, Ix, about the strong axis of the T-section.

c.The elastic section modulus, Sx, of the T-section.

d.The location of the plastic neutral axis (PNA), yp, measured from the top of the T-section.

e.The plastic section modulus, Zx.



1-21.Using the appropriate stress distribution, and the equilibrium of forces and moments from statics and mechanics of materials, derive the equations (and calculate the values) for the elastic section modulus, Sx, and the plastic section modulus, Zx, for the wide flange built-up section shown in Figure 1-33. Calculate the Zx/Sx ratio for the section. Compare the Zx/Sx ratio for this built-up wide flange section to that of the solid rectangular section in Exercise 1-19 and discuss your observations.


[image: image]

FIGURE 1-33Built-up shape for Exercise 1-21






CHAPTER

 2

Design Methods, Load Combinations, and Gravity Loads and Load Paths

2-1INTRODUCTION TO DESIGN METHODS


The intent of structural design is to select structural systems, member sizes, and connections whose strength or capacity is greater than or equal to the effect of the applied loads (the demand), and whose vertical and lateral deflections, floor vibrations, and lateral accelerations are within the allowable limits. There are two main methods prescribed in the AISC Specification [1] for the design of steel structures: Load and Resistance Factor Design (LRFD) method and Allowable Strength Design (ASD) method; however, Appendix 1 of the specification also allows the use of inelastic methods of design such as the plastic design (PLD) method [1].

The LRFD requirements presented in the AISC 2016 specification for structural steel buildings are similar to the previous three LRFD Specifications. The allowable strength design method in the AISC 2016 specification is similar to the allowable stress design method in previous specifications in the sense that both are carried out at the service load level. The difference between the two methods is that the provisions for the allowable strength design method are given in terms of forces in the AISC 2016 specification, while the provisions for the allowable stress design method were given in terms of stresses in previous specifications prior to 2010. It should be noted that in the current AISC specification, the design provisions for both the ASD and LRFD methods are based on limit state or strength design principles. In both methods, the design should be such that no applicable strength or serviceability limit states are exceeded. For the strength limit state (e.g., yielding, rupture, buckling, etc.) in the LRFD method, the goal is to not exceed the ultimate load capacity of the structural member or structural system under the factored design loads; for the ASD method, the goal is not to exceed the allowable load under the service design loads. For the serviceability limit state (e.g., deflections, lateral drift, vibrations, lateral acceleration, crack widths), the goal is for the structural member or structural system to remain functional and to serve its intended purpose under the service or unfactored loads. Both the ASD and LRFD methods as presented in the AISC Specifications (and indeed other specification-based prescriptive codes) provide a sense of whether an individual structural member or element is safe or not, but it does not provide any information on the expected level of damage in the structural member nor does it provide any information on the system-level structural behavior or performance under a given hazard or hazard level. These prescriptive codes are based on performance measures that emphasizes life safety (i.e., no loss of life), though the structure may be damaged beyond repair. The prescriptive codes provide defined quantitative values of load capacity and/or member size depending on the occupancy of the building and the type of structural system. These codes provide the minimum requirements to ensure life safety, but the owner of a structure may request a higher level of safety than provided in the prescriptive codes, though this would result in higher costs to the owner. The current Steel Construction Manual (AISCM) [1] presents a dual side-by-side approach—ASD and LRFD—for all the design aids and tables, with the nominal or theoretical strength of the member (i.e., Pn, Vn, Mn, etc.) being the same for both design methods. The three design methods for steel structures—LRFD, ASD, and the plastic design method—are discussed in this chapter, but only the ASD and LRFD methods are used in subsequent chapters, except that the plastic design method is further discussed in Appendix A.

Load and Resistance Factor Design Method

The LRFD method is a reliability or probabilistic-based limit state design approach that takes into account the uncertainties or statistical variations in the strength of a structural member and the loads acting on the member, and the type of failure (e.g., ductile versus brittle failure) using different load and resistance or strength reduction factors; in contrast, the ASD method is a deterministic design approach that accounts for uncertainties in the loads and strength, and the type of failure using only one uniform empirical factor of safety. The factor of safety in the ASD method does not account for the different statistical variabilities of the different loadings acting on the structural member. The uncertainties in structural design arise from the variability in material properties and member dimensions; the variability in the loads acting on the structure; and the variability in the strength or capacity of the structure or member; and the limitations of the structural model and methods of analyses [20].

In the LRFD method, the safety margin is realized by using load factors (that are usually greater than 1.0) and resistance or strength reduction factors (usually less than 1.0); these factors are determined from probabilistic analysis, based on a survey of the reliability indices inherent in existing buildings [2, 3], and a preselected reliability index that accounts for the risks, the consequences, and the modes of failure of the structural member. The load factors vary depending on the type of load because of the different degrees of uncertainty in predicting each load type; the strength reduction factors prescribed in the AISC specification also vary depending on the load effects, again to account for the varying uncertainties in predicting the strengths for the different load effects. For example, dead loads are more easily predicted than live or wind loads; therefore, the maximum load factor for dead load is generally less than that for live load or wind load. The load factors account for the possibility of overload in the structure.

In the ASD method, the safety margin for a structural member is realized by reducing the nominal resistance by a single factor of safety which is independent of the type of applied loads, but dependent on the mode of failure of the structural member. The fundamental difference between the ASD and the LRFD methods is that the ASD method uses only one safety factor to account for all the uncertainties in the loads on the structural member and the strength of the structural member, whereas the LRFD method uses different factors (i.e., the load factors) for the different load types and another factor (the resistance factor) for the structural strength [3, 24]. Thus, the LRFD method provides more uniform reliability and level of safety for all members in the structure, even for different loading conditions. In the case of the ASD method, the level of safety is not uniform throughout the structure.

Probabilistic Framework of the Limit State Design Method

The intent of any structural design philosophy is to provide an acceptable level of safety. In the limit state design philosophy, due to the unpredictability of the loads acting on structures, the variability of material and section properties, and the uncertainties in our structural analysis and design methods coupled with the consequences of failure (e.g., failure of a building used for public assembly versus a farm shed) and the modes of failure (e.g., whether ductile or brittle failure), both the loads or load effect, Q, and the resistances or strength, R, are treated as independent random parameters [1, 2, 3, 24]. A frequency distribution of the load effect, Q, and the resistance, R, is depicted in Figure 2-1.

Whenever R > Q, there is a margin of safety against collapse or failure of the structure, and the structural behavior is satisfactory [24]. However, since R and Q are random variables, there is a possibility that in certain situations, the resistance, R, may be less than the load effect, Q, in which case, the structural behavior will be unsatisfactory, and the structure will have reached a limit state where its performance is no longer satisfactory. The shaded area in Figure 2-1 represents the conditions when R < Q, and the area of this overlap represents the probability of failure. For any structure, we cannot be 100% certain that Q will never be less than R. The goal is to make the overlap area as small as possible so that the probability of failure of the structure is at an acceptably low, but finite, level [24]. Since R and Q are random variables, it is possible to estimate the means (Rm and Qm) and the standard deviations or coefficient of variations, VR and VQ, of the variables that make up R and Q for typical structural elements and structural loadings. Figure 2-1 is replotted in Figure 2-2 with the horizontal axis as the natural logarithm of (R/Q) or ln(R/Q). In Figure 2-1, when R-Q < 0 or R/Q < 1, the structure is deemed unsafe; similarly, in Figure 2-2, when ln(R/Q) < ln(1) (i.e., ln(R/Q) < 0), the structure is deemed unsafe. Therefore, the shaded area in Figure 2-2 is the probability that failure will occur [24]. In deriving the LRFD method, a simple formula for the reliability index - which is a function of the mean values of R and Q, but independent of their actual distributions - is given as follows [1, 22, 23, 24]:


[image: image]

FIGURE 2-1Frequency distribution of load effect, Q and Resistance, R
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FIGURE 2-2Reliability index



[image: image]  (2-1)

Where,
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	=
	safety or reliability index
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	=
	mean value of the load effect, Q
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	=
	mean value of the resistance or strength, R
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	=
	coefficient of variation of the load effect or demand, Q = [image: image]
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	=
	coefficient of variation of the resistance or strength or capacity, R = [image: image]
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	=
	standard deviation of the load effect, Q
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	=
	standard deviation of the resistance or strength, R




[image: image] [image: image] in Figure 2-2

A higher value of [image: image] indicates a higher margin of safety. There is variation in the [image: image] values obtained for different live load-to-dead load (L/D) ratios and for different tributary areas, and for the different structural elements in a structure. The higher the L/D ratio, the lower the safety or reliability index, [image: image], since live load is more unpredictable or more variable than dead load. Conversely, the lower the L/D ratio, the higher the safety or reliability index. Also, ductile structural elements do not fail suddenly and therefore, they have a lower target reliability index while structural elements that are susceptible to sudden failures (e.g., brittle fracture) would require a higher target reliability index (see ASCE 7 Table 1.3-1 [2]). The target [image: image] value selected for bolted or welded connections in the LRFD method varied between 4 to 5; on the other hand, a target [image: image] value of 2.4 to 3.1, depending on the live load-to-dead load ratio, is selected for adequately braced compact rolled beams and tension members failing in yielding, both of which have a strength reduction factor, ϕ of 0.9 [1]. The higher [image: image] value selected for connections reflect the complexity in modeling their structural behavior, their mode of failure, and the relatively greater difficulty in installing connections [1]. In the LRFD approach, though the probability of failure is not directly computed for a given structure, the load and resistance factors were derived based on an acceptably low probability of failure or an acceptably high target reliability index, [image: image]. Therefore, structures that are designed to meet all the applicable code criteria for loads, strength and serviceability have an acceptably low risk or low probability of failure, which means that no structure is designed to be 100% failure proof or perfectly safe; some reasonable level of risk is assumed in the design of any structure. ASCE 7 Table 1.3-1 [2] gives the target annual probability of failure and the target reliability indices as a function of the modes of failure of the structural element and the four risk categories for all load conditions, except earthquake, tsunami or extraordinary events.

For a comprehensive discussion of the reliability-based design approach, the reader should refer to Ref. [3, 22, 24]. It should be noted that design and construction errors or carelessness and other human errors are not accounted for in the load and resistance factors or in the safety factor discussed previously in this section. Design and construction errors must be minimized through quality control processes by the engineer of record and the contractor.

As previously stated, the LRFD method uses a limit states design method; a limit state is the point at which a structure or structural member reaches its limit of usefulness. The basic LRFD limit state design equation requires that the design strength, ϕRn, be greater than or equal to the sum of the factored loads or load effects (i.e., the demand). Mathematically, this can be written as

[image: image]  (2-2)

where



	Rn
	=
	Theoretical or nominal strength or resistance of the member determined using the AISC specifications,



	Qu
	=
	Required strength or sum of the factored loads or load effects (or the demand) using the LRFD load combinations = [image: image] (e.g., for a structural member subjected to a floor dead load of D and a floor live load, L, Qu = 1.2D + 1.6L)



	Qi
	=
	Service load or load effect,



	ϒi
	=
	Load factor (usually greater than 1.0), and



	ϕ
	=
	Resistance or strength reduction factor (usually less than 1.0).




Note that the service load (i.e., the unfactored or working load), Qi, is the load applied to the structure or member during normal service conditions, while the factored or ultimate load, Qu, is the load applied on the structure at the point of failure or at the ultimate limit state.

Allowable Strength Design (ASD) Method

In the ASD method, a member is selected so that the allowable strength is greater than or equal to the applied service load or load effect, or the required strength, Ra. The allowable strength is the nominal or theoretical strength divided by a safety factor that is only dependent on the limit state being considered; that is,

[image: image]  (2-3)

where



	Rn/Ω
	=
	Allowable strength,



	Ra
	=
	Required allowable strength, or applied service load or load effect determined using the ASD load combinations, and



	Ω
	=
	Safety factor.




Note that the theoretical or nominal strength, Rn, is the same for both the LRFD and ASD methods. The safety factor is dependent on the mode of failure of the structural member or the limit state under consideration. As discussed previously, the allowable strength design method uses a single factor of safety to account for the uncertainties in the strength of the member and the applied loads on the member.

Relationship Between Safety Factor, Ω, L/D ratio, and Strength Reduction Factor, ϕ

For a structural member supporting a dead load, D, and a live load, L, the relationship between the factor of safety, the live load-to-dead load ratio (L/D) and the resistance factor, ϕ), can be derived as follows using equations (2-2) and (2-3), and noting that the factored load, [image: image]:

[image: image]

Multiplying the ASD equation above by ϕ and rearranging, we obtain, in the limit,

[image: image]

Substituting this equation into the LRFD equation, we obtain

or [image: image]

The factor of safety, Ω, can then be written as,

[image: image]  (2-4)

The factor of safety for different L/D ratios are shown in Table 2-1. Note that as the L/D ratio increases, the variability of the load increases because of the greater uncertainty inherent in live loads compared to dead loads, and hence the required factor of safety also increases.


TABLE 2-1 Factor of safety, Ω, versus L/D ratio

[image: image]




This means that when the variability of the load is low, a lower factor of safety can be tolerated. Also, the factor of safety, Ω, is inversely proportional to the strength reduction factor, ϕ.

The higher the strength reduction factor, the lower the required factor of safety. For instance, from the factor of safety equation (2-4), we find that a structural member with an L/D ratio of 3 and a strength reduction factor of 0.9 results in a required factor of safety of 1.67, whereas a member with an L/D ratio of 3 and a strength reduction factor of 0.75 results in a required factor of safety of 2.0.

The original LRFD Specification was calibrated to the 1978 ASD Specification at a L/D ratio of 3; this yields factors of safety, Ω, of 1.67 and 2.0 for ϕ = 0.9 and ϕ = 0.75, respectively [1, 24]. The probabilistic-based design methods such as the LRFD method produce more reliable and potentially more economical designs that have an “acceptably low probability of failure” compared to the ASD method. Other examples of reliability or probabilistic-based prescriptive codes include the American Concrete Institute Code (ACI 318), the AASHTO Bridge Code, and the LRFD method for structural wood design in the National Design Specification (NDS) for Wood Structures.

Plastic Design Method (PLD)

Plastic design is an optional method in Appendix 1 of the AISC Specifications that can be used for the design of continuous steel beams and girders. In the plastic design method, the structure is assumed to fail after formation of a plastic collapse mechanism due to the presence of plastic hinges. The load at which a collapse mechanism forms in a structure is called the collapse or ultimate load; the load and resistance factors used for plastic design are the same as those used in the LRFD method. The plastic analysis and design of continuous beams is presented in Appendix A of this text.

Performance-based Design (PBD) Method

The prescriptive methods previously discussed are meant to satisfy the life safety goals by achieving a low probability of failure (see ASCE 7 Table 1-3.1 [2]), and the serviceability requirements. However, these methods do not specify or indicate the expected damage levels or the specific performance levels. That is, the extent of the damage that might be incurred by a structure or structural member after a hazard event is not specified or indicated in the prescriptive codes.

A design method that is increasingly being used for the seismic design of tall buildings, and is now permitted in the International Building (IBC) as an alternative design method, is Performance-based Design (PBD). PBD is a design approach that focus on goals beyond life safety. It is based on defined performance objectives; these performance objectives and corresponding damage levels are jointly determined by the project stakeholders and they are dependent on the specific hazard and its intensity, as well as the occupancy and therefore the risk category of the structure. Other factors include the importance of the structure to the resilience and recovery of the community after a hazard event, and the acceptable risk of casualties and financial loss that the owner of the structure and the community is willing to bear [21, 33, 34]. From the performance objectives, the design strategy to achieve each objective is developed. These performance objectives are intended to result in an economical structure with better performance than the minimum design options specified in the prescriptive life-safety codes (e.g., ACI 318, AISC 360, NDS, AASHTO, etc.). The PBD method can also result in more design creativity and innovation - attributes that are thought by some to be hampered by the prescriptive or specifications-based codes. In PBD, the engineer of record (EOR) for the structure must prove to a peer review committee and the Code official either through analysis or testing that the PBD method will result in a structural system that meets the performance objectives and that is of equal or better performance than the prescriptive code-designed structure. PBD is currently mostly used in the seismic engineering of tall buildings, but its extension to other hazard events is only a matter of time. The typical performance or expected damage levels in PBD are categorized as follows [21]:

Level 1 or Mild Damage Level: After the hazard event, there is no structural damage and the structure is safe to occupy and is functional (i.e., immediate occupancy – IO). Injury levels are minor and damage to the building contents is minimal.

Level 2 or Moderate Damage Level: The structure has some structural and non-structural damage, but it can be repaired, and can be occupied and operational while the repairs are being carried out. Injury levels are moderate, and the likelihood of mass casualties is very low.

Level 3 or High Damage Level or Life Safety Level: There are both significant structural and non-structural damage and repair is possible but will take some time and result in delays in the re-occupancy of the structure. There might be moderate levels of injuries; the likelihood of mass casualties is low. This performance level is closest to the life-safety level, the same minimum level provided in the prescriptive or specification-based codes, such as the AISC Specifications. For instance, this performance level for seismic hazard corresponds to the earthquake resistant design of structures subjected to the design earthquake equal to two-thirds of the maximum considered earthquake ground motion or (2/3)MCE (see Chapter 3).

Level 4 or Severe Damage Level or Collapse Prevention Level: There is severe and substantial structural and non-structural damage though there is no structural collapse, but the structure is not repairable and will have to be demolished; and there are occupancy injuries and likelihood of death due to injuries from this “near collapse level.” Note that the building may collapse due to seismic aftershocks. This performance level is the basis for the earthquake resistant design of structures subjected to the maximum considered earthquake ground motion or MCE (see Chapter 3).

Depending on the risk category of a building and the intensity of a hazard event, a performance or damage level may be specified. The designer would then relate the selected performance level to the analysis and design of the structural systems. For example, a moderate damage level (Level 2) could be specified for a risk category IV building under a very large or very rare earthquake event (2500-year mean return period (MRI) earthquake), or a “severe damage level” (level 4) might be specified for a risk category II building. The structure is then analyzed under this seismic hazard level using sophisticated non-linear analytical techniques like the finite element method to obtain the damage levels in the structural members. The goal is to ensure that the damage levels in the structural members do not exceed the specified damage level. For more information on PBD, the reader should refer to Ref. [21, 33, and 34].



2-2STRENGTH REDUCTION OR RESISTANCE FACTORS


The strength reduction or resistance factors (ϕ) account for the variability of the material and section properties and are, in general, usually less than 1.0. These factors are specified for various limit states in the AISC specification and are shown in Table 2-2.

TABLE 2-2 Resistance Factors


	Limit state
	Resistance factor (ϕ)

	Shear
	1.0 or 0.9

	Flexure
	0.90

	Compression
	0.90

	Tension (yielding)
	0.90

	Tension (rupture)
	0.75





2-3LOAD FACTORS AND LOAD COMBINATIONS


The individual structural loads acting on a building structure do not act in isolation but may act simultaneously with other loads on the structure. Load combinations are the possible permutations and intensity of different types of loads that can occur together on a structure at the same time. The building codes recognize that all structural loads may not act on the structure or structural member at the same time and, the maximum magnitude of the multiple load types acting on a structure may not occur at the same time. The load combinations or critical combination of loads to be used for design are prescribed in the ASCE 7 Load Standard [2] and in Section 1605 of the International Building Code (IBC) [4]. These load combinations include the overload factors for the LRFD method, which are usually greater than 1.0, and account for the possibility of overload of the structure. For LRFD load combinations including flood loads, Fa, or atmospheric ice loads, or self-straining loads, T, the reader should refer to Sections 2.3.2, 2.3.3, and 2.3.4, respectively, of the ASCE 7 standard. It should be noted that for most building structures, the loads H, F, and T will be zero, resulting in more simplified load combination equations.

LRFD Load Combinations

The basic load combinations for LRFD (excluding fluid loads F and self-restraining force T, which will be zero for most building structures) are as follows:


	1.4D

	1.2D + 1.6L + 0.5(Lr or S or R)

	1.2D + 1.6(Lr or S or R) + (f1L or 0.5W)

	1.2D + 1.0W + f1L + 0.5 (Lr or S or R)

	0.9D + 1.0W  (D always counteracts or opposes W in this load combination)

	1.2D + Ev + Eh + f1L + 0.2S

	(0.9D − Ev) + Eh  (D always counteracts or opposes Ev in this load combination)



Where,



	f1
	=
	1 for areas of public assembly with live loads that exceed 100 psf, and parking garages.



	 
	=
	0.5 for all other live loads





NOTE:


	The above LRFD load combinations can also be obtained from IBC Section 1605.2.

	For LRFD, where the effect of the load, H, due to lateral earth pressure, or ground water pressure (hydrostatic pressure), or pressure of bulk materials adds to the primary variable load effect (L, Lr, S, R, W or E), the load factor on H shall be taken as 1.6.

	For LRFD, where H counteracts or resists the primary variable load effect, the load factor for H should be set equal to 0.9 when the load, H, is permanent (e.g., lateral soil pressure) or a load factor of zero for all other conditions. (ASCE 7 Section 2.3.1). Note that dead loads are not primary variable loads or load effects.





ASD Load Combinations

When designing for strength under service load conditions, the ASD load combinations as given in the following equations should be used [1]:


	D

	D + L

	D + (Lr or S or R)

	D + 0.75L + 0.75 (Lr or S or R)

	D + (0.6W)

	D + 0.75(0.6W) + 0.75L + 0.75(Lr or S or R)

	0.6D + 0.6W    (D always counteracts or opposes W in this load combination)

	D + (0.7Ev) + (0.7Eh)

	D + (0.525Ev) + (0.525Eh) + 0.75L + 0.75S

	(0.6D − 0.7Ev) + (0.7Eh)    (D always counteracts or opposes Ev in this load combination)




NOTE:


	The above ASD load combinations can also be obtained from IBC Section 1605.3, and they are also used to check structural members for serviceability limit states such as deflections and vibrations.

	For ASD, where the effect of the load, H, due to lateral earth pressure, ground water pressure, or pressure of bulk materials adds to the primary variable load effect (L, Lr, S, R, W or E), the load factor on H in the ASD load combinations shall be taken as 1.0.

	For ASD, where H counteracts or resists the primary variable load effect, the load factor for H should be set equal to 0.6 when the load, H, is permanent (e.g., lateral soil pressure) or a load factor of zero for all other conditions. Note that dead loads are not primary variable loads or load effects.





Examples of structures where hydrostatic pressures, H, may be critical include underground storage tanks or buildings where the lowest level or basement slab is below the water table and therefore subjected to hydrostatic buoyancy pressures due to the high-water table; the stability of such structures should be checked to ensure that there is enough dead load to resist the upward hydrostatic pressures, H. The applicable load combinations for the LRFD method involving uplift pressures will be 0.9D + 1.6H (see IBC Equation 16-6); the applicable load combination for the ASD method involving hydrostatic pressures is 0.6D + 1.0H (see IBC Equation 16-15) [4]. Note that the dead load, D, opposes the upward hydrostatic pressures, H, in the preceding load combinations. Therefore, to avoid flotation of the structure, the designer should ensure that 0.9D is greater than or equal to 1.6H when the LFRD method is used; and 0.6D is greater than or equal to 1.0H, when the ASD method is used.

In both the LRFD and ASD load combinations presented previously, downward loads are assumed to have a positive (+) sign, while upward loads have a negative (−) sign. For the LRFD method, load combinations 1 through 4, and 6 are used to maximize the downward loads, while load combinations 5 and 7 are used to maximize the uplift load or overturning effects. Therefore, in load combinations 5 and 7, the wind load, W, and the seismic load, E, take on only negative or zero values, while in all the other load combinations, W and E take on positive values.

For the ASD method, load combinations 1 through 6, and 8 and 9 are used to maximize the downward acting loads, while load combinations 7 and 10 are used to maximize the uplift load or overturning effects. Therefore, in load combinations 7 and 10, the wind load, W, and the seismic load, E, take on only negative or zero values, while in all the other load combinations, W and E take on positive values.

The seismic load effect, E, consists of a combination of the horizontal seismic load effect, Eh, and the vertical seismic load effect, Ev. The notations used in the load combinations presented previously are defined as follows:



	Eh
	=
	ρQE = horizontal component of the earthquake (see Chapter 3)



	Ev
	=
	0.2 SDSD = vertical component of the earthquake (affects mostly columns and foundations)



	E
	=
	combined load effect due to horizontal and vertical earthquake-induced forces (see Chapter 3)



	 
	=
	Eh + Ev = ρQE + 0.2 SDSD in LRFD load combinations 6 and ASD load combinations 8 and 9.



	 
	=
	Eh – Ev = ρQE – 0.2 SDSD in LRFD load combination 7, and ASD load combination 10.



	D
	=
	Dead load



	QE
	=
	Horizontal earthquake load effect due to the base shear, V (i.e., forces, reactions, moments, and shears caused by the horizontal seismic force) = Fx (see Chapter 3)



	SDS
	=
	Design spectral response acceleration at short period (see Chapter 3)



	H
	=
	Lateral soil pressure, hydrostatic pressures, and pressure of bulk materials



	L
	=
	Floor live load



	Lr
	=
	Roof live load



	W
	=
	Wind load



	S
	=
	Snow load



	R
	=
	Rain load



	ρ
	=
	Redundancy factor




The vertical seismic load effect, Ev (= 0.2 SDSD), can be taken as zero when SDS is less than or equal to 0.125. A redundancy factor, ρ, must be assigned to the seismic lateral force resisting system in both orthogonal directions of the building. This factor accounts for the presence or absence of multiple seismic lateral force resisting load paths. The value of the redundancy factor from ASCE 7 Sections 12.3.4.1 and 12.3.4.2 as a function of the seismic design category (SDC) which will be discussed in Chapter 3, and the corresponding value of Eh are as follows:


	Seismic Design Category, SDC
	Redundancy factor, ρ
	Horizontal component of the seismic load effect, Eh

	B or C
	1.0
	Eh = (1.0)QE or (1.0)Fx

	D, E, or F
	1.3
	Eh = (1.3)QE or (1.3)Fx



The determination of wind and seismic loads will be covered in Chapter 3.

Applicable Load Combinations for Design

All structural elements must be designed for the most critical of the load combinations presented in the previous section. Since most floor beams are usually only subjected to dead load, D, and floor live load, L, the most likely controlling load combinations for floor beams and girders will be LRFD load combinations 1 or 2 for limit states design, and ASD load combinations 1 and 2 for allowable strength design and for checking serviceability (i.e., deflections and vibrations). To determine the most critical load combinations for roof beams and columns, all the applicable load combinations must be checked, but both the LRFD and ASD load combination 2 are more likely to control the design of most floor beams and girders. In Examples 2-1 through 2-9, the load effects, H and F, are assumed to be zero as is the case for most building structures.

Special Seismic Load Combinations and the Overstrength Factor

For certain special structures and elements, the maximum seismic load effect, Em, and the ­special load combinations specified in ASCE 7 Section 12.4.3 should be used. Some examples of special structures and elements for which the seismic force is amplified by the overstrength factor, Ωo, include the following:


	Drag strut or collector elements (see ASCE 7 Section 12.10.2.1) in building structures (except for light-frame buildings). Drag struts will be discussed in Chapter 14.

	Structural elements supporting discontinuous systems such as columns supporting discontinuous shear walls (see ASCE 7 Section 12.3.3.3).



The seismic load effect for these special elements is given as

[image: image]

where Ωo is the overstrength factor from ASCE 7 Table 12.2-1, and [image: image].

For structural elements supporting discontinuous systems such as columns supporting discontinuous shear walls or other lateral force resisting systems (LFRS), the overturning moment in the shear wall results in axial compression and tension forces in the supporting columns at the two ends of the discontinued shear wall. For structures with this type of vertical discontinuity, the use of the overstrength factor protects the gravity load resisting system (i.e., the columns supporting the shearwall) from overloads that may result from the shearwall having a higher strength (and therefore a higher overturning moment capacity) than it was designed for, resulting in higher overturning axial tension and compression forces on the supporting columns. For these special structures, the applicable LRFD load combinations are as follows:


	1.2D + Ev + Emh + f1L + 0.2S = (1.2D + 0.2SDSD) + [image: image] + f1L + 0.2S

	(0.9D − Ev) + Emh = (0.9D − 0.2SDSD) + [image: image] (D always counteracts or opposes Emh in this load combination)



EXAMPLE 2-1 (LRFD)

Load Combinations, Factored Loads, and Load Effects

A simply supported floor beam 20 ft. long is used to support service or working loads as follows:

[image: image]

[image: image]

a.Calculate the required shear strength or factored shear, Vu.

b.Calculate the required moment capacity or factored moment, Mu.

c.Determine the required nominal moment strength.

d.Determine the required nominal shear strength.

Solution

For floor beams, only LRFD load combinations 1 and 2 need to be considered in calculating the factored loads.

The simply supported span of the beam, l=20ft.

a.Factored loads:

The corresponding factored loads, wu, are calculated as follows:


	wu = 1.4D = 1.4 wD = 1.4(2.50 kip/ft.) = 3.5 kip/ft.

	wu = 1.2D + 1.6L = 1.2 wD + 1.6 wL = 1.2(2.5) + 1.6(1.25)



= 5.0 kips/ft. (governs)

[image: image]

b.[image: image]

Using the limit state design equation yields the following:

c.Required nominal moment strength, Mn = Mu/ϕ = 250/0.90 = 278 ft.-kips.

d.Required nominal shear strength, Vn = Vu/ϕv = 50/1.0 = 50 kips.

Note that ϕ = 0.9 for shear for some steel sections (see Chapter 6).

EXAMPLE 2-2 (LRFD)

Load Combinations, Factored Loads, and Load Effects

Determine the required moment capacity, or factored moment, Mu, acting on a floor beam if the calculated service load moments acting on the beam are as follows: MD = 55 ft.-kip, ML = 30 ft.-kip. Calculate the required nominal moment strength, Mn.

Solution


	Mu = 1.4 MD = 1.4(55 ft.-kip) = 77 ft.-kips

	Mu = 1.2 MD + 1.6 ML = 1.2 (55 ft.-kips) + 1.6 (30 ft.-kips)



= 114 ft.-kips (governs)

Mu = 114 ft.-kips

The LRFD limit states equation for flexure is

[image: image]

where ϕ = 0.9 for flexure

Therefore, [image: image]

EXAMPLE 2-3 (LRFD)

Load Combinations, Factored Loads, and Load Effects

Determine the ultimate or factored load for a roof beam subjected to the following service loads:

Dead load = 35 psf

Snow load = 25 psf

Wind load = 15 psf upward

= 10 psf downward

Solution

D = 35 psf

S = 25 psf

W = –15 psf or 10 psf

The values for service loads not given above are assumed to be zero; therefore,

Floor live load, L = 0

Rain live load, R = 0

Seismic load, E = 0 (i.e., Ev = 0 and Eh = 0)

Roof live load, Lr = 0

Since the live load, L, does not exceed 100 psf, and it is not an assembly occupancy or a parking garage, therefore, f1 = 0.5.

Using the LRFD load combinations, and noting that only downward-acting loads should be substituted in load combinations 1 through 4, and 6 and upward wind or seismic loads in load combinations 5 and 7, the controlling factored load is calculated as follows:



	1. wu
	 =
	1.4D = 1.4 (35) = 49 psf



	2. wu
	 =
	1.2D + 1.6L + 0.5S



	 
	=
	1.2 (35) + 1.6 (0) + 0.5 (25) = 55 psf



	3a. wu
	 =
	1.2D + 1.6S + 0.5L



	 
	=
	1.2 (35) + 1.6 (25) + 0.5 (0) = 82 psf



	3b. wu
	 =
	1.2D + 1.6S + 0.5W



	 
	=
	1.2 (35) + 1.6 (25) + 0.5 (10) = 87 psf (governs)



	4. wu
	 =
	1.2D + 1.0W + 0.5L + 0.5S



	 
	=
	1.2 (35) + 1.0 (10) + 0.5 (0) + 0.5 (25) = 64.5 psf



	5. wu
	 =
	0.9D + 1.0W (D must always oppose W in load combination 5)



	 
	=
	0.9 (35) + 1.0 (−15) (upward wind load is taken as negative)



	 
	=
	16.5 psf (this implies a net downward load due to wind; i.e., there is no net uplift due to wind)



	6. wu
	 =
	1.2D + 1.0E + 0.5L + 0.2S



	 
	=
	1.2 (35) + 1.0 (0) + 0.5 (0) + 0.2 (25) = 47 psf



	7. wu
	 =
	0.9D -Ev + Eh (D must always oppose E in load combination 7)



	 
	=
	0.9 (35) – (0) + (0)



	 
	=
	31.5 psf




In this example, load combinations 5 and 7 resulted in a net positive (or downward) load. However, load combinations 5 and 7 may sometimes result in net negative (or upward) factored loads that would also have to be considered in the design of the structural member.


	For strength calculations, the controlling factored load is wu = 87 psf.



This load will be multiplied by the tributary width of the beam to covert it to Ib/ft. or kips/ft. load that will be used in the structural analysis of the beam. The concept of tributary width and tributary area will be discussed later in this chapter. The controlling service loads will be ­calculated using the ASD load combinations in a subsequent example.

EXAMPLE 2-4 (LRFD)

Load Combinations, Factored Loads, and Load Effects

a.Determine the factored axial load or the required axial strength for a column in an office building with the given service loads.

b.Calculate the required nominal axial compression strength, Pn, of the column.

The service axial loads on the column are as follows:

PD = 75 kips (dead load)

PL = 150 kips (floor live load)

PS = 50 kips (snow load)

PW = ± 100 kips (wind load)

PEh = ± 50 kips (seismic load)

Solution

a.Since the vertical component of the seismic load and SDS are not given (see Chapter 3), neglect the vertical component of the seismic load, PEv, and consider only the horizontal component of the seismic load, PEh. Note that downward acting loads take on positive values, while upward loads take on negative values. The factored loads are calculated as follows:



	1. Pu
	=
	1.4 PD = 1.4 (75 kips) = 105 kips



	2. Pu
	=
	1.2 PD + 1.6 PL + 0.5 PS



	 
	=
	1.2 (75) + 1.6 (150) + 0.5 (50) = 355 kips (governs)



	3a. Pu
	=
	1.2 PD + 1.6 PS + 0.5 PL



	 
	=
	1.2 (75) + 1.6 (50) + 0.5 (150) = 245 kips



	3b. Pu
	=
	1.2 PD + 1.6 PS + 0.5 PW



	 
	=
	1.2 (75) + 1.6 (50) + 0.5 (100) = 220 kips



	4. Pu
	=
	1.2 PD + 1.0 PW + 0.5 PL + 0.5 PS



	 
	=
	1.2 (75) + 1.0 (100) + 0.5 (150) + 0.5 (50) = 290 kips



	Note that PD must always oppose PW and PEh in load combinations 5 and 7:



	5. Pu
	=
	0.9 PD + 1.0 PW



	 
	=
	0.9 (75) +1.0 (−100) = –32.5 kips (governs)



	6. Pu
	=
	1.2 PD + PEv + PEh + 0.5 PL + 0.2 PS



	 
	=
	1.2 (75) + (0) + (50) + 0.5 (150) + 0.2 (50) = 225 kips



	7. Pu
	=
	0.9 PD – PEv + PEh



	 
	=
	0.9 (75) – (0) + 1.0 (−50) = 17.5 kips





	The factored axial compression load on the column is 355 kips.

	The factored axial tension force on the column is 32.5 kips.



The column, base plate, anchor bolts, and foundation will need to be designed for both the downward factored load of 355 kips and the factored net uplift, or tension, load of 32.5 kips.

b.Nominal axial compression strength of the column, Pn = Pu/ϕ = 355/0.90 = 394 kips.

EXAMPLE 2-5 (LRFD)

Load Combinations—Factored Loads and Load Effects

Repeat Example 2-4 assuming the structure is to be used as a parking garage.

Solution

a.For parking garages or areas used for public assembly or areas with a floor live load, L, greater than 100 psf, the multiplier of the floor live load, f1, in load combinations 3, 4, and 6 is 1.0. The factored loads are calculated as follows:



	1.  Pu
	=
	1.4 PD = 1.4 (75 kips) = 105 kips



	2. Pu
	=
	1.2 PD + 1.6 PL + 0.5 PS



	 
	=
	1.2 (75) + 1.6 (150) + 0.5 (50) = 355 kips



	3a. Pu
	=
	1.2 PD + 1.6 PS + 1.0 PL



	 
	=
	1.2 (75) + 1.6 (50) + 1.0 (150) = 320 kips



	3b. Pu
	=
	1.2 PD + 1.6 PS + 0.5 PW



	 
	=
	1.2 (75) + 1.6 (50) + 0.5 (100) = 220 kips



	4. Pu
	=
	1.2 PD + 1.0 PW + 1.0 PL + 0.5 PS



	 
	=
	1.2 (75) + 1.0 (100) + 1.0 (150) + 0.5 (50) = 365 kips (governs)



	Note that PD must always oppose PW and PE in load combinations 5 and 7:



	5. Pu
	=
	0.9 PD + 1.0 PW



	 
	=
	0.9 (75) +1.0 (−100) = –32.5 kips (governs)



	6. Pu
	=
	1.2 PD + PEv + PEh + 1.0 PL + 0.2 PS



	 
	=
	1.2 (75) + (50) + (0) + 1.0 (150) + 0.2 (50) = 300 kips



	7. Pu
	=
	0.9 PD − PEv + PEh



	 
	=
	0.9 (75 − 0) + 1.0 (−50) = 17.5 kips





	The factored axial compression load on the column is 365 kips.

	The factored axial tension force on the column is 32.5 kips.

	The column, base plate, anchor bolts, and foundation will need to be designed for both the downward factored load of 365 kips and the factored net uplift, or tension, load of 32.5 kips.



b.Nominal axial compression strength of the column, [image: image] 406 kips.

The corresponding ASD load combination examples will now be presented:

EXAMPLE 2-6 (ASD)

ASD Load Combinations

A simply supported floor beam 20 ft. long is used to support service or working loads as follows:

[image: image]

[image: image]

a.Calculate the ASD design shear, V.

b.Calculate the ASD design moment, M.

c.Determine the nominal moment strength, Mn, assuming a factor of safety for bending of 1.67.

d.Determine the nominal shear strength, Vn, assuming a factor of safety for shear of 2.0.

Solution

For floor beams, only ASD load combinations 1 and 2 need to be considered.

The simply supported span of the beam, [image: image]

a.Unfactored loads:

The corresponding unfactored loads, w, are calculated as follows:


	w = D = wD = 2.50 kip/ft. = 3.5 kip/ft.

	w = D + L = wD + wL = 2.5 + 1.25 = 3.75 kips/ft. (governs)



[image: image]

b.[image: image]

The ASD design equation gives the allowable strength or applied service load or load effect, as Ra = Rn/Ω , where Ω is the factor safety.

c.The allowable moment strength, Ma = Mn/Ω, therefore the nominal moment strength required, Mn = ΩMa = (1.67)(187.5 ft-kip) = 313 ft.-kips.

d.The allowable shear strength, Va = Vn/Ω, therefore the nominal shear strength required, Vn = ΩVa = (2.0)(37.5 kips) = 75 kips.

Compare these required nominal strength values to those obtained for the LRFD method in Example 2-1. The ASD method gave higher values of the required nominal strengths, Mn and Vn (278 ft.-kips versus 313 ft.-kips; and 50 kips versus 75 kips).

EXAMPLE 2-7 (ASD)

Determine the unfactored moment and the nominal moment capacity (assuming a factor of safety of 1.67) for a floor beam if the calculated service load moments acting on the beam are as follows: MD = 55 ft.-kip, ML = 30 ft.-kip.

Solution

Using the ASD load combinations, we obtain


	M = MD = 55 ft.-kip

	M = MD + ML = 55 ft.-kips + 30 ft.-kips



= 85 ft.-kips (governs)

The allowable moment strength, Ma = Mn/Ω, therefore the nominal moment strength required, Mn = ΩMa = (1.67)(85 ft-kip) = 142 ft.-kips

Compare to the nominal moment strength, Mn, of 126.7 ft.-kips obtained for the LRFD method in Example 2-2.

EXAMPLE 2-8 (ASD)

Determine the ASD design load for a roof beam subjected to the following service loads:

Dead load = 35 psf

Snow load = 25 psf

Wind load = 15 psf upward

= 10 psf downward

Solution

D = 35 psf

S = 25 psf

W = –15 psf or 10 psf

The values for service loads not given above are assumed to be zero; therefore,

Roof live load, Lr = 0

Rain live load, R = 0

Seismic load, E = 0 (i.e., Ev = 0 and Eh = 0)

Roof live load, Lr = 0

Since S > Lr > R, use S = 25 psf

Using the ASD load combinations, and noting that only downward-acting loads should be substituted in load combinations 1 through 6, and 8 and 9, and upward wind or seismic loads in load combinations 7 and 10, the controlling factored load is calculated as follows:


	D = 35 psf

	D + L = 35 psf + 0 psf = 35 psf

	D + (Lr or S or R) = 35 psf + 25 psf = 60 psf (controls)

	D + 0.75L + 0.75(Lr or S or R) = 35 psf + 0 psf + (0.75)(25 psf) = 53.8 psf

	D + (0.6W) = 35 psf + 0.6 (10 psf) = 41 psf

	D + 0.75L + 0.75 (0.6W) + 0.75 (Lr or S or R) = 35 psf + 0.75 (0 psf) + 0.75 (0.6)(10 psf) + 0.75 (25 psf) = 58.3 psf

	0.6D + 0.6W = 0.6 (35 psf) + 0.6 (−15 psf) = 12 psf
(D always opposes or counteracts W in this load combination)

	D + 0.7Ev + 0.7Eh = 35 psf + 0.7(0) + 0.7(0) = 35 psf

	D + 0.525Ev + 0.525Eh + 0.75L + 0.75S = 35 psf + 0.525 (0 psf) + 0.525 (0 psf) + 0.75 (0 psf) + 0.75 (25 psf) = 53.8 psf

	0.6D − (0.7Ev) + (0.7Eh) = 0.6 (35 psf) – 0.7 (0 psf) + 0.7 (0 psf) = 21 psf
(D always opposes or counteracts E in this load combination)



Therefore, the roof beam will be designed for a total service or unfactored load of 60 psf. This load will be multiplied by the tributary width of the beam to convert it to a load with units of Ib/ft. or kips/ft. that will be used in the structural analysis of the beam. The concept of tributary width and tributary area will be discussed later in this chapter.

EXAMPLE 2-9 (ASD)

a.Determine the ASD design axial load for a column in an office building with the given service loads.

b.Calculate the required nominal axial compression strength, Pn, of the column if the factor of safety is assumed to be 1.67.

The service axial loads on the column are as follows:

D = 75 kips (dead load)

L = 150 kips (floor live load)

S = 50 kips (snow load)

W = ± 100 kips (wind load)

Eh = ± 50 kips (seismic load)

Solution

a.Since the vertical component of the seismic load is not given and we are not given the value of the design spectral response acceleration at short period, SDS, neglect the vertical component of the seismic load, PEh. Note that downward loads are assumed to be positive, while upward loads take on negative values. The ASD design loads are calculated as follows:


	D = 75 kips

	D + L = 75 kips + 150 kips = 225 kips

	D + (Lr or S or R) = 75 kips + 50 kips = 125 kips

	D + 0.75L + 0.75(Lr or S or R) = 75 kips + 0.75(150 kips) + 0.75(50 kips) = 225 kips

	D + (0.6W) = 75 kips + 0.6(100 kips) = 135 kips

	D + 0.75L + 0.75(0.6W) + 0.75(Lr or S or R) = 75 kips + 0.75(150 kips) + 0.75(0.6)(100 kips) + 0.75(50 kips) = 270 kips (governs)

	0.6D + 0.6W = 0.6(75 kips) + 0.6(−100 kips) = –15 kips  (D always opposes or counteracts W in this load combination)

	D + 0.7Ev + 0.7Eh = 75 kips + 0.7(0 kips) + 0.7(50 kips) = 110 kips

	D + 0.525Ev + 0.525Eh + 0.75L + 0.75S = 75 kips + 0.525(0 kips) + 0.525 (50 kips) + 0.75(150 kips) + 0.75 (50 kips) = 251.3 kips

	0.6D − (0.7Ev) + (0.7Eh) = 0.6(75 kips) – 0.7(0 kips) + 0.7(-50 kips) = 10 kips (D always opposes or counteracts Ev in this load combination)




	The required ASD design axial compression strength of the column is 270 kips.

	The required ASD design axial tension strength of the column is 15 kips.



The column, base plate, anchor bolts, and foundation will be designed for both the downward total unfactored axial load of 270 kips and the net uplift, or tension, load of 15 kips.

b.The nominal axial compression strength of the column, Pn = PaΩ = 270(1.67) = 451 kips.

Compare the nominal axial compression strength (451 kips) to the value of 394 kips obtained for the LRFD method in Example 2-4. Again, the ASD method yields a higher required nominal axial compression strength, Pn, than the LRFD method.

EXAMPLE 2-10 (ASD AND LRFD)

A buried rectangular tank with a horizontal cross-sectional area of 44 ft.2 weighs 1300 Ib. The density of the 2 ft. deep saturated soil above the top of the tank is specified by the geotechnical engineer as 110 pcf. If the depth of the tank is 4 ft., and the water table is assumed to be located at or near grade, calculate the net buoyancy uplift force on the tank using the LRFD method and the ASD method. How should the effect of the net buoyancy uplift forces on this tank be mitigated?

Solution


Depth of tank = 4 ft.

Depth of saturated soil above the top of the buried tank = 2 ft.

The water table is at or near the grade level, therefore, total depth of water to base of the tank is

h = 2 ft. + 4 ft. = 6 ft.

Density of water, γw = 62.4 pcf

Weight of tank = 1300 Ibs

Weight of saturated soil above the buried tank = (44 ft.2)(2 ft.)(110 pcf) = 9680 Ibs

Total dead load when the tank is empty, D = 1300 + 9680 = 10,980 Ibs

Hydrostatic or buoyancy pressure at the base of the tank = γwh = (62.4 pcf)(6 ft.) = 374.4 psf

Total uplift force at the base of the tank, H = (374.4 psf) (44 ft.2) = 16,474 Ibs

The downward load, D, is taken as positive while the upward force, H, is taken as negative.



LRFD method:

Substituting D = +10,980 Ibs and H = −16,474 Ibs into the appropriate LRFD load combination that addresses uplift or overturning (i.e., ASCE 7 LRFD load combination 5 with “H” included or IBC 2018 Equation 16-6), we obtain the load combination as follows:


0.9D + 1.6H = (0.9)(10980 Ibs) +(1.6)(−16474 Ibs) = −16,477 Ibs.

Therefore, the factored net uplift force at the base of the tank = 16,477 Ibs.



ASD method:

Substituting D = +10,980 Ibs and H = −16,474 Ibs into the appropriate ASD load combination that addresses uplift or overturning (e.g., ASCE 7 ASD load combination 7 with “H” included or IBC 2018 Equation 16-15), we obtain the load combination as follows:


0.6D + 1.0H = (0.6)(10980 Ibs) +(1.0)(−16474 Ibs) = −9,886 Ibs.

Therefore, the unfactored net uplift force at the base of the tank = 9,886 Ibs.



The factored net uplift force of 16,477 Ibs for the LRFD method (or the unfactored net uplift force of 9,886 Ibs for the ASD method) will need to be counteracted or resisted by using hold-down anchors or weighing down the tank by attaching it to a thick concrete base slab that extends beyond the tank footprint to engage additional weight of soil. For an adequate design, the sum of the dead load from the empty tank plus the additional dead load engaged by the hold-down anchors (e.g., the weight of the concrete base slab and the additional weight of soil engaged) must be large enough so that 0.9D is greater than or equal to 1.6H for the LRFD method, or 0.6D is greater than or equal to 1.0H for the ASD method.



2-4INTRODUCTION TO STRUCTURAL DESIGN LOADS


Structural loads are the forces applied to a structure (e.g., dead load, floor live load, roof live load, snow load, rain load, ice load, wind load, earthquake or seismic load, flood loads, earth and hydrostatic pressure). For buildings, the magnitude of these loads are specified in the ASCE 7 Load Standard; in this standard, buildings are grouped into four different occupancy types, which are used to determine the Risk Category of the building (see ASCE 7 Table 1.5-1), which in turn are used to obtain the importance factor, I, (see ASCE 7 Table 1.5-2) that is used for snow, seismic, or ice load calculations [2]. Maps of the 3-second gust wind speeds for Exposure Category C that can be used for calculating the factored design wind pressures are given in ASCE 7 Figures 26.5-1A, B, C, and D for the four different Risk Categories (RC). These wind speed maps give the ultimate strength design level wind speeds, which already incorporate the importance factor for wind, hence no importance factors for wind are given in ASCE 7 Table 1.5-2. The importance factor is a measure of the consequences of failure of a building to public safety, and the higher the importance factor, the larger the snow, ice, or seismic loads on the structure. ASCE 7 Table 1.5-1 should be used in conjunction with ASCE 7 Table 1.5-2 to determine the importance factors for snow loads, ice loads, and seismic loads, respectively. The international building code (IBC) stipulates in Section 1603 that all structural design loads must be listed on the contract documents. This information is usually listed on the first structural drawing including the General Notes and the Typical Structural Details.

Gravity Load Resisting Systems

The two main types of floor systems used to resist gravity loads in building structures consist of one-way and two-way load distribution systems. In one-way floor systems, the floor or roof load is distributed horizontally predominantly in one direction (i.e., the direction with the shorter span), whereas in two-way floor systems, the load is distributed horizontally in two orthogonal directions. For steel structures, the one-way load distribution system occurs much more frequently than the two-way system; consequently, only one-way systems are discussed further in this text. There are several one-way roof and floor systems used in steel buildings, and these systems support gravity loads in one-way action by virtue of their construction and because the bending strength of the floor or roof system in one direction is several times greater than the strength in the orthogonal direction. These types of one-way systems span in the stronger direction of the floor or roof panel regardless of the aspect ratio of the panel. Examples of one-way systems used in steel buildings include:


	Metal roof decks (used predominantly for roofs in steel buildings),

	Concrete-filled composite metal floor decks (used predominantly for floors in steel buildings) and concrete-filled non-composite metal deck or form deck.

	Hollow-core precast concrete planks.

	Metal cladding spanning vertically between horizontal girts or spanning horizontally between wind columns in resisting wind pressure perpendicular to the face of the cladding.





2-5GRAVITY LOADS IN BUILDING STRUCTURES


The common types of gravity load that act on building structures are roof dead load, floor dead load, roof live load, snow load, and floor live load, and these are discussed in the following sections.



2-6DEAD LOADS


Dead loads are permanent or nonmovable loads that act on a structure and it includes the weight of all materials that are permanently attached to the structure, including the self-weight of the structural member. Since the dimensions of structural members are known or can be determined, and the material density is also a known quantity, the dead loads – which are predominantly the self-weight of the structural member - can be determined with greater accuracy than any other type of load and they are not as variable as live loads. Examples of items that would be classified as dead loads include floor finishes, partitions, mechanical and electrical (M&E) components, fireproofing, glazing, and cladding. The floor and roof dead loads are typically uniformly distributed gravity loads expressed in units of pounds per square foot (psf) or kips per square foot (ksf) of the horizontal projected plan area. For sloped members, the dead load, which is in units of psf of the sloped area, must be converted to units of psf of the horizontal projected plan area. In certain cases, concentrated dead loads, such as a heavy safe with a small footprint, may also have to be considered in the structural analysis and design. The typical checklists of the items to include for dead loads, and the estimated weights for roof and floor dead load components in steel buildings are as follows:

Common Roof Dead Load Components in Steel Buildings


	Framing (self-weight)
	5 psf to 8 psf

	Fireproofing
	2 psf

	Metal deck
	2 psf (1½ in. deck)
3 psf (3 in. deck)
6 psf (7½ in. deck)

	5 ply membrane roofing with gravel ballast
	6.5 psf

	Rigid insulation
	1.5 psf per inch of thickness

	Plywood sheathing
	0.4 psf per ⅛ in. thickness

	Asphalt shingles
	3.0 psf

	Suspended ceiling
	2.0 psf

	Mechanical/electrical components
	5 psf to 10 psf



Common Floor Dead Load Components in Steel Buildings


	Framing (self-weight)
	6 psf to 12 psf

	Fireproofing
	2 psf

	Composite metal deck
	1 psf ([image: image] in. deck)
2 psf (1½ in. deck)
3 psf (3 in. deck)

	Concrete slab:

	lightweight
	10 psf per inch of thickness

	normal weight
	12.5 psf per inch of thickness

	Concrete on composite metal deck
	see deck manufacturers ­catalog for weights

	Floor finishes

	¼" ceramic tile
	10 psf

	1" slate
	15 psf

	Gypsum fill
	6.0 psf per inch of thickness

	[image: image] " hardwood
	4.0 psf

	Partitions
	15 psf (minimum)

	Suspended ceiling
	2.0 psf

	Mechanical/electrical components
	5 psf to 10 psf

	Concrete ponding load
	10% of the weight of the concrete slab on metal deck [29].



The ASCE 7 Load Standard [2] specifies a minimum partition load of 15 psf, and partition loads need not be considered when the tabulated unreduced floor live load, Lo, is greater than 80 psf because of the low probability that partitions will be present in occupancies with higher live loads. Partition loads may be greater than the 15 psf minimum specified in the ASCE 7 Load Specifications, therefore, the actual partition load should be estimated for each project. It should be noted that partition load is classified in ASCE 7 as a live load, but it is common in design practice to treat partition load as a dead load, and this approach is adopted in this text.

Another dead load that should be considered for steel framed floors is concrete ponding load. This is the dead load of the additional concrete that is needed to achieve a flat floor in a non-composite beam construction (see Chapter 6) due to the deflection of the non-composite beams and girders during the construction phase as the wet concrete is poured. A concrete ponding dead load of 10% of the self-weight of the concrete and metal deck slab system is suggested in Ref. [29] and adopted in this text. Some engineers use concrete ponding load values of up to 15%. The concrete ponding dead load can be neglected for steel framing where an upward camber is specified for the floor beams or if the beams are shored. For floor framing with non-composite beams, concrete ponding dead load should also be considered if the beams and girders are not cambered.

Tributary Widths and Tributary Areas

When a gravity load is applied to a structure, the load is distributed to various structural members as the load is transmitted from its point of application through the roof or floor system to the beams and girders, to the columns, and ultimately to the foundations and the soil or bedrock. This path through which the gravity load travels or is transmitted is called the gravity load path. There also needs to be a continuous lateral load path and this will be discussed in Chapters 3 and 14. Continuous gravity and lateral load paths are very important considerations in the design of structures. A structural system with an inadequate load path is susceptible to collapse. The magnitude of the gravity load distributed to the beams, girders or columns is dependent on the tributary width and tributary areas of the supporting beams and girders, and the tributary areas of the columns.

The tributary widths and tributary areas are used to determine the distribution of floor and roof loads to the individual structural members. The tributary width (TW) of a beam is defined as the width of the floor slab or roof deck supported by the beam; this is equal to one-half the distance to the adjacent beam on the right hand side plus one-half the distance to the adjacent beam on the left-hand side of the beam whose tributary width is being determined. The tributary width for a typical interior beam is calculated as:

TW = ½ (Distance to adjacent beam on the right hand side) + 1/2 (Distance to adjacent beam on the left hand side).

For an edge or perimeter or spandrel beam, the tributary width is calculated as

TW = ½ (Distance to adjacent beam) + the floor or roof edge distance measured from the longitudinal axis of the spandrel or edge beam.

The tributary area, AT, of a beam, girder, or column is the floor or roof plan area supported by the structural member. The tributary area of a beam is obtained by multiplying the span of the beam (i.e. its length between supports) by its tributary width. The tributary area of a column is the plan area bounded by lines located at one-half the distance to all the adjacent columns surrounding the column whose tributary area is being calculated. For edge or corner columns, the tributary area will also include the area of the floor or roof extending from the longitudinal axes of the perimeter beams and girders framing into the column to the exterior edge of the floor or roof. The following points should be noted:


	Beams are usually subjected to uniformly distributed loads (UDL) from the roof deck or floor slab.

	Girders are usually subjected to concentrated loads due to the reactions from the beams. These concentrated loads or reactions from the beams have their own tributary areas.

	The tributary area of a girder is the sum of the tributary areas of all the concentrated loads acting on the girder.

	Perimeter or edge beams and girders – also known as spandrel beams and spandrel girders - support an additional uniform load due to the loads acting on the floor or roof area extending beyond the longitudinal axes of the beam or girder to the edge of the roof or floor. When the exterior wall cladding is an infill system where the weight of the exterior wall cladding is supported at each floor level, the spandrel beams and girders will also directly support the weight of the exterior cladding (i.e., the brick veneer or glazing and the masonry block or cold-formed steel stud back-up walls). For by-pass exterior wall systems, the cladding load is not supported by the spandrel beams and girders, but instead, the weight of the exterior cladding is supported on a concrete foundation wall and the spandrel beams and girders only provide lateral support to the exterior wall cladding. The by-pass exterior wall system is permitted only in buildings not greater than three stories or 30 ft in height [7].



EXAMPLE 2-11

Calculation of Tributary Width and Tributary Area

Using the floor framing plan shown in Figure 2-3, determine the following parameters:

a.Tributary width and tributary area of a typical interior beam,

b.Tributary width and tributary area of a typical spandrel or perimeter beam,

c.Tributary area of a typical interior girder,

d.Tributary area of a typical spandrel girder,

e.Tributary area of a typical interior column,

f.Tributary area of a typical corner column, and

g.Tributary area of a typical exterior column.


[image: image]

FIGURE 2-3Tributary width and tributary areas



Solution

The tributary widths and areas are calculated in Table 2-3.


TABLE 2-3 Tributary Widths and Areas

[image: image]





2-7LIVE LOADS


In general, any gravity load that is not permanently attached to the structure is considered to be a live load. The three main types of live loads that act on building structures are floor live load, roof live load, and snow load. Floor live loads, L, are the minimum live loads that are specified in ASCE 7 Table 4.3-1 or IBC, Table 1607.1; the magnitude depends on the use of the structure and the tributary area (AT) supported by the structural member. Floor live loads are usually uniform loads expressed in units of pounds per square foot (psf) of horizontal plan area. In certain cases, the code also specifies alternate concentrated floor live loads (in lb. or kip) that need to be considered in design, but in most cases, the uniform loads govern the design of structural members.

The live loads that act on roof framing members are roof live load, Lr, rain loads, R, and snow load, S. From the load combinations presented in Section 2-3, it becomes apparent that roof live loads, rain loads and snow loads do not occur on a structure at their maximum values simultaneously (i.e., at the same time). Roof live loads rarely govern the design of structural members in the higher snow regions of the United States, except where the roof is a special purpose roof used for promenades or as a roof garden. Rain loads may be critical for flat roofs with high parapets.



2-8FLOOR LIVE LOADS


Floor live loads in building structures are occupancy loads that depend on the use of the structure. These loads are assumed to be uniform loads expressed in units of psf and the values are specified in building codes such as the International Building Code (IBC) and the ASCE 7 Load Standard. The floor live loads are determined from statistical analyses of many load surveys. The codes also specify alternate concentrated live loads for some occupancies because for certain design situations, live load concentrations—as opposed to uniform live loads—may be more critical for design. The uniform floor live loads are most commonly used in practice; the concentrated live loads are used only in rare situations where, for example, punching shear may be critical, such as in slabs supporting vehicle or forklift loads, or in the design of stair treads where the concentrated loads, instead of the uniform loads, may control the design of the structural member. A selected listing of the recommended minimum live loads is presented in Table 2-4 [2, 4], with a more comprehensive listing provided in ASCE 7 Table 4.3-1 and ASCE 7 Table C4.3-1 [2]; particular attention should be paid to the footnotes below these tables. For example, in addition to the vertical live loads specified for stadiums and arena, lateral loads of 24 lb. per linear ft. of seat applied in a direction parallel to each row of seat and 10 lb. per linear ft. of seat applied in a direction perpendicular to each row of seats are specified in the footnotes of ASCE 7 Table 4.3-1. This lateral load accounts for the action of spectators moving and swaying in unison. This lateral load is equivalent to approximately 12 psf of plan area assuming 2 ft. spacing between the seats; this same lateral load has recently been recommended for the design of exterior decks based on results of preliminary tests at Washington State University [19]. Note that the balcony live loads have changed from the previous editions of ASCE 7. Due to the lack of redundancy of cantilevered balcony structures, the live load on balconies is now 1.5 times the live load for the occupancy (see Table 2-4 or ASCE Table 4.3-1 or IBC Table 1607.1) that the balcony serves, but not exceeding 100 psf. Thus, for example, balconies in office buildings are designed for a live load of 75 psf (i.e., 1.5 × 50 psf). Some engineers design balcony framing for 100 psf because it lacks redundancy and they are frequently used as assembly areas. Note that balconies are also permanently exposed to the elements and thus susceptible to hidden deterioration from corrosion due to failure of the waterproofing system.

Some live loads that are not listed in the ASCE 7 tables include the live load for exhibition halls which is commonly assumed as 300 psf due to the heavy materials and equipment that may be displayed on the floor of an exhibition hall. The bottom chords of roof or floor trusses spanning over an auditorium, or theater, or exhibition hall may support rigging loads of 12 psf or higher, and in addition, these trusses may also support the dead and live loads from suspended catwalks.

For bridge structures, the two main types of live loads are the truck axle loads which are concentrated loads, and the lane loads which is a uniform load of variable length plus a single concentrated load. The lane loads represent the effect of several small vehicles on a bridge (the continuous uniform load) plus a single truck represented by the single concentrated load.



2-9FLOOR LIVE LOAD REDUCTION


To account for the low probability that floor structural elements with large tributary areas will have their entire tributary area loaded with the live load at one time, the IBC and ASCE 7 Load Specifications allow for floor live loads to be reduced, provided that certain conditions are ­satisfied. The reduced design live load of a floor, L, in psf, is given as

[image: image]  (2-5)
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	0.50 Lo for members supporting one floor (e.g., slabs, beams, and girders)



	 
	[image: image]
	0.40 Lo for members supporting two or more floors (e.g., columns)



	Lo
	=
	Unreduced design live load from Table 2-4 (or IBC, Table 1607.1 or ASCE 7 Table 4.3-1)



	KLL
	=
	Live load element factor which is a ratio of the influence area, AI, of the structural member (i.e., the floor area from which the member derives its load) to the tributary area of the member (see ASCE 7 Table 4.7-1 or IBC Table 1607.10.1). For instance, the influence area for a typical interior column is the total area of the floor bounded by all the adjacent columns. Thus, a typical interior column in a 30 ft. × 30 ft. grid will have a tributary area of 900 ft.2 and an influence area of 3600 ft.2 (i.e., 60 ft. × 60 ft.); therefore, KLL = 3600/900 = 4. Similarly, the influence area for a typical interior beam is the total area bounded by the beams immediately to the right and to the left of the beam whose influence area is being calculated. Thus, a typical interior beam spaced at 10 ft. on centers and spanning 30 ft. will have a tributary area of 300 ft.2 (i.e.,10 ft. × 30 ft.) and an influence area of 600 ft.2 (i.e., 20 ft. × 30 ft.); therefore, KLL = 600/300 = 2.



	 
	 
	The KLL values for different structural elements are given as follows:



	 
	=
	4 (interior columns and exterior columns without cantilever slabs)



	 
	=
	3 (edge columns with cantilever slab)



	 
	=
	2 (corner columns with cantilever slabs, edge beams without cantilever slabs, interior beams)



	 
	=
	1 (all other conditions)



	AT
	=
	Summation of all the applicable floor tributary areas, in ft.2, supported by the structural member, excluding the roof tributary area





	For beams and girders (including continuous beams or girders), AT is as defined in Section 2-6.

	For one-way slabs, AT must be less than or equal to 1.5s2 where s is the slab span.

	For a member supporting more than one floor area in multistory buildings (e.g., multi-story columns), AT will be the summation of all the applicable floor areas supported by that member. As an example, for a 10-story building supporting an office occupancy on the second through the 9th floors, and a mechanical occupancy on the 10th floor, the cumulative total axial live load on the ground floor column will be calculated as the sum of the column tributary areas of the second through the 9th floors multiplied by the reduced office floor live load on the ground floor column based on this cumulative tributary area, plus the unreduced live load from the 10th floor mechanical occupancy multiplied by the column tributary area at the 10th floor level, plus the roof live load or the roof snow load multiplied by the column tributary area at the roof level. This cumulative live load is added to the cumulative dead load (which is never reduced), to obtain the total unfactored cumulative axial load on the column. The total factored cumulative axial load on the column can similarly be calculated using the LRFD load combinations from Section 2-3.



The ASCE 7 Load Specification [2] does not permit floor live load reductions for floors satisfying any one of the following conditions:


	KLL AT ≤ 400 ft.2
In this case, the tributary area is small enough so that there is a high probability that the whole of the tributary area will be loaded with the code-specified live load, Lo.

	Floor live load, Lo > 100 psf, due to the high probability of overloading. However, the floor live load may be reduced 20% for members supporting two or more floors in non-assembly occupancies.

	Floors used for assembly occupancies such as auditoriums, stadiums, exhibition halls, theaters, etc., because of the high probability of overloading especially during an emergency. Also, floors used for mechanical equipment occupancy are not allowed to be reduced.

	Floors used for passenger car garage floors, except that the live load can be reduced by 20% for members supporting two or more floors.



The following should be noted regarding the tributary area, AT, used in calculating the reduced floor live load:


	The infill beams are usually supported by girders which, in turn, are supported by columns, as indicated in our previous discussions on load paths. The tributary area, AT, for beams is usually smaller than those for girders and columns and, therefore, beams will have smaller floor live load reductions than girders or columns. The question arises as to which AT to use for calculating the reduced live loads on the girders:
a.For the design of the beams, use the AT of the beam to calculate the reduced live load that is used to calculate the beam moments, shears, and reactions. These load effects are used for the design of the beam and the beam-to-girder or beam-to-column connections. Note that, in design practice, because of the relatively small tributary areas for beams, it is common practice to neglect live load reduction for beams.

b.For the girders, recalculate the beam reactions since the tributary area supported by the girders is larger than that supported by the beams; for recalculating the reaction from the beams on the girder, use the tributary area, AT, of the girder in calculating the live load reduction on the beam. Note that using the larger tributary area of the girder in recalculating the live load reduction in the infill beams will result in the infill beam reactions on the girders that are smaller than those calculated in Part (a). These smaller beam reactions are only used for the design of the girders.



	For columns, AT is the summation of the tributary areas of all the floors with reducible live loads at and above the level at which the column load is being determined, excluding the roof tributary areas, the mechanical occupancy tributary areas, and the assembly occupancy areas supported by the column.




TABLE 2-4 Minimum Uniformly Distributed and Concentrated Floor Live Loads

[image: image]



Source: Excerpted from the 2018 International Building Code (IBC) Table 1607.1 [4]. Copyright 2017, International Code Council, Washington, D.C. Reproduced with permissions. All rights reserved. www.iccsafe.org.



2-10ROOF LIVE LOAD


Roof live loads, Lr, represent the weight of maintenance personnel and equipment on a roof, and this has a maximum value of 20 psf as indicated in ASCE 7 Table 4.3-1, and is reducible. Other types of roof live loads include the weight of moveable nonstructural elements such as planters or other decorative elements on a roof, or the use of a roof for assembly purposes (maximum live load is 100 psf). Like floor live loads, the unreduced roof live loads are also tabulated in the ASCE 7 Table 4.3-1. Live loads on roofs that are used for special occupancies such as roof gardens can be reduced using equation (2-5). The live load for roof gardens is 100 psf. Roofs that are used for assembly occupancies should be designed for a roof live load that is the same as that used for floors with the same occupancy, and note that live loads for roofs that are used for assembly occupancies cannot be reduced.

However, roof live loads on ordinary flat, pitched, or curved roofs that represent the weight of maintenance personnel and equipment can be reduced as described in the following section.

Roof Live Load Reduction for Ordinary Flat, Pitched, and Curved Roofs

For ordinary flat, pitched, and curved roofs, the ASCE 7 Load Standard [2] allows the roof live load, Lo, to be reduced according to the following formulas (note that for all other types of roofs, Lr = Lo):

[image: image]  (2-6)

where,

12 psf ≤ Lr ≤ 20 psf, and

Lo = Roof live load from ASCE 7 Table 4.3-1 (typically 20 psf).

The roof live load for ordinary flat, pitched, and curved roofs is 20 psf.

The reduction factors, R1 and R2, in equation (2-6) are determined as follows:

[image: image]

F = Number of inches of rise per foot for a pitched or sloped roof

(e.g., F = 3 for a roof with a 3-in-12 pitch or slope)

= Rise-to-span ratio multiplied by 32 for an arch or dome roof

AT = Tributary area in square feet [image: image]

For landscaped roofs, the weight of the landscaped material should be included in the dead load calculations and should be computed assuming the soil will be fully saturated.

EXAMPLE 2-12

Roof Live Load

For the framing of the ordinary flat roof shown in Figure 2-4, determine the design roof live load, Lr, for the following structural members:

a.Typical interior beam,

b.Typical spandrel or perimeter beam,

c.Typical interior girder,

d.Typical spandrel girder, and

e.Typical interior column.


[image: image]

FIGURE 2-4Roof framing for Example 2-12



Solution

The unreduced roof live load, Lo, is 20 psf from ASCE-7 Table 4.3-1, and the tributary width and tributary areas are calculated in Table 2-5.


TABLE 2-5 Tributary Widths and Areas

[image: image]



a.Tributary area, AT = 200 ft.2, therefore, R1 = 1.0
For a flat roof, F = 0, therefore, R2 = 1.0
Using equation (2-6), the design roof live load, Lr = 20 (1.0) (1.0) = 20 psf

b.Tributary area, AT = 116 ft.2, therefore, R1 = 1.0
For a flat roof, F = 0, therefore, R2 = 1.0
Design roof live load, Lr = 20 (1.0) (1.0) = 20 psf

c.Tributary area, AT = 600 ft.2, therefore, R1 = 0.6
For a flat roof, F = 0; therefore, R2 = 1.0
Design roof live load, Lr = 20 (0.6) (1.0) = 12 psf

d.Tributary area, AT = 313 ft.2, therefore, R1 = 1.2 − 0.001 (313) = 0.89
For a flat roof, F = 0, therefore, R2 = 1.0
Design roof live load, Lr = 20 (0.89) (1.0) = 17.8 psf

e.Tributary area, AT = 800 ft.2, therefore, R1 = 0.6
For a flat roof, F = 0, therefore, R2 = 1.0
Design roof live load, Lr = 20 (0.6) (1.0) = 12 psf

To determine the total design load for the roof members, the calculated design roof live load, Lr, will need to be combined with the dead load and other applicable loads using the load combinations from Section 2-3.

EXAMPLE 2-13

Column Load With and Without Floor Live Load Reduction

A three-story building, with columns that are spaced at 20 ft. in both orthogonal directions, is subjected to the roof and floor loads shown here. Using a tabular format, calculate the cumulative factored and unfactored axial loads on a typical interior column with and without live load reduction. Assume a minimum roof slope of ¼ in./ft. for drainage.

Roof Loads :

Dead load, Droof = 30 psf

Snow load, S = 30 psf

Roof live load, Lr = per code

Second and Third Floor Loads:

Dead load, Dfloor = 110 psf

Floor live load, L = 40 psf

Solution

At each level, the tributary area, AT, supported by a typical interior column is 20 ft. × 20 ft. = 400 ft.2


Roof Live Load, Lr:

For an ordinary flat roof, Lo = 20 psf (ASCE 7 Table 4.3-1).

From Section 2-10, the roof slope factor, F, is ¼; therefore, R2 = 1.0.

Since the tributary area, AT, of the column = 400 ft.2, R1 = 1.2 − 0.001 (400) = 0.8

Using equation (2-6), the design roof live load is



[image: image]

Since 12 psf < Lr < 20 psf; therefore, Lr = 16 psf.

Lr is smaller than the snow load, S = 30 psf; therefore, the snow load, S, is more critical than the roof live load, Lr, in the applicable load combinations. The reduced or design floor live loads (in psf) for the second and third floors are calculated using Table 2-6.

All other loads, such as W, H, T, F, R, and E, are zero for the roof and all the floors. The applicable LRFD load combinations from Section 2-3 will be used to calculate the factored column axial loads. Only load combinations 2 and 3 are pertinent for this column.

A close examination of these load combinations will confirm that the most critical factored load combinations (i.e., LRFD) are load combinations 2 (1.2D + 1.6L + 0.5S) and 3 (1.2D + 1.6S + 0.5L). A similar examination of the ASD load combinations reveals that load combinations 2 (D + L) and 3 (D + 0.75L + 0.75S) are the two most critical load combinations for the calculation of the unfactored axial load on the typical interior column for this building. We will now illustrate how some of the numbers in Table 2-7 were obtained for the case with floor live load reduction (i.e., the top three rows of Table 2-7).


For the case with floor live load reduction, the loads from load combination 2 or LC2 (1.2D + 1.6L + 0.5S) are now calculated:

For the roof level, the value of the factored load for LC2 is 1.2 (30psf) + 0.5 (30psf) = 51 psf.

For the third floor level, the value of the factored load for LC2 is 1.2 (110psf) + 1.6 (25psf) = 172 psf. (Note: 25 psf is the reduced floor live load at the third floor level).

For the second floor level, the value of the factored load for LC2 is 1.2 (110 psf) + 1.6 (21 psf) = 165.6 psf. (Note: 21 psf is the reduced floor live load at the second floor level).

The above psf loads are the values shown in the 6th column of Table 2-7

To obtain the axial load in kips for LC2, these factored uniform loads in psf are multiplied by the column tributary area as follows:

For roof, the factored axial load for LC2 = (51psf)(400 ft2) = 20.4 kips

For third floor, the factored axial load for LC2 = (172psf)(400 ft.2) = 68.8 kips

For second floor, the factored axial load for LC2 = (165psf)(400 ft.2) = 66 kips

The above are the left hand values tabulated under the 8th column in Table 2-7.

For the case with floor live load reduction, we will now calculate the loads using load combination 3 or LC3:

1.2D + 0.5L + 1.6S.

For the roof level, the value of the factored load for LC3 is 1.2 (30psf) + 1.6 (30psf) = 84 psf.

For the third floor level, the value for LC3 is 1.2 (110psf) + 0.5 (25psf) = 144.5 psf.

For the second floor level, the value for LC3 is 1.2 (110 psf) + 0.5 (21psf) = 142.5 psf.

The above factored uniform loads are the values shown in the 7th column of Table 2-7

To get the axial load in kips for LC3, these psf loads are multiplied by the column tributary area as follows:

For the roof level, the factored axial load for LC3 = (84psf)(400 ft2) = 33.6 kips.

For the third floor level, the factored axial load for LC3 = (144.5 psf)(400 ft.2) = 57.8 kips.

For the second floor level, the factored axial load for LC3= (142.5 psf)(400 ft.2) = 57 kips.

The above are the right hand values tabulated under the 8th column in Table 2-7.



Using both LRFD combinations 2 (i.e., 1.2D + 1.6L + 0.5S) and 3 (1.2D + 1.6S + 0.5L), the maximum factored column axial loads with and without floor live load reductions are calculated in Table 2-7. The corresponding values for the unfactored column axial loads with and without floor live load reductions are calculated in Table 2-8. Tables 2-7 and 2-8 are known in design practice as the column load summation table or the column load rundown table.

Therefore, the ground floor column will be designed for a cumulative reduced factored axial compression load of 153 kips; the corresponding factored axial load without floor live load reduction is 177 kips. The reduction in factored column axial load due to floor live load reduction is only 14% for this three-story building. Thus, the effect of floor live load reduction on columns and column footings is not as critical for low-rise buildings as it would be for taller buildings.

Although in the previous discussions and example we used the tributary area method for calculating the column loads, the column load can also be determined by summing the reactions of all the beams and girders that frame into the column. This method will prove to be useful later when the columns must be designed for combined axial loads and bending moments due to the eccentricity of the beam and girder reactions relative to the centroid of the supporting columns.


TABLE 2-6 Reduced or Design Floor Live Load Calculation Table

[image: image]




TABLE 2-7 Factored Column Load Summation Table

[image: image]

*For the column segment below the second floor (i.e.,the ground floor column), the reduced floor live load at the second floor level applies to all the tributary areas of all the floors (with reducible live load) supported by this column (i.e., both the second and third floors in this case). Therefore, the total cumulative reduced factored axial loads in the ground floor column (i.e., the column below the second floor level) are calculated as follows:

ΣPLC2 = 51 psf (400 ft.2) + 165.6 psf (400 ft.2 + 400 ft.2) = 153 kips, and
ΣPLC3 = 84 psf (400 ft.2) + 142.5 psf (400 ft.2 + 400 ft.2) = 148 kips.
The maximum factored column loads (with floor live load reduction) are as follows:
Third-story column (i.e., column below roof level) = 33.6 kips.
Second-story column (i.e., column below the third floor) = 91.4 kips.
First-story column (i.e., column below the second floor) = 153 kips.
The maximum factored axial column loads (without floor live load reduction) are as follows:
Third-story column (i.e., column below roof level) = 33.6 kips.
Second-story column (i.e., column below the third floor) = 98.8 kips.
First-story column (i.e., column below the second floor) = 177 kips.




TABLE 2-8 Unfactored Column Load Summation Table

[image: image]

*For the column segment below the second floor (i.e., the ground floor column), the reduced floor live load at the second floor level applies to all the tributary areas of all the floors (with reducible live loads) supported by the column (i.e., both the second and third floors in this case). Therefore, the total cumulative unfactored reduced axial loads in the ground floor column (i.e., the column below the second floor level) are calculated as follows:

ΣPD+L = 30 psf (400 ft.2) + 131 psf (400 ft.2 + 400 ft.2) = 116.8 kips, and
ΣPD+0.75L+0.75S = 52.5 psf (400 ft.2) + 125.6 psf (400 ft.2 + 400 ft.2) = 121.6 kips.
The maximum unfactored column loads (with floor live load reduction) are as follows:
Third-story column (i.e., column below roof level) = 21 kips.
Second-story column (i.e., column below the third floor) = 72.5 kips.
First-story column (i.e., column below the second floor) = 121.6 kips.
The maximum unfactored axial column loads (without floor live load reduction) are
^^Third-story column (i.e., column below roof level) = (400)(30psf + 30psf) = 24 kips.
Second-story column (i.e., column below the third floor) = the higher of (21 + 56) or (12 + 60) = 77 kips.
First-story column (i.e., column below the second floor) = the higher of (77 + 56) or (72 + 60) = 133 kips.





2-11SNOW LOAD


The ground snow load map of the contiguous United States showing the 50-year mean recurrence interval (MRI) ground snow loads, pg, is found in ASCE 7 Figure 7.2-1 (use ASCE Table 7.2-1 for Alaska) [2]; however, for certain areas of the United States, specific snow load studies are required in order to establish the ground snow loads. The ground snow loads in Ref. [2] have an annual probability of 2% of being exceeded. The ground snow loads are specified in greater detail in the local building codes, and because relatively large variations in snow loads can occur even over small geographic areas, the local building codes appear to have more accurate ground snow load data for the different localities within their jurisdiction when compared to the ground snow load map given in the ASCE 7 Load Standard [2]. The value of the roof snow load depends on, but is usually lower than, the ground snow load, pg, because of the increased effect of wind at the higher levels. The roof snow load is also a function of the roof exposure (i.e., how much the roof is exposed to wind on all sides), the roof slope, the building occupancy, the temperature of the roof—whether it is heated or not, or whether it is a structure that is intentionally kept below freezing temperatures, such as freezer buildings or cold rooms, and the terrain conditions at the building site; however, roof snow load is independent of the tributary area of a structural member. The steeper the roof slope, the smaller the roof snow load, because steep roofs are less likely to retain snow, and conversely, the flatter the roof slope, the larger the roof snow load. Flat roofs are more susceptible to failure from snow load if the drainage fails and refreezing of melted snow occurs. The accumulation of ice together with the snow increases the load on the roof considerably since the density of ice is up to 8 times that of snow. Several roof failures were reported in the Northeastern United States during the winter of 2010 because of the unexpected additional loads caused by ice accumulation [11, 12, 13].

Depending on the type of roof, the snow load can either be a uniform balanced load or an unbalanced load. A balanced snow load is a uniform snow load distributed over the entire roof surface, while an unbalanced snow load is a partial uniform or nonuniform distribution of snow load over the roof surface or a portion of the roof surface.

The procedure for calculating snow loads on a roof surface is as follows:


	Determine the ground snow load from Figure 7.2-1 of ASCE 7 or from the local building code ground snow load map of the area. In mountainous regions, local ground snow load maps take on even greater importance as the ASCE 7 values are often low for these areas or are not given at all, and local building codes can override ASCE 7.

	Determine the snow exposure factor, Ce, from ASCE 7 Table 7.3-1. Refer to ASCE 7 Section 26.7 for the description of the terrain categories (B, C, and D) that are needed in ASCE Table 7.3-1.

	Determine the thermal factor, Ct, from ASCE 7 Table 7.3-2. Heated buildings have a Ct value of 1.0. Freezer buildings or cold rooms have a Ct of 1.3, and unheated and open-air buildings such as loading docks or sheds, or bus shelters have a Ct of 1.2.

	Determine the snow load importance factor, Is, from ASCE 7 Table 1.5-2 based on the Risk Category (I, II, III, or IV) of the building from ASCE 7 Table 1.5-1.

	Calculate the flat roof snow load, pf, from equation 2-7:
[image: image] (2-7)



	Determine the minimum flat roof snow load, [image: image]:
[image: image]  (2-8)

[image: image]  (2-9)

The minimum snow load, [image: image], should not be combined with sliding or drift snow load [11].

It is the balanced flat roof snow load, Pf, that should be combined with drift or sliding snow.



	Determine the design snow load accounting for the sloped roof factor, Cs, which is a function of the roof slope and the temperature below the roof (see ASCE 7 Figure 7.4-1):
[image: image]  (2-10)

For non-slippery roofs in a heated building (i.e., a warm roof),

[image: image] for roof slope [image: image];

[image: image] = 0 for roof slope [image: image]

For cold roofs and slippery roof surfaces, refer to ASCE 7 Figure 7.4-1.



	Consider partial loading for continuous beams per ASCE 7 Section 7.5, where alternate span loading might create maximum loading conditions.

	The unbalanced loading from the effects of wind must be considered per ASCE 7 Section 7.6.

	Determine snowdrift loads on adjacent lower roofs per ASCE 7 Section 7.7.

	Determine snowdrift loads at roof projections and parapet walls per ASCE 7 Section 7.8. Where the side length of a roof projection or rooftop equipment is smaller than 15 feet, snowdrift does not have to be considered.

	Determine the effects of sliding snow from higher sloped roofs onto adjacent lower roofs per ASCE 7 Section 7.9.

	Check the requirements for rain-on-snow surcharge per ASCE 7 Section 7.10. Roofs with a slope of less than W/50 (where W is the horizontal distance in feet from eave to ridge) in areas where pg [image: image] 20 psf must be designed for an additional rain-on-snow surcharge load of 5 psf. Note that this additional load only applies to the balanced load case, and it does not need to be used for snowdrift, sliding snow, and unbalanced or partial snow load calculations.

	The requirements for ponding instability should be checked, per ASCE 7 Section 7.11, in susceptible roof bays defined in ASCE 7 Section 8.4. Ponding is the additional load that results from rain-on-snow or melted snow water acting on the deflected shape of a flat roof, which, in turn, leads to increased deflection and therefore increased roof loading because of the additional space available (due to the deflected roof framing) for the snow and rain to accumulate.

	Check existing adjacent lower roofs for the effect of drifting or sliding snow.



The following should be noted with respect to using the “slippery surface” values in ASCE 7 Figure 7.4-2, to determine the roof slope factor, Cs:


	Slippery surface values can only be used where the roof surface is free of obstruction and sufficient space is available below the eaves to accept all the sliding snow. Examples of slippery surfaces include metal, slate, glass, and bituminous, rubber, and plastic membranes with a smooth surface.

	Membranes with imbedded aggregates, asphalt shingles, and wood shingles should not be considered as a slippery surface.



EXAMPLE 2-14

Balanced Snow Load

An office building located in an area with a ground snow load of 85 psf has an essentially flat roof with a slope of ¼ in. per foot for drainage. Assuming a partially exposed heated roof and terrain category “C”, calculate the design roof snow load using the ASCE 7 load standard.

Solution


The ground snow load, pg = 85 psf

Roof slope, θ (for 1/4 in./ft. of run for drainage) = 1.2 degrees

From ASCE 7 Table 7.3-1, exposure factor, Ce = 1.0 (partially exposed roof and terrain category C)

From ASCE 7 Table 7.3-2, thermal factor, Ct = 1.0 (for heated roof)

Assuming a Risk Category II for office buildings from ASCE 7 Table 1.5-1, we obtain from ASCE 7 Table 1.5-2 the importance factor, Is = 1.0

For θ = 1.2°, and assuming a heated roof (see ASCE 7 Figure 7.4-1),

[image: image]

From equation (2-7), the flat roof snow load, pf = 0.7 Ce Ct Is pg

= (0.7) (1.0) (1.0) (1.0) (85) = 59.5 psf

> Pm = 20Is = 20 (1.0) = 20 psf

Using equation (2-10), the design roof snow load, ps = Cs pf = (1.0) (59.5) = 59.5 psf The calculated snow load will need to be combined with the dead load and all the other applied loads using the load combinations given in Section 2-3.



Windward and Leeward Snowdrift

Snowdrift loads on the lower levels of multilevel roofs are caused by wind transporting snow from the higher roof and depositing it onto the lower roof or to balconies or canopies (i.e., snow deposited on the leeward side). It can also occur where the wind encounters roof obstructions, such as high roof walls, penthouses, high parapet walls, and mechanical rooftop units, and the snow is deposited on the windward side of the obstruction. The snowdrift loads are additional snow loads on the lower roof that are superimposed on the balanced flat roof snow load, Pf. The distribution of the snowdrift load is assumed to be triangular in shape (see Figure 2-5). The two kinds of snowdrift are windward and leeward drifts. Windward snowdrift occurs when the wind moves the snow from one area of a lower roof to another area on the same lower roof adjacent to a high wall or other sufficiently high obstruction. Leeward snowdrift occurs as the wind moves the snow from an upper roof and deposits the snow on a lower roof adjacent to the wall of the higher roof building. The length of roof used for the calculation of the snowdrift is the length of the roof area from which the drifting snow is derived (see Figure 2-5).

The procedure for calculating the maximum height of the triangular snowdrift load is as follows (see ASCE 7 Sections 7.7, 7.8, and 7.9):

1.Calculate the density of snow, γs (pcf) = 0.13 pg + 14 ≥ 30 pcf, (2-11)

where pg = 50-year ground snow load in psf obtained from the snow load map in the governing building code.

2.Calculate the height of balanced flat roof snow load, [image: image] , where Pf is the flat roof snow load.


[image: image]

FIGURE 2-5Snow drift diagrams



3.Calculate the difference in height, h (in feet), between the high and low roof, and ­calculate the ­additional wall height, hc, available to accommodate the drifting snow, where hc = h − hb.

4.Where h ≤ hb or hc/hb < 0.2, the snowdrift is neglected, and the low roof is designed for the uniform balanced snow load, pf.

5.The maximum drifting snow height in feet, hd, is the higher of the values calculated using equations 2-12a and 2-12b in Table 2-9.


TABLE 2-9 Maximum Snowdrift Heights

[image: image]



6.hd is the larger of the two values calculated from the previous step. If hd ≤ hc, use hd in steps 7 and 8, but if hd ≥ hc, set hd = hc in steps 7 and 8.

7.The maximum value of the triangular snowdrift load in psf is given as
[image: image]  (2-13)

8.This load must be superimposed on the uniform balanced flat roof snow load, pf.

9.The length of the triangular snowdrift load, w, is calculated as follows:
[image: image]   (2-14a)
[image: image]   (2-14b)

For the case where the actual length of the upper roof, Lu, is less than 20 ft, a value of 20 ft is substituted for Lu in calculating hd from equations 2-12a and 2-12b; for this case, the value of hd is limited as follows: [image: image]

Where the drift width, w, exceeds the length of the lower roof, LL, the snowdrift load distribution should be truncated, varying linearly from zero at the edge of the lower roof to a maximum value of [image: image] at the face of the high roof wall (ASCE 7 Section 7.7.1) (see Figure 2-5).

Sliding Snow Load

Where a higher pitched or gable roof is adjacent to a lower flat roof, there is a tendency for snow to slide from the higher roof onto the lower roof. The ASCE 7 load standard assumes that only 40% of the snow load on the pitched roof will slide onto the lower roof because of the low probability that the snow load on both the pitched higher roof and the low roof will be at their maximum values at the same time when the sliding occurs. The magnitude of the snow that slides from a pitched higher roof (slippery roof with slopes greater than ¼ in./ft. or nonslippery roof with slopes greater than 2:12) onto a lower flat roof is assumed to be a uniform load, pSL, distributed over a length of 15 ft. on the lower roof. This snow load is in addition to the flat roof balanced snow load, pf, on the lower roof. However, sliding snow load should not be combined with or superimposed on drift snow load or unbalanced, partial or rain-on-snow loads [2]. Therefore, the maximum uniform snow load in psf on a lower roof adjacent to a higher sloped roof, with no separation between the two buildings, due to balanced snow load on the lower roof and sliding snow from the upper sloped roof is equal to pf (lower roof) + pSL, where

[image: image] (2-15)



	W =
	Horizontal distance in feet from the eave to the ridge of the higher roof as shown in Figure 2-6



	LL =
	Length (in feet) of the lower roof



	h =
	Difference in height (in feet) between the eave of the higher roof and the top of the lower roof



	PSL =
	Sliding snow load (in psf) on the lower roof




Pf (upper roof) = Flat roof snow load in (psf) on the upper roof

Pf (lower roof) = Flat roof snow load in (psf) on the lower roof


[image: image]

FIGURE 2-6Sliding snow diagram



Where the length of the lower roof, LL, is less than 15 ft., the total resultant sliding snow load on the lower roof will be proportionally smaller; however, the uniformly distributed sliding snow load in psf is still calculated using equation (2-15). Note that the total combined snow load on the lower roof will be limited by the difference in height, h, between the eave of the upper roof and the top of the lower roof because the snow will be blocked from sliding onto the lower roof in instances where there is not sufficient height difference.

Horizontal Separation between Multilevel Adjacent Roofs—Snowdrift

Where two adjacent buildings with different roof heights are separated by a horizontal distance S (in feet), as shown in Figure 2-7a, that is less than 20 ft. or 6h, the maximum leeward snowdrift load, PSD, at the edge of the lower roof is the smaller of

[image: image] (2-16a)

The maximum depth of the snowdrift, [image: image], is calculated using equation (2-12b) from Table 2-9 and the length of the upper roof, Lupper, and h is the difference in height, in feet, between the two adjacent roofs. The horizontal extent of this leeward snowdrift on the lower roof is the smaller of 6hd or (6h − S). When S ≥ 20 ft. or 6h, no leeward snowdrift occurs on the adjacent lower roof.

For windward snowdrift on the lower roof adjacent to a taller building, the maximum ­windward snowdrift load, PSD, at the edge of the lower roof is given as

[image: image]  (2-16b)

where the maximum depth of the snowdrift, hd, is calculated using equation (2-12a) from Table 2-9 and the length of the lower roof, Llower, and h is the difference in height, in feet, between the two adjacent roofs. The horizontal extent of this windward snowdrift on the lower roof is [image: image]. When [image: image], no windward snowdrift occurs on the adjacent lower roof (see Figure 2-7b).


[image: image]

FIGURE 2-7aEffect of separation between adjacent buildings on leeward snowdrift loads on lower roofs




[image: image]

FIGURE 2-7bEffect of separation between adjacent buildings on windward snow drift loads on lower roofs



Horizontal Separation between Multilevel Adjacent Roofs—Sliding Snow

For two separated adjacent buildings with a separation distance S < 15 ft. and the difference in height, h, between the eave of the higher roof and the top of the lower roof, h > S, the sliding snow on the lower roof is calculated using equation (2-15) with the sliding snow load distributed over a length of 15-S on the lower roof (see Figure 2-7c). The load per unit length in this case will be [image: image].

When S > 15 ft. or h < S, no sliding snow load is considered on the adjacent lower roof.

These discussions on snowdrift and sliding snow on adjacent lower roofs, even with separation distances between the buildings, have implications for existing buildings that are adjacent to proposed new buildings that will be higher in elevation. Other factors such as the exposure of the lower roof of the existing building (i.e., the Ce factor in Equation (2-7)) may also be impacted, which may result in increased snow loads on the existing lower roof. In accordance with ASCE Section 7.12, “owners or agents for owners of an existing lower roof should be advised of the potential for increased snow loads where a higher roof is to be constructed within 20 ft” of the existing building.


[image: image]

FIGURE 2-7cEffect of separation between adjacent buildings on sliding snow drift loads on lower roofs



Windward Snowdrift at Roof Projections

When drifting snow transported by wind is obstructed by a roof projection such as high parapets, signs, and rooftop equipment units (RTU), snow will tend to accumulate on both the windward and leeward sides of the projection. This windward snowdrift load can be neglected if the width of the roof projection perpendicular to the snowdrift is less than 15 ft. [2]. For all other cases, the snowdrift load distribution is assumed to be triangular (see Figure 2-8) in shape, with a maximum magnitude of

[image: image]  (2-17)


[image: image]

FIGURE 2-8Snow drift due to roof projections



where



	γs =
	Density of snow



	hdp =
	Windward snowdrift height at the obstruction = [image: image] (2-18)



	L =
	The greater of the length of roof on the windward and leeward sides of the roof projection ≥ 20 ft.




The length of the triangular snowdrift load, w, is determined using equations (2-14a) and (2-14b). The snowdrift load due to roof projections is neglected when the width of the roof projection perpendicular to the wind direction is less than 15 ft. Consequently, snowdrift loads do not need to be considered at rooftop equipment that have a plan size smaller than 15 ft. × 15 ft.

Partial Loading for Continuous and Cantilevered Roof Beams

In addition to designing continuous or cantilevered flat roof beams for the balanced design roof snow load, ps, Section 7.5 of ASCE 7 prescribes a pattern of full and partial loading for the design of continuous beams. It involves applying one-half of the design snow load and the full design snow load in a checkered pattern that creates maximum load effects. The three different load cases specified in ASCE 7 are illustrated in Figure 2-9a.

Snow Loads on Hip and Gable Roofs

In addition to designing hip and gable roofs for the balanced design roof snow load, ps, Section 7.6 of ASCE 7 prescribes two unbalanced loading patterns for the design of gable roofs as shown in Figure 2-9b. These unbalanced loads may govern the design in certain situations and should be considered in the design, together with the balanced snow load.


[image: image]

FIGURE 2-9aPartial loading diagram for continuous roof beams




[image: image]

FIGURE 2-9bBalanced and unbalanced snow loads for hip and gable roofs



Snow Loads on Other Types of Structural Systems

The snow load caused by ice dams and icicles on the eaves of overhanging roofs is covered in ASCE 7 Section 7.4.5. The snow load on such roofs is twice the unheated flat roof snow load (i.e., 2pf (unheated)) and should be applied as a uniformly distributed load on the roof overhang over a length of 5 ft. If the roof overhang is longer than 5 ft., the unheated snow load, pf (unheated), should be applied to the remainder of the roof overhang.

Snow Stockpiling on Parking Garage Roofs

The live load due to stockpiled snow from snow plowing operation on parking garage roofs during a snowstorm should be considered. Parking garage floors used for passenger vehicles are usually designed for a live load of 40 psf, but the parking garage roof is designed for ­additional loads due to snow. Thus, the roof of parking garages is usually designed for a live load of 40 psf plus the flat roof snow load, pf. This would amount to a live load on the parking garage roof of 65 psf in Philadelphia and 75 psf in Rochester, New York. Additionally, some area of the parking garage roof is usually designated to accommodate stockpiled snow from snow plowing operations during a snowstorm. Those areas of the parking garage roof, which should be clearly identified on the structural drawings and marked on the finished structure, are subjected to far greater live loads than other areas of the roof or floors of the parking garage. For example, if a maximum height of 6 ft of stockpiled snow is specified in some designated areas on the roof framing plan of a parking garage, the resulting live load on the parking garage roofs for the areas with stockpiled snow could be as large as 336 psf (i.e.,56 pcf 6 ft). The density of ice of 56 pcf is used instead of the density of snow (which is smaller) because of the potential of freezing of the compacted stockpiled snow and the high probability of clogged roof drains. This is a heavy live load that must be considered in designing the parking garage roof framing.

More information on snow loads for other types of roofs such as curved, folded plate, and dome roofs, and a detailed treatment of structural loads in general can be found in Ref. [18].

EXAMPLE 2-15

Balanced, Snowdrift, and Sliding Snow Load

A building located in an area with a ground snow load of 85 psf has a lower flat roof adjacent to a pitched higher roof with a 30-degree slope as shown in Figure 2-10. Assume a fully exposed roof and terrain category C, and a warm roof with Ct = 1.0. Assume a Risk Category II building.


	Calculate the design snow loads for the upper roof using ASCE 7

	Calculate the design snow load for the lower roof, considering snowdrift and sliding snow, and

	Determine the most critical average snow loads on beams A and B, assuming a typical beam spacing of 4 ft.



Solution

High-pitched Roof


The ground snow load, pg = 85 psf

High roof slope, θ = 30°

From ASCE 7 Table 7.3-1, Ce = 0.9 (fully exposed roof and terrain category C)

From ASCE 7 Table 7.3-2, Ct = 1.0

With a Risk Category II assumed from ASCE 7 Tables 1.5-1, we obtain the importance ­factor, Is, from ASCE Table 1.5-2: Is = 1.0

From ASCE-7 Figure 7.4-1(a), for θ = 30° and with a warm roof, Cs = 1.0.

Alternatively, use the equation to calculate Cs as follows with θ = 30°:

[image: image]

[image: image]

[image: image]




[image: image]

FIGURE 2-10Building section for Example 2-15



[image: image]

[image: image]

Lower flat roof (adjacent to higher pitched roof)

Two load cases will be considered for the lower flat roof: drifting and sliding snow.

Case 1: Balanced Snow Load + Triangular Snowdrift Load


The ground snow load pg = 85 psf

Lower roof slope, θ = 1.2° (i.e., ¼ in. per foot of slope for drainage)

The roof is assumed to be fully exposed and a terrain category C is assumed. (See ASCE 7 Section 26.7.2 for definitions of terrain categories.)

From ASCE 7 Table 7.3-1, exposure factor, Ce = 0.9 (fully exposed roof and terrain ­category C)

From ASCE 7 Table 7.3-2, thermal factor, Ct = 1.0

With a Risk Category II assumed from ASCE 7 Tables 1.5-1, we obtain the importance ­factor, Is, from ASCE Table 1.5-2: Is = 1.0

From ASCE 7 Figure 7.4-1(a), for θ = 1.5°, and assuming a warm roof, Cs = 1.0

or [image: image]

[image: image]

[image: image]

[image: image]

[image: image]



Snowdrift on lower roof:


	Ground snow load, pg = 85 psf
Density of snow, [image: image] = 0.13 pg + 14 ≤ 30 pcf
[image: image] = 0.13 (85) + 14 = 25 pcf ≤ 30 pcf

	Height of balanced flat roof snow load, [image: image] = [image: image] = 2.2 ft.

	Height difference between the higher roof eave and the top of the lower roof, h = 10 ft. Additional wall height available for drifting snow, hc = h − hb = 10 ft. − 2.2 ft. = 7.8 ft.

	h = 10 ft. > hb = 2.2 ft., and hc/hb = 7.8 ft./2.2 ft. = 3.55 > 0.2; therefore, snowdrift must be considered.

	The maximum height in feet, hd, of the drifting snow is calculated as shown in Table 2-10:

TABLE 2-10 Maximum Snowdrift Heights

[image: image]





	hd = Larger of the two values calculated from the previous step = 4.29 ft.
[image: image]

	The maximum value of the triangular snowdrift load in pounds per square feet is given as
[image: image]
This load must be superimposed on the uniform balanced flat roof snow load.

	The length of the triangular snowdrift load, w, is calculated as follows:
Since hd ≤ hc, w = 4 hd = (4)(4.29 ft.) = 17 ft. (governs) ≤ 8 hc = 8 (7.8 ft.) = 63 ft.



The resulting snowdrift load diagram is shown in Figure 2-11a.


[image: image]

FIGURE 2-11aSnow drift and sliding snow diagrams



Case 2: Balanced Snow Load + Uniform Sliding Snow Load

From Case 1, pf = 54 psf and ps = 54 psf.

Sliding snow load on lower roof:

In accordance with the ASCE 7 load standard, consider the snow that slides from a pitched roof onto a lower flat roof as equal to a uniform load, pSL, distributed over a length of 15 ft. on the lower roof. This load is superimposed on the flat roof balanced snow load, pf lower, for the lower roof.

W = Horizontal distance from eave to ridge of the higher roof = 40 ft. > 15 ft.

[image: image]

Therefore, the maximum uniform snow load on the lower roof due to sliding snow is

[image: image]

The resulting sliding snow diagram is shown in Figure 2-11a. The lower roof structure must be designed and analyzed for combined balanced snow plus snowdrift and combined balanced plus sliding snow, to determine the worst case loading on the roof framing members.

Loads on Beams A and B due to Snowdrift

Beam A (see Figure 2-11b)

From similar triangles, the average snowdrift load on beam A is obtained from Figure 2-11b as

[image: image]

Snowdrift + Balanced snow loads, S = pAVG + pf = 82 psf + 54 psf = 136 psf.

Beam B (see Figure 2-11b)

From similar triangles, the snowdrift load midway between beams A and B is obtained from Figure 2-11b as

[image: image]

[image: image]

Snowdrift + Balanced snow load, S = Average snowdrift + pf = 101 psf + 54 psf = 155 psf.

Loads on Beams A and B Due to Sliding Snow

Beam A

Sliding snow + Balanced snow loads, [image: image]

This is less than the Snowdrift + Balanced snow load of 136 psf calculated previously for beam A; therefore, the most critical design snow load for beam A is [image: image]

Beam B

Sliding snow + Balanced snow loads, [image: image]

This is less than the Snowdrift + Balanced snow load of 155 psf calculated previously for beam B; therefore, the most critical design snow load for beam B is [image: image]

The design snow loads will need to be combined with the dead load and all other applicable loads using the load combinations in Section 2-3 to determine the most critical design loads for the beams. As a practice exercise, the reader should determine the most critical design snow load for beam C. Will snowdrift or sliding snow control the design for beam C?


[image: image]

FIGURE 2-11BLoads on Beam “A” and Beam “B”



Windward Snowdrift Due to Parapet

Use the windward drift equations.


	Ground snow load, pg = 85 psf
Density of snow, [image: image] = 0.13 pg + 14 ≤ 30 pcf
[image: image] = 0.13 (85) + 14 = 25 pcf ≤ 30 pcf

	Height of balanced flat roof snow load, hb = [image: image] = [image: image] = 2.2 ft.

	Height of parapet, h = 3 ft.
Additional parapet height available for drifting snow, hc = h − hb = 3 ft. −2.2 ft. = 0.8 ft.

	h = 3 ft. > hb = 2.2 ft., and hc/hb = 0.8 ft./2.2 ft. = 0.36 > 0.2; therefore, snowdrift must be considered around this parapet.

	The maximum height in feet, hd, of the drifting snow around the parapet is calculated as follows:
[image: image]

[image: image]

[image: image]

[image: image]



	Maximum snowdrift height at the parapet, hdp = 3.55 ft. Since hdp = 3.55 ft. > hv = 0.8 ft.; therefore, use hdp = hc = 0.8 ft. for calculating pSD.

	The maximum value of the triangular snowdrift load in pounds per square feet at the parapet is determined as follows:
[image: image]
This load must be superimposed on the uniform balanced flat roof snow load.

	The length of the triangular snowdrift load, w, is calculated as follows:
[image: image]



[image: image]

[image: image]

The resulting diagrams of snowdrift near the parapet is shown in Figure 2-11a.

EXAMPLE 2-16

Snowdrift Due to Rooftop Units and Parapets

A flat roof warehouse building located in an area with a ground snow load of 50 psf has 3-ft.-high parapets around the perimeter of the roof and supports a 12-ft. × 22-ft. × 13-ft.-high cooling tower located symmetrically on the roof (see Figure 2-12). Assuming a partially exposed roof in a heated building in terrain category C,


	Calculate the flat roof and design snow loads for the warehouse roof using ASCE 7.

	Determine the design snowdrift load around the parapet.

	Determine the design snowdrift load around the cooling tower.



Solution

Flat Roof

Case 1: Balanced Snow Load + Triangular Snowdrift Load

The ground snow load, pg = 50 psf

Roof slope, θ = 1.2° (for ¼ in. per foot of slope for drainage)


[image: image]

FIGURE 2-12Building section for Example 2-16



The roof is assumed to be partially exposed and terrain category C is assumed. (See ASCE 7 Section 26.7.2 for definitions of terrain categories.)

From ASCE 7 Table 7.3-1, exposure factor, Ce = 1.0

From ASCE 7 Table 7.3-2, thermal factor, Ct = 1.0

With a Risk Category II assumed from ASCE 7 Tables 1.5-1, we obtain the importance ­factor, Is, from ASCE Table 1.5-2: Is = 1.0

From ASCE 7 Figure 7.4-1(a) (for θ = 1.2°), and assuming a heated roof, Cs = 1.0 or [image: image]

[image: image]

[image: image]

[image: image]

Snowdrift around the Roof Parapet and Cooling Tower:


	Ground snow load, pg = 50 psf
Density of snow, γs = 0.13 pg + 14 ≤ 30 pcf
γs = 0.13 (50) + 14 = 20.5 pcf ≤ 30 pcf

	Height of balanced flat roof snow load, hb = [image: image] = [image: image] = 1.71 ft.

	Height of parapet, h = 3 ft.
Additional parapet height available for drifting snow, hc = h − hb = 3 ft.
−1.71 ft. = 11.29 ft.
Height of cooling tower, h = 13 ft.
Additional cooling tower height available for drifting snow, hc = h − hb = 13 ft. −
1.71 ft. = 11.29 ft.

	Parapet:
Parapet height, h = 3 ft. > hb = 1.71 ft., and hc/hb = 1.29 ft./1.71 ft. = 0.75 > 0.2;
therefore, snowdrift must be considered around this parapet.
Cooling Tower:
Cooling tower height, h = 13 ft. > hb = 1.71 ft.,
and hc/hb = 11.29 ft./1.71 ft. = 6.6 ft. > 0.2 ft.;
therefore, snowdrift must be considered around this cooling tower.

	The maximum height in feet, hd, of the drifting snow around parapets and ­cooling tower is calculated as follows:
Parapet:

[image: image]

[image: image]

[image: image]

[image: image]

Cooling Tower:

Since the cooling tower is symmetrically located on the roof, the length of the low roof on the windward side of the cooling tower is

[image: image]

[image: image]

[image: image]

[image: image]

[image: image]



	Parapet:
Maximum snowdrift height at parapet, hdp = 3.03 ft.
Since hdp = 3.03 ft. > hc = 1.29 ft.; therefore, use hdp = hc = 1.29 ft. for calculating pSD.
Cooling Tower:
Maximum snowdrift height at cooling tower, hdp = 2 ft.
Since hdp = 2 ft. < hc = 11.29 ft.; therefore, use hdp = 2 ft. for calculating pSD.



	The maximum value of the triangular snowdrift load in pounds per square feet (psf) is determined as follows:
Parapet:

[image: image]

This load must be superimposed on the uniform balanced flat roof snow load.

Cooling Tower:

[image: image]

This load must be superimposed on the uniform balanced flat roof snow load.



	The length of the triangular snowdrift load, w, is calculated as follows:
Parapet:

[image: image]

[image: image]

[image: image]

Cooling Tower:

[image: image]

[image: image]

[image: image]




The resulting diagrams of the snowdrift near the parapet and the cooling tower are shown in Figure 2-13.


[image: image]

FIGURE 2-13Snow drift diagram around parapets and roof top units





2-12RAIN LOADS


Rain loads (see ASCE 7 Chapter 8) are applicable only to flat roofs with parapets since accumulation of rain will generally not occur on roofs without parapets or on pitched roofs. The higher the roof parapet, the greater the rain load. Building codes require that roofs with parapets have two independent drainage systems—primary and secondary (or overflow) drains at each drain location [2, 10]. The secondary drain must be located at least 2 in. above the main roof level where the primary drain is located; the secondary drain is the means for roof drainage if the primary drain is blocked. The design rain load, R, is calculated based on the assumption that the primary drainage system is blocked (see Figure 2-14). Thus, the total depth of water to be considered consists of the depth from the roof surface to the inlet of the secondary drainage (the static head) plus the depth of water that rises above the inlet of the secondary drainage due to the hydraulic head of the flowing water.


[image: image]

FIGURE 2-14Primary and secondary roof drains



Roof drainage is a structural engineering, architectural, and mechanical engineering or plumbing issue; therefore, proper coordination is required among these disciplines to ensure adequate design. For flat roofs with susceptible bays as defined in ASCE 7 Section 8.4, ponding or the additional rain load due to the deflection of the flat roof framing must also be considered in the design. Some flat roof structures have failed due to the additional rain load accumulated because of the deflection of the flat roof framing.

Assuming the primary drainage is blocked, the rain load, R, which is a function of the static head, the hydraulic head of water, and the drainage area, is given as

[image: image]   (2-19)

where



	ds =
	Depth in inches from the undeflected roof surface to the inlet of the secondary ­drainage system (i.e., the static head of water),



	dh =
	Depth of water in inches above the inlet of the secondary drainage or above the top of the secondary drainage pipe (i.e., the hydraulic head) obtained from ASCE 7 Table C8.3-1. The hydraulic head is a function of the tributary roof area, A, drained by each drain, the size of the drainage system, and the flow rate, Q. Use ASCE 7 Tables C8.3-3 and C8.3-5 to determine the hydraulic head for rectangular and circular scuppers.



	Q =
	Flow rate in gallons per minute = 0.0104 Ai,



	A =
	Tributary roof area (in ft.2) drained by a single secondary drain, and



	i =
	design rainfall precipitation intensity (in inches/hr.) for a 100-year, 15-min duration rainfall for the secondary drainage based on precipitation intensity estimates obtained from the National Oceanographic and Atmospheric Administration (NOAA) precipitation frequency data server at the following URL: http://hdsc.nws.noaa.gov.



Note that the rainfall intensity is based on the 15-minute duration 100-year MRI event, not the 1 hr. duration 100-year event that was used in previous Codes. The IBC Code Section 1603 stipulates that the rain load must also be listed on the construction documents, in addition to other pertinent structural loads [32].

EXAMPLE 2-17

Rain Loads

The roof drainage plan for a building located in Avondale, Pennsylvania with a 100-year 15-­minute duration precipitation intensity of 5.43 inch/hr. is shown in Figure 2-15.


[image: image]

FIGURE 2-15Roof drainage plan



a.Assuming a 4-in.-diameter secondary drainage pipe that is set at 3 in. above the roof surface, determine the design rain load, R.

b.Assuming a 6-in.-wide channel scupper secondary drainage system that is set at 3 in. above the roof surface, determine the design rain load, R.

c.Assuming a 24-in.-wide, 6-in.-high closed scupper secondary drainage system that is set at 3 in. above the roof surface, determine the design rain load, R.

Solution

a.drain size = 4-in.-diameter secondary drainage

ds = Depth in inches from the undeflected roof surface to the inlet of the secondary drainage system (i.e., the static head of water) = 3 in. (given)

A = Tributary area of roof drained by one secondary drain

= [image: image] (50 ft.) = 3000 ft.2

i = 100-year., 15-min precipitation intensity = 5.43 in./hr. (see NOAA data server)

Q = 0.0104 Ai = (0.0104) (3000 ft.2) (5.43 in.) = 169 gallons/min.

Using ASCE 7 Table C8.3-1 for a 4-in.-diameter secondary drainage system with a flow rate, Q = 169 gallons/min., we find by linear interpolation from the values in the table that

dh = Depth of water in inches above the inlet of the secondary drainage system

[image: image]

Using equation (2-19), the rain load is

[image: image]

b.6-in.-wide channel scupper



	ds =
	Depth in inches from the undeflected roof surface to the inlet of the secondary drainage system (i.e., the static head of water) = 3 in. (given)



	A =
	Area drained by one secondary drainage = 3000 ft.2



	i  =
	design rainfall precipitation intensity = 5.43 in./hr.



	Q =
	0.0104 Ai = (0.0104) (3000 ft.2) (5.43 in.) = 169 gallons/min.




Using ASCE 7 Table C8.3-3 for a 6-in.-wide channel scupper secondary drainage with a flow rate, Q = 169 gallons/min., we find by linear interpolation from the values in the table that

dh = Depth of water in inches above the inlet of the secondary drainage system

= [image: image] (169 gallons/min − 140 gallons/min) + 4 in.

= 4.54 in.

Using equation (2-19), the rain load is

[image: image]

c.24-in.-wide, 6-in.-high closed scupper



	ds =
	Depth in inches from the undeflected roof surface to the inlet of the secondary drainage system (i.e., the static head of water) = 3 in.



	A =
	Area drained by one secondary drainage = 3000 ft.2



	i =
	design rainfall precipitation intensity = 5.43 in./hr.



	Q =
	0.0104 Ai = (0.0104) (3000 ft.2) (5.43 in.) = 169 gallons/min.




Using ASCE 7 Table C8.3-3 for a 24-in.-wide, 6-in.-high closed scupper system with a flow rate, Q = 169 gallons/min., we find by linear interpolation from the values in the table that

dh = Depth of water in inches above the inlet of the secondary drainage

= [image: image] (169 gallons/min − 72 gallons/min) + 1 in.

= 1.76 in.

Using equation (2-19), the rain load is

[image: image]

[image: image]



2-13ICE LOADS DUE TO FREEZING RAIN


The weight of ice formed on exposed structures such as towers, cable systems, and pipes in the northern parts of the United States due to freezing rain must be accounted for in the design of these structures (see ASCE 7 Chapter 10); it is quite common in these areas to see downed power lines and tree limbs due to the weight of accumulated ice loads. Figure 2-16 shows ice accumulation on exposed tree limbs in Rochester, New York, during an ice storm.


[image: image]

FIGURE 2-16Ice accumulation on exposed tree limbs (Photo by Abi Aghayere)



Similar ice accumulations occur on exposed structural steel members. The weight of ice on these structures is usually added to the snow load on the structure.

The procedure for calculating the ice load on a structural element in accordance with ASCE 7 Chapter 10 is as follows:


	Determine the Risk Category based on the occupancy of the structure from ASCE 7 Table 1.5-1.

	Determine the 500-year mean recurrence interval (MRI) uniform nominal ice thickness, t, and the concurrent wind speed, Vc, from ASCE 7 Figures 10.4-2 through 10.4-6.; the temperature concurrent with the ice thickness caused by freezing rain is obtained from ASCE 7 Figures 10.6-1 and 10.6-2 or from a site-specific study.

	Determine the topographical factor, Kzt, from ASCE 7 Section 26.8
[image: image]  (2-20)

where the multipliers K1, K2, and K3 account for wind speed-up effect for buildings located on a hill or escarpment and are determined from ASCE 7 Figure 26.8-1.



	Using the Risk Category of the structure from step 1, determine the importance factor, Ii, from ASCE 7 Table 1.5-2.

	Determine the height factor, fz, to account for the increase in ice thickness as the height above ground increases:
[image: image]  (2-21)

where z = Height of the structural member in feet above the ground.



	The design uniform radial ice thickness in inches due to freezing rain is given as (see ASCE 7 equation 10.4-5):
[image: image]  (2-22)



	The weight of ice on exposed surfaces of structural shapes and prismatic members is calculated in accordance with ASCE 7 Section 10.4.1 as follows:
[image: image]   (2-23)

where

Dc = Characteristic dimension, shown for various shapes in ASCE 7 Figure 10.4-1, and

γice = Density of ice = 56 pcf (minimum value per ASCE 7 Section 10.4.1).

For large 3-D objects, the volume of ice is calculated as follows:

[image: image]   (2-24)

[image: image]
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[image: image]   (2-25)

The ice load, Di, must now be combined with the dead load and all other applicable loads in the load combinations from Section 2-3. The load combinations must be modified according to ASCE 7 Sections 2.3.3 and 2.4.3 when ice loads are considered.



	Determine the dead load, D, of the structural member in pounds per foot.

	Determine the snow load, S on the ice-coated structural member.

	Determine the live load, L, on the structural member (e.g., for a pipe transporting ­liquid, determine the live load due to the liquid carried in the pipe).

	Determine the wind velocity pressure [image: image] for wind velocity [image: image] in accordance with ASCE 7 Chapter 29.

	Determine the wind force coefficients, [image: image], in accordance with ASCE 7 Section 10.5.

	Determine the gust effect factor from ASCE 7 Section 26.9.

	Determine the wind-on-ice force, Wi, in accordance with ASCE 7 Chapter 29 considering the increased projected surface area of the ice-coated structural member that is exposed to wind (see ASCE 7 Chapter 10). The projected area will be increased by [image: image] all around the perimeter of the exposed structural member.

	Calculate the maximum total load using the modified load combinations that includes ice loading. The LRFD load combinations from Section 2-3 are modified per ASCE 7 Section 2.3.3 to include ice load as follows:
2. 1.2D + 1.6L + 0.2Di + 0.5S

4a. 1.2D + L + Di + Wi + 0.5S

4b. 1.2D + Di

5. 0.9D + Di + Wi

The ASD or service load combinations with ice load included are as follows:

1. D + 0.7Di

2. D + L + 0.7Di

3. D + 0.7Di + 0.7Wi + S

7. 0.6D + 0.7Di + 0.7Wi




EXAMPLE 2-18

Ice Loads (LRFD)

Determine the ice load, dead load, and live load on exposed 50-in.-diameter horizontal steel pipes for a chemical plant. The pipes have a wall thickness of 1 in. and carry a liquid with a density of 64 pcf. The top of the pipe is at an elevation of 100 ft. above the ground and the site is flat. Assume that the snow load is 35 psf, the density of the ice is 56 pcf, the density of the steel is 490 pcf, and the wind load on the pipe has been calculated to be 20 psf. Assume that the 500-year MRI uniform ice thickness, t, due to freezing rain is 1 in.

Solution


	Determine the Risk Category of the structure (from ASCE 7 Table 1.5-1): Chemical plant = Risk Category IV building (from ASCE 7 Table 1.5-1).

	Determine the nominal ice thickness, t, and the concurrent wind speed, Vc, from ASCE 7 Figures 10.4-2 through 10.4-6; and the concurrent temperature from ASCE 7 Figures 10.6-1 and 10.6-2:
t = 1
(Note: the 500-year MRI uniform ice thickness due to freezing rain was given for this problem)



	Determine the topographical factor, Kzt:
[image: image] for flat land



	Using the structure category from step 1, determine the importance factor, Ii, from ASCE 7 Table 1.5-2:
Ii = 1.25


	Determine the height factor, fz:
[image: image]

= 1.12 < 1.4

∴ fZ = 1.12,

where z = Height of the pipe in feet above the ground = 100 ft.



	The design uniform radial ice thickness in inches due to freezing rain is calculated as
[image: image]



	The weight of ice on exposed surfaces of a steel pipe is calculated in accordance with ASCE 7 Section 10.4.1 as follows:
[image: image]

[image: image]

where

Dc = Characteristic dimension, shown for various shapes in

ASCE 7 Figure 10.4-1 = 50 in. for 50-in.-diameter pipe,

γice = Density of ice = 56 pcf (minimum value per ASCE 7 Section 10.4.1), and



	Determine the dead load, D, of the structural member in pounds per foot:
[image: image]


	The snow load on the ice-coated pipe, S = 35 psf (Dc + td)
= 35 psf [image: image]

= 150 lb./ft.


	Determine the live load, L, of the pipe due to the liquid carried by the pipe:

	[image: image]

	Calculate the wind-on-ice load, Wi (the wind pressure has previously been calculated and given as 20 psf, which obviates the need for steps 11 through 13):
[image: image]


	The ice load, Di, must now be combined with the dead load and other applicable loads to determine the maximum total factored load on the pipe. The most critical limit states load combinations for downward-acting loads are calculated using the modified LRFD load combinations:
1. 1.4D = 1.4 (524) = 734 lb./ft.

2. 1.2D + 1.6L + 0.2Di + 0.5S

= 1.2 (524) + 1.6 (805) + 0.2 (88) + 0.5 (150) = 2009 lb./ft. (governs)

3. 1.2D + 1.6 (Lr or S or R) + (0.5L or 0.8W)

= 1.2 (524) + 1.6 (150) + 0.5 (805) = 1271 lb./ft.

4a. 1.2D + L + Di + Wi + 0.5S

= 1.2 (524) + 805 + 88 + 86 + 0.5 (150) = 1683 lb./ft.

4b. 1.2D + Di

= 1.2(524) + 88 = 717 lb./ft.

5. 0.9D + Di + Wi

= 0.9 (524) + 88 + 86 = 646 lb./ft.

Therefore, the controlling factored-downward load on the pipe for which the pipe will be designed is 2009 lb./ft.






2-14MISCELLANEOUS LOADS


The following miscellaneous loads will be discussed in this section of the chapter:


	Fluid loads,

	Flood loads,

	Self-straining loads (e.g., temperature),

	Lateral pressure due to soil, water, and bulk materials,

	Impact loads (see Table 2-11),

	Live loads from miscellaneous structural elements such as handrails, balustrades, and vehicle barriers (see Table 2-12), and

	Construction loads (see Table 2-13 and Ref [5]).



Note that the basic LRFD and ASD load combinations from ASCE 7 presented in Section 2-3 of this text that include dead, live, snow, wind, and seismic loads have been derived from reliability analyses that are “supported by an extensive statistical database” [2]. The load combinations for other loads—including some of those in the following sections—are based more on judgment rather than on a rigorous engineering analysis and hence they are not included in the basic load combinations in order to distinguish the load combinations that are based on engineering principles from those that are based on judgment [17].

Fluid Loads, F

The ASCE 7 load standard uses the symbol F to denote loads due to fluids with well-defined pressures and maximum heights. This load is separate and distinct from the soil or hydrostatic pressure load, H, or the flood load, Fa. Not much guidance is given in ASCE 7 regarding this load, but since it has the same load factor as the dead load, D, in the LRFD load combinations, that would indicate that this load pertains to the weight of fluids that may be stored in a ­building or structure (e.g., storage tanks).

TABLE 2-11 Impact Factors


	Type of load or equipment supported by the structural member
	Impact factor*

	Elevator loads
	See ASME A17

	Elevator machinery
	See ASME A17

	Hoists for façade and building maintenance equipment
	2.5

	Light machinery or motor-driven units
	1.2

	Reciprocating machinery or power-driven units
	1.5

	Monorail cranes (powered)
	1.25

	Cab-operated or remotely operated bridge cranes (powered)
	1.25

	Pendant-operated bridge cranes (powered)
	1.10

	Bridge cranes or monorail cranes with hand-geared bridge, trolley, and hoist
	1.0



* All equipment impact factors shall be increased where larger values are specified by the equipment manufacturer.

† Ref: ASCE 7 Sections 4.6.3, 4.6.4, and 4.9.3.

TABLE 2-12 Live Loads on Miscellaneous Structural Elements


	Structural element
	Live load

	Handrails and balustrades
	50 lb./ft. applied at the top along the length of the handrail or balustrade in any direction, or a single concentrated load of 200 lb. applied in any direction at any point

	Grab bar
	Single concentrated load of 250 lb. applied in any direction at any point

	Vehicle barriers for passenger cars
	6000 lb. of horizontal load applied in any direction to the barrier system, acting at between 18 in. and 27 in. above the floor or ramp surface over an area of 1 ft.2

	Fixed ladders with rungs
	Single concentrated load of 300 lb. applied at any point to produce maximum load effect plus additional 300 lb. of concentrated load for every 10 ft. of ladder height

	Rails of fixed ladders extending above floor or platform
	Concentrated load of 100 lb. in any direction, at any height

	Ship ladders with treads instead of rungs
	Live load similar to stairs (typically 100 psf (see ASCE 7 Table 4.3-1)

	Anchorage for attachment of fall arrest equipment
	Required unfactored live load = 3100 lb.



Adopted from ASCE-7, Section 4.5.

TABLE 2-13 Construction Live Loads


	Type of construction
	 Construction live load (psf)

	Very light duty construction
	20

	Light duty construction
	25

	Medium duty construction
	50

	Heavy duty construction
	75



Flood Loads, Fa

This pertains to flood loads acting against a structure, but most building structures are not subjected to flood loads, except for buildings in coastal regions. The individual flood load components that make up Fa include hydrostatic, hydrodynamic, wave, and debris impact loads. The procedures for calculating these individual flood load components are covered in Chapter 5 of ASCE 7. For load combinations, including flood load, Fa, refer to ASCE 7 Section 2.3.2. Note that a high load factor of 2.0 is used on Fa in the flood load combinations in ASCE Section 2.3.2 because of the relative lack of information on flood loads. More information on how to combine the individual flood load components that make up the flood load, Fa, can be found in Ref. [15, 16]. In designing buildings for flooding in coastal regions (e.g., ocean-front buildings), the first habitable floor level must be located above the design flood elevation (DFE) which can be obtained from Ref. [28]. Below the DFE level, all walls are designed to withstand wind forces, but any non-structural wall must be designed to “break away” under flooding loads because the flood must be able to “flow through” the building below the DFE level. The lowest floor level in these buildings are typically used as open parking areas [27, 28].

Self-Straining Force, T

Self-straining loads (e.g., temperature) arise due to the restraining of movement in a structure caused by expansion or contraction from temperature or moisture change, creep, or differential settlement. If these movements are unrestrained, the temperature force is practically zero. This is the case for most building structures, except for posttensioned members, where restrained shrinkage could lead to self-straining loads in the member. Some cladding systems, when subjected to expansion due to temperature effects, could develop sizable self-straining forces, but these could be alleviated by proper detailing of the cladding connections. An example of the effect of self-straining force due to temperature changes was previously discussed in Section 1-3 and in Example 1-1.

Lateral Pressure Due to Soil, Water, and Bulk Materials, H

Lateral and hydrostatic pressures of soil on retaining walls and the lateral pressures exerted by bulk solids against the walls of bins and silos are denoted in ASCE 7 by the symbol H. This notation is also used to denote the upward hydrostatic pressures on base slabs and foundation mats of buildings since these upward forces usually act simultaneously with the lateral hydrostatic or soil pressures, depending on the elevation of the water table. An example on the calculation of the net buoyancy uplift force on an underground storage tank was previously illustrated in Example 2-10.

Impact Loads

Impact loads are dynamic loads that are caused by the sudden application of a live load on a structure. This can be caused either by a load dropping onto a structure or a crane suddenly picking up a load, or from the wheels of a vehicle or a crane hitting bumps in a bridge or crane girder resulting in an increased vertical load on the structure; the resulting amplification of the static live load is called the impact factor. Structures subject to impact loads include bridges and industrial crane-supporting structures. Only live loads can cause impact; therefore, only the live load is amplified by the impact factors. Thus, the service live load for the structure is the static live load multiplied by an impact factor, which may range from 1.25 to greater than 2.0, depending on the cause of the impact and the elevation of the object relative to the structure. For structures subjected to impact loads from falling objects, the impact factor may be much larger than 2.0, depending on the height of the falling object above the structure. Examples of minimum impact factors specified in ASCE 7 are as shown in Table 2-11. For the calculation of the loads and the design of bridge crane girders and crane runway girders and supporting columns, the reader should refer to Ref. [31].

Extraordinary Event Loads

The ASCE 7 load standard provides load combinations for extraordinary events such as explosions, fires, and vehicular impacts, which have a low probability of occurrence (see ASCE 7 Section 2.5). The load combination for checking the strength and stability of the structure under these events is (0.9 or 1.2)D + Ak + 0.5L + 0.2S, where Ak is the load effect arising from the extraordinary event.

After a damaging event occurs, the load combination for checking the residual load bearing capacity of the damaged member is (0.9 or 1.2)D + 0.5L + 0.2 (Lr or S or R). The load factor of 0.9 is used for D when the dead load, D, counteracts the primary variable load, Ak, and a load factor of 1.2 is used for D when D is additive to the primary variable load, Ak.



2-15VERTICAL AND LATERAL DEFLECTION, AND LATERAL ACCELERATION CRITERIA


Vertical Deflection Limits

The limits on vertical deflections due to gravity loads are performance objectives intended to ensure occupant comfort and to ensure the functionality of, and prevent excessive cracking of, plaster ceilings, architectural partitions and finishes, and supported exterior cladding. These deflection limits are typically specified in terms of the joist, beam, or girder span, and the deflections are calculated based on elastic analysis of the structural member under service or unfactored loads. The service loads, instead of the factored loads, are used in the deflection calculations because under the ultimate limit state, when failure is imminent, deflection of the structure is no longer important. The maximum allowable deflections recommended in IBC, Table 1604.3 are as follows [4]:

[image: image]

[image: image]
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[image: image]

where

L = Simple span length of the flexural member.

The roof framing deflection limits presented above assume that the roof structural members support deflection-sensitive elements such as plastered ceiling which would crack under excessive deflections. See Table 6-4 in Chapter 6 for more beam deflection limits. For members that directly support masonry wall partition or cladding, and glazing (e.g., spandrel beams and girders, or interior beams and girders directly supporting a partition wall), the allowable total deflection due to the weight of the cladding or partition wall plus the superimposed dead load plus the live load should be limited to [image: image] or 0.3 in., whichever is smaller, to reduce the likelihood of cracking of the masonry cladding or partition wall or glazing [7].

It should be noted that the most critical deflection is the deflection that occurs after the cladding is in place (i.e., the live load deflection) because as the masonry cladding or glazing is being installed, the beam or girder would deflect, and the cladding will tend to conform to the shape of the deflected member, and any curvature in a masonry wall cladding can be corrected at the mortar joints by the mason. For prefabricated members or composite steel beams and girders, a camber is sometimes specified to help control the total deflection. To avoid too much camber, it is common practice to specify a camber approximately equal to the dead load deflection of the structural member, but no less than ¾ inch. Support restraints should also be considered in determining the required camber and this is discussed in Chapters 6 and 7.

For operable partition walls, the deflection limit should be obtained from the operable partition wall manufacturer’s data sheet. A typical maximum deflection limit for operable walls under superimposed loads is 1/8 in. per 12 ft. of wall length, or a maximum vertical deflection limit of L/1152, where L is the span of the beam or girder supporting the operable wall, and the “1152” in the denominator is obtained from (12 ft.)(12 in./ft)/0.125 in. = 1152 [6].

Lateral Deflection Limits

The deflection limits discussed thus far are for vertical deflections due to gravity loads. There are also performance objectives for the lateral deflections in buildings. These are expressed as limits on the total lateral or horizontal deflection of steel buildings and the inter-story drift caused by wind or seismic loads. These performance objectives are intended to ensure occupant comfort, the proper functioning of elevators, prevention of cracking and reduced functionality of the interior partition walls and exterior cladding panels [14]. The wind load used for serviceability considerations is a matter of engineering judgement and should be decided in consultation with the client [2] and the exterior cladding supplier. The serviceability wind speed that could be used to check the lateral drift limits in buildings include the unfactored 10-year mean return interval (MRI) wind speed, or the 50-year MRI wind speed, or the 100-year MRI wind speed.

The unfactored 3-second gust wind speeds in Exposure C for the 10-year MRI, 25-year MRI, 50-year MRI, and 100-year MRI, respectively, are presented in Figures CC.2-1 through CC.2-4 in Appendix CC of the ASCE 7 Commentary [2]. Note that the 700-year MRI or the 1700-year MRI or the 3000 MRI 3-second gust wind speeds from Figures 26.5-1B, 26.5-1C and 26.5-1D in Ref. [2] should not be used to check serviceability because these wind speeds are at the factored load level and would be too conservative for serviceability considerations.

The overall drift and inter-story drift limits vary between 1/800 to 1/400 of the overall height of the building, and 1/250 to 1/500 of the floor-to-floor height of the building under a 10-year wind, respectively. The Canadian Standards Association (CSA) Steel Code indicates that the maximum total drift due to service wind loads be limited to 1/400 of the total building height and the inter-story drift be limited to 1/500 of the floor-to-floor height for buildings with brick cladding, and 1/400 for all others [8]. It is common practice among some designers to use the preceding lateral drift limits for typical buildings under the 10-year MRI wind speed. [9]. Others have recommended using a maximum inter-story drift of 1/600 ­of the ­floor-to-floor height under a 20-year MRI wind speed or between 1/300 and 1/500 of the floor-to-floor height under a 50-year MRI wind speed [14]. The most commonly used inter-story and total lateral deflection limit for tall buildings appears to be 1/400 under a 50-year MRI wind speed [14]. In the author’s experience, inter-story and total lateral deflection limit of 1/400 under a 10-year MRI wind speed will suffice for low to mid-rise buildings. For more deflection sensitive buildings (e.g., super tall and slender buildings), a 100-year MRI 3-second gust wind speed (see Figure CC.2-4 of the ASCE 7 Commentary [2]) should be used. For example, the following stringent lateral deflection criteria were used for the serviceability design of a 55-story high-rise building [30]:


	Overall lateral displacement at the top of the building = H/500 under a 100-year MRI wind, where H is the total height of the building.

	Inter-story drift limit = h/350 under a 100-year MRI wind, where h is the floor-to-floor or story height.

	Inter-story drift limit of h/50 or 0.02h under strength-level seismic forces



The Petronas Towers in Kuala Lumpur, Malaysia, comprising 1483 ft. tall twin buildings of 88 stories, used a maximum total lateral deflection limit of H/560 under a 50-year MRI wind [14].

The lateral deflection limits prescribed in ASCE 7 for seismic loads are much higher than the lateral deflection limits commonly used by designers in practice for wind loads, and the seismic deflection limits are calculated using strength-level (i.e., factored) seismic forces because the design philosophy for earthquakes focuses on life safety and not on serviceability conditions. The seismic lateral deflection limits are given in ASCE 7 Table 12.12-1 [2].

Lateral Acceleration Limits

Satisfying the lateral deflection criteria for multi-story buildings may not be sufficient to assure the comfort of building occupants, therefore, lateral acceleration performance criteria are also required to ensure the comfort of tall building occupants during high wind events. These performance criteria, which are measured in terms of acceptable lateral accelerations, are meant to minimize motion or seasickness of occupants in tall slender buildings during windstorm events. One industry-accepted lateral acceleration criteria prescribe a maximum peak lateral acceleration of 15 to 18 milli-g for residential buildings and 20 to 25 milli-g for office buildings under a 10-year mean return period (MRI) wind event [25, 26]. The lateral acceleration of a building is dependent on its lateral stiffness, and its mass and damping. For tall slender buildings, the acceleration cannot be controlled by stiffness alone, and since the mass or dead weight of the building is fixed, the only efficient way available to control the motion of the building is increasing the damping which reduces the lateral acceleration of the building. The types of damping systems used in tall slender buildings to minimize lateral accelerations due to wind forces include tuned liquid sloshing dampers (filled with water) and tuned mass dampers (TMD) – a heavy mass and spring system [25, 26]. These damping systems are usually installed at the highest floor level of the building, and they minimize the lateral accelerations from wind by opposing the building motion caused by wind [35]. Though they help to control the lateral vibrations in the building, these damping devices are heavy, and they increase the weight on the building which has to be taken into account in calculating the seismic loads on the building; in addition, they occupy large floor areas that cannot be leased out for living occupancies and therefore, these spaces will not be revenue generating.
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Exercises

2-1.Define the term “limit state.” What is the difference between the ASD method and the LRFD method?

2-2.What are the reasons for using resistance factors in the LRFD method? List the resistance factors for shear, bending, tension yielding, and tension fracture.

2-3.a. Determine the factored axial load or the required axial strength, Pu, of a column in an office building with a regular roof configuration. The service axial loads on the column are as follows:
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  b. Calculate the required nominal axial compression strength, Pn, of the column.

2-4.a. Determine the ultimate or factored load for a roof beam subjected to the following service loads:
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  b. Assuming a roof beam span of 30 ft. and a tributary width of 6 ft., determine the factored moment and shear.

2-5.List the floor live loads for the following occupancies:


	Library stack rooms,

	Classrooms,

	Heavy storage,

	Light manufacturing, and

	Offices.



2-6.Determine the tributary widths and tributary areas of the beams, girders, and columns in the roof framing plan shown in Figure 2-17.


[image: image]

FIGURE 2-17 Roof framing plan for Exercise 2-6



Assuming a roof dead load of 30 psf and an essentially flat roof with a roof slope of 1/4 in./ft. for drainage, determine the following loads using the ASCE 7 load combinations. Neglect the rain load, R, and assume the snow load, S, is zero:


a.Uniform dead and roof live loads on the typical roof beam in pounds per foot.

b.Concentrated dead and roof live load reactions on the typical roof girder in pounds.

c.Total factored axial load on the typical interior column in pounds.

d.Total factored axial load on the typical corner column in pounds.



2-7.A three-story building has columns spaced at 18 ft. in both orthogonal directions and is subjected to the roof and floor loads listed below. Using a column load summation table, calculate the cumulative axial loads on a typical interior column with and without live load reduction. Assume a roof slope of 1/4 in./ft. per foot for drainage.
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2-8.a. Determine the dead load (with and without partitions) in pounds per square foot of floor area for a steel building floor system with W24 × 55 beams (weighs 55 lb./ft.) spaced at 6 ft. 0 in. o.c. and W30 × 116 girders (weighs 116 lb./ft.) spaced at 35 ft. on centers. The floor deck is 3.5-in. normal weight concrete on 1.5 in. × 20 ga. composite steel deck.


	Include the weights of 1-in. light-weight floor finish, suspended acoustical tile ceiling, mechanical and electrical equipment (assume an industrial building), and partitions.

	Since the beam and girder sizes are known, you must calculate the actual weight, in pounds per square foot, of the beam and girder by dividing their weights in in. pounds per foot by their tributary widths.




b.Determine the dead loads in kips/ft. for a typical interior beam and a typical interior girder. Assume that the girder load is uniformly distributed.

c.If the floor system is to be used as a heavy manufacturing plant, determine the controlling factored loads in kips/ft. for the design of the typical interior beam.

d.Determine the factored concentrated loads on the typical interior girder.




	Use the LRFD load combinations.

	Note that partition loads need not be included in the dead load calculations when the floor live load is greater than 80 psf.



e.Determine the factored shear, Vu, and the factored moment, Mu, for a typical beam and a typical girder.


	Assume that the beams and girders are simply supported.

	The span of the beam is 35 ft. (i.e., the girder spacing).

	The span of the girder is 30 ft.



2-9.The building with the steel roof framing shown in Figure 2-18 is in Rochester, New York.


[image: image]

FIGURE 2-18 Roof plan and building elevation for Exercise 2-9



Assuming terrain category C and a partially exposed roof, and a ground snow load of 35 psf, determine the following:

a.Balanced snow load on the lower roof, pf.

b.Balanced snow load on the upper roof, pf.

c.Design snow load on the upper roof, ps.

d.Snow load distribution on the lower roof, considering sliding snow from the upper pitched roof.

e.Snow load distribution on the lower roof considering drifting snow.

f.Factored dead plus snow load in pounds per foot for the low roof beam A shown on the plan. Assume a steel-framed roof and a typical dead load of 29 psf for the steel roof.

g.Factored moment, Mu, and factored shear, Vu, for beam A.

Note that the beam is simply supported.

h.For the typical interior roof girder nearest the taller building (i.e., the interior girder supporting beam A, in addition to other beams), draw the dead load and snow load diagrams, showing all the numerical values of the loads in pounds per foot for:

1.Dead load and snowdrift loads, and

2.Dead load and sliding snow load.

Assume that for the girder, the dead load, flat roof snow load, and sliding snow load will be uniformly distributed, and the snowdrift load will be a linearly varying (trapezoidal) load.

iFor each of the two cases in problem h, determine the unfactored reactions at both supports of the simply supported interior girder due to dead load, snow load, and the factored reactions. Indicate which of the two snow loads (snowdrift or sliding snow) will control the design of this girder.

2-10.An eight-story office building consists of columns located 30 ft. apart in both orthogonal directions. The roof and typical floor gravity loads are as follows:
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a.Using the column tributary area and a column load summation table, determine the total unfactored and factored vertical loads in a typical interior column in the first story, neglecting live load reduction.

b.Using the column tributary area and a column load summation table, determine the total unfactored and factored vertical loads in a typical interior column in the first story, considering live load reduction.

c.Develop an Excel spreadsheet to solve problems (a) and (b), and verify your results.

2-11.Use the following framing plan and floor section (see Figure 2-19):

Framing members

Interior beam: W16 × 31

Spandrel beam: W21 × 50

Interior girder: W24 × 68


[image: image]

FIGURE 2-19a Floor section




[image: image]

FIGURE 2-19bFloor framing plan



Floor deck: refer to manufacturers catalog based on the detail. Provide the reference.

Assume office occupancy, L = 50 psf

a.Determine the floor dead load in psf to the interior beam.

b.Determine the weight of the perimeter wall (brick and stud wall) in plf.

c.Determine the service dead and live loads to the spandrel and interior beams in plf.

d.Using the LRFD load combinations, determine the factored loads to the spandrel and interior beams in plf.

e.Determine the factored maximum moment and shear in the to the spandrel and interior beams.

f.Determine the factored loads to the interior girder.

g.Determine the factored maximum moment and shear in the interior girder.

2-12.Refer to the following details in Figure 2-20.
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FIGURE 2-20Beam loading for Exercise 2-12



Given Loads (Exercise 2-12):



	Uniform Load, w

D = 500 plf

L = 800 plf

S = 600 plf

Beam length = 25 ft.

	Concentrated Load, P

D = 11 k

S = 15 k

W = +12 k or –12 k

E = +8 k or – 8 k



Determine the following:

a.Describe a practical framing scenario where these loads could all occur as shown in Figure 2-20.

b.Determine the maximum moment for each individual load effect (D, L, S, W, and E)

c.Develop a spreadsheet to determine the worst-case bending moments for the code-required load combinations.

2-13.Refer to the following details in Figure 2-21.

Given:

Beam is HSS8 × 8 × [image: image], length = 28 ft.

Pipe 6 STD is hung from the beam and is full of water (assume load is uniformly distributed).

[image: image] " thick ice is around the HSS8 × 8 and P6

Find:

a.The uniform load in plf for each load item (self-weight, ice, and water)

b.The maximum bending moment in the beam.
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FIGURE 2-21 Beam loading for Exercise 2-13



2-14.Refer to the following details in Figure 2-22.


[image: image]

FIGURE 2-22Roof framing plan for Exercise 2-14



Assuming a roof dead load of 25 psf and a 25° roof slope, determine the following using the IBC-factored load combinations. Neglect the rain load, R and assume that the snow load S is zero:

a.The tributary areas of B1, G1, C1, and W1.

b.The uniform dead and roof live load and the factored loads on B1 in plf.

c.The uniform dead and roof live load on G1 and the factored loads in plf. (assume G1 is uniformly loaded).

d.The total factored axial load on column C1 in kips

e.The total factored uniform load on W1 in plf (assume a tributary length of 50 ft.).

2-15.A three-story building has columns spaced at 25 ft. in both orthogonal directions, and is subjected to the roof and floor loads shown below. Using a column load summation table, calculate the cumulative axial loads on a typical interior column. Develop this table using a spreadsheet.



	Roof Loads:

Dead, D = 20 psf

Snow, S = 45 psf

	second and third floor loads:

Dead, D = 60 psf

Live, L = 100 psf



NOTE: All other loads not shown are taken as zero.

2-16.Using the floor plan as shown in Figure 2-23, assume a floor live load, Lo = 60 psf. Determine the tributary areas and the design floor live load, L, in psf by applying a live load reduction, if applicable. Assume the slab overhangs the perimeter beams by 9".

B-1, interior beam

B-2, spandrel beam

G-1, interior girder (assume point loads)

C-1, interior column

C-2, corner column
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FIGURE 2-23 Roof framing plan for Exercise 2-16



2-17.Refer to the following details in Figure 2-24.


[image: image]

FIGURE 2-24 Roof framing plan for Exercise 2-17



Location: Massena, NY; elevation is less than 1000 ft.

Total roof dead load, D = 25 psf

Ignore roof live load; consider load combination 1.2D + 1.6S only

Use normal temperature and exposure conditions

Length of B-1 and B-2 is 30 ft.

Determine the following:

a.Flat roof snow load and sloped roof snow load in psf.

b.Sliding snow load in psf.

c.The depth of the balanced snow load and the sliding snow load on B-1 and B-2 in feet.

d.Draw a free-body diagram of B-1 showing the service dead and snow loads in plf.

e.Find the factored moment and shear in B-1.

2-18.Refer to the following details in Figure 2-25.
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FIGURE 2-25 Roof framing plan for Exercise 2-18



Location: Pottersville, NY; elevation is 1500 ft.

Total roof dead load, D = 20 psf

Ignore roof live load; consider load combination 1.2D + 1.6S only

Use normal temperature and exposure conditions

Determine the following:

a.Flat roof snow load in psf

b.Depth and width of the leeward drift and windward drifts; which one controls the design of J-1?

c.The depth of the balanced snow load and controlling drift snow load. Draw a free-body diagram of J-1 showing the service dead and snow loads in plf.

d.Determine the maximum factored moment and shear in J-1 (analysis to be done using a computer program or by hand).

2-19.An interior column in a multistory office building with a 50 psf live load supports a total cumulative floor tributary area of 7200 ft2. Calculate the reduced floor live load (in psf) that will be used for the design of the bottom story column.

2-20.Calculate the flat roof snow load, Pf, in psf for a police station in an area where the ground snow load is 75 psf. The building is heated and has a flat roof that is partially exposed. Assume Terrain Category “C.”




CHAPTER

 3

Lateral Loads and Lateral Force Resisting Systems

3-1LATERAL LOADS ON BUILDINGS


The types of lateral loads that act on structures include wind loads, seismic loads, lateral earth pressure, and hydrostatic pressures. These loads produce the following load effects in the structure: overturning moment, sliding or base shear, and uplift forces. In this text, only the two main types of lateral loads - wind and seismic loads - will be discussed.

Wind Loads—Cause and Effect

All exposed structures are acted upon by wind pressures (see Figure 3-1), and as the wind flows around a structure, the surface nearest to the wind direction (i.e., the windward face) is acted on by a positive wind pressure (i.e., the wind is “pushing” into the wall surface); the surface opposite the wind direction (i.e., the leeward face) is acted on by a negative wind pressure (i.e., suction, which implies that the wind is “pulling” away from the wall surface). The side walls of the building will be subjected to suction, while the roof will be mostly subjected to suction or uplift pressures, though there are areas of the roof that may be subjected to downward acting wind pressures.

Wind is a dynamic force, but for simplicity and convenience, the lateral wind pressure is represented in ASCE 7 [1] by an equivalent static pressure, P = qGCp, in psf, and this wind pressure is proportional to the velocity wind pressure, [image: image], the gust response factor, G, and the shape-dependent pressure coefficients, Cp [1]. The velocity wind pressure, q, is a function of the wind speed and is represented by the Bernoulli equation as follows [1]:

[image: image]    (3-1)

where, C is a constant that accounts for the drag coefficient and the shape factor of the building, and [image: image] is the mass density of air given as 0.002378 slugs/ft3 or 0.002378 Ib-s2/ft/ft3. Since the wind speed, V, is usually specified in miles per hour (mph), and the velocity wind pressure is usually expressed in psf, we can rewrite equation (3-1) with these appropriate units and the appropriate unit conversions to obtain the velocity pressure as follows:

[image: image]    (3-2)
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FIGURE 3-1Wind pressures on building surfaces



Where,

q = velocity pressure in Ib/ft2 or psf

V = wind speed in mph

Thus, the velocity pressure, [image: image], is proportional to the square of the 3-second gust wind speed (in mph) and is a function of the topography, the building height, the building Risk Category (RC), the building stiffness and hence its frequency, and the percentage of wall openings in the building. Using a form of equation (3-2), the velocity pressure, in psf, is given in the ASCE 7 load standard [1] as

[image: image]    (3-3)

Where,

[image: image] = velocity pressure exposure coefficient (see ASCE 7 Table 26.10-1)

[image: image] = topographic factor (see ASCE 7 Figure 26.8-1)

[image: image] = wind directionality factor (see ASCE 7 Table 26.6-1)

[image: image] = ground elevation factor (see ASCE 7 Section 26.9 and Table 26.9-1). This factor accounts for the lower mass density of air as the height above sea level of the ground surface level increases. It leads to lower wind pressures for structures at locations with higher ground elevations (e.g., Denver, Colorado) [15].

[image: image] = 3-second gust wind speed (ASCE 7 Figures 26.5-1A through 26.5-1D and 26.5-2A through 26.5-2D), in mph. Note that these are ultimate or factored wind speeds and the Risk Categories (RC) and the loads factors and importance factors are built into the mapped 3-second wind speed values, therefore, the maximum load factor for wind is taken as 1.0.

The wind pressures act perpendicular to the building surfaces. The minimum exterior wind pressure is 16 psf per ASCE 7 and per IBC Section 1607.14, the minimum interior horizontal wind pressure for the design of interior walls and partitions is 5 psf [6]. Note that the interior walls and partitions in open buildings (e.g., buildings with multiple large openings such as loading dock overhead doors that may remain open in a wind event) may need to be designed for pressures higher than 5 psf because the interior walls may be subjected to increased pressures from the exterior wind pressures that are transmitted to the interior of the building through the large openings.

Buildings are also subjected to in-plane torsional moments due to wind, and these in-plane ­torsional moments must be calculated using the wind load cases presented in ASCE 7 Figure 27.3-8. For checking serviceability conditions under wind loads, such as drift limits, a different set of wind velocity maps are presented in Appendix CC of ASCE 7 Commentary [1], and see also Section 2-14.

Special attention should be paid to canopy or open structures (e.g., gas station structures) because these structures are susceptible to large upward wind pressures that may lift the roof off the building, and the wind pressures on canopies or overhangs of buildings are usually much higher than at other parts of the building.

Seismic or Earthquake Loads—Cause and Effect

Earthquakes are caused by the relative movement of the tectonic plates in the earth’s crust, and these movements, which occur suddenly, originate at planes of weaknesses in the earth’s crust called faults (e.g., the San Andreas fault), causing a release of the stress that has been built up, resulting in a release of massive amounts of energy [2]. This energy causes ground motion, which results in the vibration of buildings and other structures. Although earthquake action cause motion in all directions, only the horizontal and vertical motions are of the most significance to buildings and bridges.

The point at which the earthquake originates within the earth’s crust is called the hypocenter, and the point on the earth’s surface directly above the hypocenter is called the epicenter. The magnitude of earthquakes is measured by the Richter scale, which is a logarithmic measure of the maximum amplitude of the earthquake-induced ground vibration as recorded by a seismograph. The higher the Richter number, the stronger the earthquake, though the damage done to structures by an earthquake of a relatively lower Richter number, but of a longer duration, may be as severe as the damage from an earthquake of a higher Richter number, but of a shorter duration. The amount of damage from an earthquake is also dependent on the distance of the structures from the epicenter of the earthquake. Another measure of the damage potential of an earthquake is the Modified Mercalli Intensity (MMI), which is a qualitative human assessment of the damage potential of an earthquake in contrast to the Richter scale which is a quantitative measurement [1, 12].

The theoretical elastic dynamic force exerted on a structure by an earthquake is obtained from Newton’s second law of motion as follows:

[image: image]    (3-4)

where



	V =
	 the force induced at the base of a structure due to the ground acceleration (i.e., the base shear)


	M =
	 Mass of structure,


	a =
	 ground acceleration of the structure induced by the earthquake,


	g =
	 Acceleration due to gravity,


	a/g =
	 Seismic coefficient, and


	W =
	 Weight of the structure.



The ASCE 7 Load Standard uses a modified version of equation (3-4) together with a design response spectrum to determine the seismic base shear on a structure. The code equation considers the damping (or internal friction of the material), structural and foundation properties. The base shear, V, is then converted to some Code-calculated static lateral force at each floor level of the building. It should be noted that the lateral forces measured in buildings during actual earthquake events are usually greater than the code equivalent lateral forces (see Figure 3-2) [1, 20]. However, experience indicates that buildings that have been designed elastically to these code equivalent static forces have always performed well during actual earthquakes. The reason for this is the ductility of building structures, that is the ability of structures to dissipate seismic energy, without failure, through inelastic action, such as cracking and yielding. In general for many structures, the inelastic lateral displacement is much greater than the elastic lateral displacement as depicted in Figure 3-2.


[image: image]

FIGURE 3-2Seismic inelastic force-deformation curve



During an earthquake event, the induced ground acceleration of the structure, measured with an accelerograph, varies in an erratic or random manner, having low and high points as shown in the ground acceleration time history in Figure 3-3. This plot of the ground acceleration or motion during an earthquake is called an accelerogram [2]. A plot of the absolute maximum accelerations of different buildings with different periods, T, yields an acceleration response spectrum similar to that shown in Figure 3-4.
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FIGURE 3-3Acceleration-time plot




[image: image]

FIGURE 3-4Acceleration response spectra



Ductility

Ductility is the ability of a structure or element to sustain large deformations, and thus some structural damage under constant load, without collapse. The horizontal length of the load-deformation curve of a structural member from first yield to when the member collapses (see Figure 3-2) is a measure of the ductility of the structure or member, and the higher the ratio of the deflection at the ultimate limit state to the deflection at first yield, the more ductile the structural member. The more ductile a structure is, the better the seismic resistance and behavior of the structure. Ductility is usually achieved in practice by proper detailing of the structure and its connections as prescribed in the materials sections of ASCE 7. For seismic design using ASCE 7 ductility is accounted for through the structural system response modification factor, R. This will be discussed later in this chapter.

Similarities and Differences between Wind and Seismic Forces

The similarities and differences between wind and seismic forces affect the design provisions for these forces in the ASCE 7 Load Standard [1]. These are summarized as follows:


	Both wind and seismic loads are dynamic in nature, but earthquakes are even more so than wind.

	During an earthquake, there are no direct external forces applied to the various levels of a structure, but instead, the lateral forces computed using the ASCE 7 Load Standard are only approximations of the internal forces that will arise from the ground motion or acceleration at the base of the structure and the inertial resistance of the structure to this motion. On the other hand, during a windstorm, direct external forces from the wind are applied to the structure.

	Seismic forces on a structure depend on structural and foundation properties, and the dynamic properties of the earthquake. The softer the soil, the higher the earthquake forces on the structure. Wind forces, however, depend mainly on the shape and surface area of the structure that is exposed to wind.

	Because of the highly dynamic nature of earthquakes, compared with wind, safety is not necessarily ensured by using a stiffer structure for seismic resistance. In fact, the stiffer a structure is, the higher the seismic forces that the structure attracts. Therefore, in designing for seismic forces, the structural stiffness and the ductility of the structure are both equally important.

	The code-specified seismic forces are smaller than the actual elastic inertial forces induced on the structure during a seismic event; however, buildings have been known to perform well in earthquakes because of the ductility of these structures, which allows the structure to dissipate seismic energy through controlled structural damage, but without collapse [3]. Therefore, the structure is designed for a reduced earthquake force that is much smaller than the elastic earthquake force that the structure will experience. This reduction in seismic force is represented by the structural system response modification factor, R (see Figure 3-2). Consequently, when designing for earthquake effects, it is not enough to design just for the code-specified seismic forces; the prescribed seismic detailing requirements in the materials section of the International Building Code (IBC) or Chapter 14 of ASCE 7 also must be satisfied in order to ensure that adequate ductility is present in the structure to facilitate the inelastic action that justifies using the reduced seismic force indicated in Figure 3-2. On the other hand, when designing for wind forces, stiffness is a more important criterion, and ductility is not as important because of the lesser dynamic nature of wind. Therefore, we design for the full wind forces.

	To calculate seismic forces, the base shear is first determined, and this base shear is converted into equivalent static lateral forces at each floor or diaphragm level of the building using a linear or parabolic distribution based on the modal response of the structure. For wind forces, the design wind pressures are first calculated, followed by the calculation of the lateral forces at each level based on the vertical surface tributary area of each level of the building, and from this, the wind base shear is calculated.

	For wind loads, two sets of lateral forces are required for the design of a structure:



– the lateral wind forces acting on the main wind force resisting system (MWFRS) and

– the wind forces acting on smaller elements known as the components and cladding (C&C).


	For seismic design, two sets of lateral forces are required for the design of a structure:



– the lateral forces, Fx, on the vertical lateral force resisting system (LFRS), and

– the lateral forces, FP, on the horizontal diaphragms (i.e., the roof and floors)—because of the different dynamic behavior of the horizontal diaphragms compared with that of the vertical LFRS during an earthquake event.

– In addition, the seismic lateral forces on the parts and components (i.e., structural and nonstructural components) of the building also need to be calculated.



3-2LATERAL FORCE RESISTING SYSTEMS IN STEEL BUILDINGS


The different types of lateral force resisting systems (LFRS) commonly used in steel buildings are discussed in this section. Each of these LFRS may be used solely to resist the lateral force in both orthogonal directions in a building, or a mixed LFRS or a combination of these systems may also be used. In taller buildings (30 stories or higher), a mixed LFRS of moment resisting frames and shear walls is an efficient system for resisting lateral forces in the same direction [3]. However, for low- and mid-rise buildings, it is typical in design practice to use only one type of LFRS in each orthogonal direction to resist the lateral forces. Depending on architectural considerations, the LFRS may be located internally within the building or on the exterior face of the building.

The lateral force distributed to each LFRS is a function of the in-plane rigidity of the roof and floor diaphragms (diaphragms can be classified as either flexible or rigid or semi-rigid). The definitions of flexible and rigid diaphragms are given in ASCE 7 Section 12.3, and this topic is discussed in detail in Chapter 14. The different LFRS in steel structures are discussed in the following sections.




Fully Restrained Moment Resisting Frames (i.e., Rigid Frames)

For frames with fully restrained moment connections, sometimes called “rigid” or moment frames (see Figure 3-5), the beams and girders are connected to the columns with moment-resisting connections, and the lateral load is resisted by the bending of the beams and columns. For maximum efficiency in steel buildings, the columns in the moment resisting frames in both orthogonal directions should be oriented so that they are subjected to bending about their strong axis, and the moment-resisting connection can be achieved by welding steel plates to the column flange and bolting or welding these plates to the beam/girder top and bottom flanges, or welding the beam/girder top and bottom flanges directly to the column flange. To support the shear and reaction from the gravity loads, the web of the steel beam/girder is connected to the column flange using shear connection plates (i.e., shear tabs) or double angles that are either welded or bolted to the beam web and to the column flange.


[image: image]

FIGURE 3-5Steel moment resisting frames



Partially Restrained Moment Connections (Semirigid Frames)

For semirigid frames with partially restrained moment connections (see Figure 3-6), the rigidity of the beam-to-column connections is generally less than that of the fully restrained moment frame. In these connections, the flanges of the steel beam or girder are usually connected to the column flange with angles, and the beam web is connected to the column flange using shear connection plates or angles. However, at the roof level, the top flange of the beam or girder is typically connected to the column with a steel plate that also acts as a cap plate for the column. The deflection of a partially restrained moment frame is generally higher than that of a fully restrained moment frame.


[image: image]

FIGURE 3-6Partially restrained moment connections



Braced Frames

For braced frames, the lateral load is resisted through axial tension and/or compression forces in the diagonal bracing members. The beam-to-column connections in braced frames are usually simple shear connections with no moment-resisting capacity. Examples of braced frames are shown in Figure 3-7; these include X-bracing, Chevron or inverted V-bracing, diagonal bracing, V-bracing, and knee bracing (see also Figures 1-21b and 1-21c). The X-bracing and V-bracing in braced frames offer the least flexibility for the location of doors, while chevron bracing, diagonal bracing, and knee bracing offer the most flexibility – allowing for door, window, and corridor openings between the diagonal braces, and these are usually the bracing systems preferred by architects. Note that knee-braced frames are a hybrid between braced frames and moment resisting frames because they resist lateral loads by a combination of axial deformation in the braces and bending in the beams and columns. In lieu of moment frames, knee braces are commonly used in low-rise school buildings with continuous windows on the exterior walls. Depending on their energy dissipation capacity, braced frames can be classified as eccentric braced frames (EBF) or concentric braced frames (CBF). Concentrically braced frames include X-braced members and chevron braces where the diagonal braces meet at the same work point on the beam, thus there is no vertical shear in the beam from the forces in the diagonal braces. In eccentrically braced frames on the other hand, the diagonal braces do not meet at the same work point on the beam, thus inducing shear forces in the beam between the diagonal braces. Another form of braced frames used in buildings with tall story heights is the multi-tiered braced frames with one or more braced panels within a single story with horizontal struts at the top and bottom of each panel.


[image: image]

FIGURE 3-7Braced frames



A more recent braced frame system used in steel buildings for seismic resistance are buckling-restrained braced frames (BRBF). In this system, the diagonal braces are restrained from lateral buckling, and therefore can attain their cross-sectional axial material strengths in both tension and compression. The core steel brace can be a plate or cruciform-shaped axially load member that is enclosed in a tube shell, but the exterior tubing is not attached to the buckling-restrained brace member. The interior space between the inside wall of the tube steel and the BRB is filled with mortar, with a bond breaker between the mortar and the buckling restrained brace (BRB) to ensure that the BRB is freely able to deform axially without restraint from the mortar or the tube steel. Thus, the outer tube shell and the mortar provides lateral restraint against flexure and buckling to the axially loaded “core steel” of the BRB member, but without contributing to its cross-sectional axial load capacity; thus, the BRB member can attain its yield strength in both tension and compression and is able to reach the strain hardening phase without buckling. These BRB members have a “full and essentially balanced hysteresis” – i.e., they possess identical behavior in both tension and compression over multiple cycles of loading and unloading - resulting in a much higher capacity to dissipate energy; therefore, they are very efficient in resisting seismic loads [17].

Shear Walls

Shear walls (see Figures 3-8a through 3-8c) are planar structural elements that act as vertical cantilevers fixed at their bases; they are usually constructed of concrete, masonry, plywood sheathing, or steel plates. They could be located internally within the building or on the exterior face of the building. The concrete or masonry walls around the stair and elevator shafts are frequently used as shear walls. Shear walls are very efficient lateral force resisting elements. Concrete shear walls that are perforated by door or window openings are called coupled shear walls, and these may be modeled approximately as moment resisting frames. The portion of the wall above and below the door or window openings that connects one solid wall segment to an adjacent wall segment is called a coupling beam. The actual strength of a coupled shear wall lies somewhere between the strength of the wall moment frame and the strength of an unperforated or solid shear wall of the same overall dimensions. The coupling beams in coupled shear walls must be adequately reinforced and detailed for the shear and bending moment that they are subjected to.


[image: image]

FIGURE 3-8aReinforced concrete and masonry shear walls



A new type of shear wall system that has been used for at least one high-rise building is the steel plate composite shear walls or the “composite corewall system,” also called “Speed Core” [18] (see Figures 3-8b and 3-8c). They consist of two longitudinal steel plates connected with steel cross ties at specified horizontal and vertical spacings, and with shear studs welded on the interior face of the two plates that allows the concrete infill to interact with the steel plates to create the composite action of the sandwich system. The ends of the longitudinal steel plates are connected to transverse steel end plates that also have studs welded to its interior face. Essentially, this “composite corewall system” is a rectangular steel box infilled with self-consolidating concrete (SCC) and without the need for vertical steel reinforcement (i.e., rebar) in the concrete because the steel plates provide the reinforcement. Shear studs spaced at regular intervals horizontally and vertically are welded to the inside face of the longitudinal and transverse steel plates. Similar to steel columns, the Speedcore composite shear wall system is spliced at a minimum of 4 ft. above the floor level (see Chapter 8), and fire proofing is provided using a protective coating to the outer steel plates. This sandwich shear wall system obviates the need for concrete formwork since the steel plates act as the formwork for the concrete infill and has been predicted to cut down the superstructure construction time by up to 50% [19].

Although moment resisting frames are the least rigid (i.e., the most flexible) of all the lateral force resisting systems discussed above, they provide the most architectural flexibility for the placement of windows and doors, while shear walls and X-brace frames provide the least architectural flexibility. The distribution of lateral forces to the lateral force resisting systems (LFRS) and the diaphragm elements (i.e., collectors or drag strut and chords) in building structures is discussed in Chapter 14.
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FIGURE 3-8bSteel plate composite shear wall (Speedcore) module (Photo courtesy of Magnusson Klemencic Associates)




[image: image]

FIGURE 3-8cSteel plate composite shear walls (Speedcore) under construction
(Photo courtesy of Magnusson Klemencic Associates)





3-3WIND LOADS


The two parts of building structures for which wind loads are computed are: the main wind force resisting system (MWFRS) and the components and cladding (C&C). The MWFRS consists of the shear walls, braced frames, and moment resisting frames that are parallel to the direction of the lateral wind force, including the roof and floor diaphragms and the chords and collectors (i.e., drag struts). The C&C are small individual structural components or members, and the wind load acts perpendicular to these members. Examples of C&C include walls, stud wall, cladding, a roof deck fastener resisting a net uplift wind force, and a cladding fastener resisting a suction force. The wind pressures on C&C are usually higher than the wind pressures on the MWFRS because of local spikes in wind pressure that occur over small areas of the C&C. The C&C wind pressure is a function of the effective wind area, Ae, given as

[image: image]    (3-5)


[image: image]

FIGURE 3-9Minimum wind load diagram



For cladding and deck fasteners, the effective wind area, Ae, shall not exceed the area that is tributary to each fastener. In calculating wind pressure, positive pressures are indicated by a force “pushing” into the wall or roof surface, while negative pressures are shown “pulling” away from the wall or roof surface. The minimum design wind pressure for MWFRS and C&C is 16 psf and is applied to the vertical projected area of the wall surfaces for the MWFRS, and perpendicular to the wall or roof surface for C&C (see Figure 3-9 or ASCE 7 Figure C27.1-1).



3-4CALCULATION OF WIND LOADS


The calculation of wind loads is covered in Chapters 26 through 31 of ASCE 7 [1]. In Chapter 26, the general requirements and parameters for determining wind loads are defined and discussed. The wind hazard maps for the different risk categories and the definitions of the wind load parameters such as building enclosure categories - open, partially enclosed, partially open, and enclosed buildings used to determine the internal pressures are provided in ASCE 7 Chapter 26. The basic factored wind speed maps, the topography factor, and the building exposure categories that are dependent on the terrain roughness are also provided in Chapter 26 of ASCE 7. The different methods for calculating the wind loads on buildings and other structures provided in Chapters 27 through 31 of the ASCE 7 are discussed briefly as follows, in addition to the limitations of each method:


	ASCE 7 Chapter 27: This chapter, which is divided into two parts (Part 1 and Part 2), contains the “Directional Procedure” that is applicable to regular-shaped buildings. Part 1 of Chapter 27 presents the directional method for calculating the wind loads on the main wind force resisting systems (MWFRS) for Enclosed, Partially Enclosed, Partially Open, and Open Buildings of all Heights.” In this method, the applied wind load is a function of the external wind pressures on the windward, leeward, and side walls. On the windward face, the wind pressure varies (increases) with height while on the leeward side, the wind pressure is constant throughout the height of the building, and with a leeward side wind pressure equivalent to the wind pressure at the mean roof height, h, of the building. This method is applicable to regularly-shaped buildings of all heights, and the exterior pressure coefficients (CP) used in the directional method were obtained from past wind tunnel testing on models of prototypical buildings. In the directional method, the information required to compute the lateral wind loads are as follows:



a.The factored wind speed which is based on the Risk Category (RC) and the site location. Note that there is no importance factor for wind loads because the importance factor is already embedded in the ultimate or factored wind speed maps.

b.The external exposure category which is based on the surface roughness category (B, C or D).

c.The enclosure classification.

d.The topographic factor.

e.The gust factor, G, which accounts for wind turbulence.

f.The ground elevation factor, Ke, which is an adjustment factor for the air density. The higher the ground elevation above sea level, the lower the air density and hence the lower the ground elevation factor. A lower ground elevation factor means a lower velocity wind pressure (see equation (3-3)).

The following are assumed in the directional method:

a.The wind pressure acts perpendicular to the surface of the structure.

b.The windward wind pressure varies and increases with height.

c.The leeward wind pressure is obtained at the mean roof height and is uniform or constant over the height of the building.

d.The roof wind pressures are uniform.

In the directional method, a simple diaphragm building is also assumed, which means that the wind forces are assumed to be concentrated at the horizontal diaphragm levels – i.e., at the roof and the floor levels, and the lateral force in the diaphragms are then distributed to the vertical LFRS (i.e., the shear walls, braced frames, or moment resisting frames) that are parallel to the wind direction [1]. Therefore, the net wind pressure on the building for the design of the main wind force resisting system (MWFRS) is the sum of the magnitude of the windward pressure and the leeward wind pressure since the interior pressures cancel out.

The velocity pressure on the windward face is lower closer to the ground due to the drag forces that occur closer to the ground surface. Using equation (3-3), the general equations for the velocity pressure at a height, z, above the ground surface can be written as (ASCE 7 Section 26.10):

[image: image]    (3-6)

The general equations for the velocity pressure at the mean roof height, h, above the ground surface is given as

[image: image]    (3-7)

Where,



	[image: image]=
	velocity pressure, in psf, at a height z, in ft, above the ground surface



	[image: image]=
	 velocity pressure, in psf, at the mean roof height, h.



	V=
	the basic wind speed in miles per hour (mph) obtained from ASCE 7 Section 26.5. The basic wind speed corresponds to the 3-second gust speed at 33 ft above the ground surface for Exposure Category C.



	[image: image]=
	Velocity pressure exposure coefficients at height z above the ground level (ASCE 7 Table 26.10-1), and it depends on the Exposure Category.
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	Velocity pressure exposure coefficients at the mean roof height, h, in feet above the ground level (ASCE 7 Table 26.10-1), and it depends on the Exposure Category



	[image: image] =
	topography factor (ASCE 7 Table 26.6-1); [image: image] is equal to 1.0 for flat land.



	[image: image] =
	wind directionality factor from ASCE 7 Section 26.8-2. It has a value of 0.85 for the main wind force resisting systems (MWFRS) and components and cladding (C&C);



	[image: image] =
	ground elevation factor (ASCE 7 Table 26.9-1), and it is permitted and conservative to assume a value of 1.0 for all cases.




The general equation for the net design wind pressure on the wall surface of a building structure is given as

[image: image], psf   (3-8)

For the windward wall (WW), the factored design wind pressure is

[image: image], psf   (3-9)

For the leeward wall (LW), the factored design wind pressure is

[image: image], psf   (3-10)

The windward pressures “pushes” into the windward wall and this is regarded as a positive pressure, whereas the leeward pressure “pulls” away from the leeward wall and therefore is regarded as a negative pressure or suction.

The net design pressure on the main wind force resisting system (MWFRS) for the entire building structure is given as

[image: image]      (3-11)

Note that the internal pressures cancel out in equation (3-11). Since the exterior wall pressure coefficients for the windward wall, [image: image], are positive and those for the leeward wall, [image: image], are negative (see ASCE 7 Figure 27.3-1), therefore, the net design wind pressure on the MWFRS for the entire building structure will be the algebraic sum of the magnitudes of the windward and leeward wind pressures. That is,

[image: image]    (3-12)

Where,



	G
	=
	gust-effect factor (see ASCE 7 Section 26.11) with a value of 0.85 for rigid buildings (i.e., buildings with a fundamental lateral frequency of vibration, f ≥ 1.0 Hz). For flexible buildings (i.e., f < 1 Hz), the gust-effect factor is calculated using the equations in ASCE 7 Section 26.11. The gust-effect factor accounts for the effect of wind turbulence on the structure in the direction of the wind. It does not account for flutter, across-wind loading, vortex shedding, or any aerodynamic torsional vibration of the building [1].



	f
	=
	natural frequency. For wind load calculations, the natural lateral frequency of vibration of a building in Hz or cycles per second can be approximated as [image: image], where h is the mean roof height in feet (see ASCE 7 Section 26.11.3).
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	=
	External pressure coefficient for the windward wall from ASCE 7 Figure 27.3-1.



	[image: image]
	=
	External pressure coefficient for the leeward wall from ASCE 7 Figure 27.3-1. The external pressure coefficients for the leeward wall is dependent on the building aspect ratio, L/B, where L is the plan dimension of the building parallel to the wind direction, and B is the plan dimension perpendicular to the wind direction.
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	=
	internal wind pressure coefficient from ASCE 7 Section 26.13-1. [image: image] and [image: image] are as defined previously.




The directional method of ASCE 7 Chapter 27 is the only wind load calculation method that will be used in this text because of its versatility, and this method will be illustrated in Example 3-1.

The wind pressure distribution for Parts 1 and 2 of the Directional Procedure of Chapter 27 is assumed to act perpendicular to the surface of the wall or roof, and the windward wall pressure varies with the height of the building (due to the lower pressure near the surface as a result of surface friction), while the leeward wall pressure measured at the mean roof height is uniform or constant over the height of the building; the roof pressures are also uniform (see Figures 3-10b and 3-10c).

Orthogonal Wind Load Effects - Wind Load Cases for the MWFRS (ASCE 7 Figure 27.3-8) To account for orthogonal wind load effects – that is, the effect of wind loads acting simultaneously in two orthogonal directions or the effect of diagonal winds and the effect of in-plane torsion from wind loads, four wind load cases are prescribed in ASCE 7 Figure 27.3-8. For the main wind force resisting system (MWFRS) in any building, the four wind load cases are presented in ASCE 7 as follows:


	Wind Load Case 1: Accounts for full design pressure on the windward (pWW,X or pWW,Y) and leeward faces (pLW,X or pLW,Y) of the building. This load case is calculated separately for the two orthogonal (X- and Y-) directions of the building and the wind load is assumed to act independently (i.e., not simultaneously) in both directions without any in-plane torsional moment.

	Wind Load Case 2: Accounts for 75% of the full design pressures on the windward and leeward faces of the building plus an in-plane torsional moment, MT, about a vertical axis of the building due to the eccentricity of 0.15BX, where BX is the plan dimension of the building perpendicular to the X-direction wind. This load case is calculated separately for the Y-direction wind using an eccentricity of 0.15BY, where BY is the plan dimension of the building perpendicular to the Y-direction wind. For this load case, the wind loads in the X- and Y-directions are assumed to act independently.



X-direction wind:

eX = ±0.15BX

Windward lateral pressure = 0.75pWW,X

Leeward lateral pressure = 0.75pLW,X

MT = 0.75(pWW,X + pLW,X)(BX)(eX), ft-kips/ft. of tributary height.

   = Fx,X(eX), ft-kips/ft. of tributary height.

Where, Fx,X = 0.75(pWW,X + pLW,X)(BX), kips/ft. of tributary height.

Y-direction wind (applied independently of the X-direction wind):

eY = ±0.15BY

Windward lateral pressure = 0.75pWW,Y

Leeward lateral pressure = 0.75pLW,Y

MT = 0.75(pWW,Y + pLW,Y)(BY)(eY), ft-kips/ft. of tributary height.

   = Fx,Y(eY), ft-kips/ft. of tributary height.

Where, Fx,Y = 0.75(pWW,Y + pLW,Y)(BY), kips/ft. of tributary height.


[image: image]
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[image: image]

FIGURE 3-10a, b, & c Wind pressure distribution




	Wind Load Case 3: 75% of the full design pressures (i.e., 0.75pWW and 0.75pLW) is assumed to act simultaneously on the windward (0.75pWW,X or 0.75pWW,Y) and leeward faces (0.75pLW,X or 0.75pLW,Y) of the building in the two orthogonal (X- and Y) directions. Thus, this is a combined load case that occurs simultaneously in both the X- and Y- directions, but without any in-plane torsional moment.

	Wind Load Case 4: Accounts for 56.3% of the full design pressures acting simultaneously on the windward and leeward faces of the building in both orthogonal (X- and Y-) directions, plus a combined in-plane torsional moment, MT, about a vertical axis of the building due to the eccentricities of 0.15BX and 0.15BY, where BX is the plan dimension of the building perpendicular to the X-direction wind and BY is the plan dimension of the building perpendicular to the Y-direction wind.



X-direction wind:

eX = ±0.15BX

Windward lateral pressure = 0.563pWW,X

Leeward lateral pressure = 0.563pLW,X

Y-direction wind (applied simultaneously with the X-direction wind load):

eY = ±0.15BY

Windward lateral pressure = 0.563pWW,Y

Leeward lateral pressure = 0.563pLW,Y

The in-plane torsional moment, MT, due to the combined X-direction and Y-direction wind loads acting simultaneously is

MT = 0.563(pWW,X + pLW,X)(BX)(eX) + 0.563(pWW,Y + pLW,Y)(BY)(eY), ft-kips/ft. of tributary height.

   = Fx,X(eX) + Fx,Y(eY), ft-kips/ft. of tributary height.

Where, Fx,X = 0.563(pWW,X + pLW,X)(BX), kips/ft. of tributary height.

Fx,Y = 0.563(pWW,Y + pLW,Y)(BY), kips/ft. of tributary height.

Part 2 of Chapter 27 discusses the method for “Enclosed Simple Diaphragm Buildings with h 160 ft.” This is a simplified procedure in which the wind loads on the MWFRS are determined directly using ASCE 7 Tables 27.5-1 (for walls) and 27.5-2 (for roofs), provided the conditions in ASCE 7 Section 27.1.2 for using the method are satisfied.

2.ASCE 7 Chapter 28: This chapter contains the “Envelope Procedure” for low-rise buildings and is subdivided into two parts.

Part 1 discusses the analytical method for determining the wind loads on low rise buildings.

Part 2 provides a simplified method for determining the wind loads on low-rise buildings (h ≤ 60 ft.). The wind pressures are obtained directly from ASCE 7 Figure 28.5-1 without any calculations. The net horizontal and vertical wind pressures from this method are assumed to act on the exterior projected areas (i.e., projected vertical surface area and projected horizontal roof area) of the building as shown in Figure 3-10a. The windward wall pressures are uniform or constant over the height of the building.

3.ASCE 7 Chapter 29: This chapter contains procedures for determining the wind loads on other structures (i.e., nonbuilding structures) such as signs; rooftop structures; and equipment, chimneys, lattice framework, and towers.

4.ASCE 7 Chapter 30: This chapter contains the methods for determining the wind loads on Components and Cladding (C&C) and is divided into two parts:

Part 1 is for “Enclosed or Partially Enclosed” low-rise buildings with height h ≤ 60 ft.

Part 2 discusses a simplified approach that is applicable to “Enclosed” low-rise buildings with height h ≤ 60 ft.

Part 3 method is applicable to “Enclosed or Partially Enclosed” buildings with height h > 60 ft.

Part 4 is a simplified approach that is applicable to “Enclosed” buildings with height h ≤ 160 ft.

Part 5 method is applicable to “Open” buildings of all heights provided the roof of the building is not a pitched roof, monoslope roof, or trough roof.

Part 6 method is applicable to “Roof Overhangs, Parapets, and Rooftop Equipment.”

Notes:


	C&C with tributary areas greater than 700 ft.2 should be designed using the provisions for MWFRS (ASCE 7 Section 30.2.3).

	The minimum design wind pressures on C&C shall be 16 psf acting perpendicular to the surface of the C&C and in either direction. That is, the C&C should be designed for a minimum suction and a minimum pressure of 16 psf (ASCE 7 Section 30.2.2).



5.ASCE 7 Chapter 31: The wind tunnel procedure presented in ASCE 7 Chapter 31 can be used for any structure, and for structures where the methods previously discussed cannot be used. The wind tunnel procedure is typically used for very tall and wind-­sensitive buildings where across-wind oscillations occur simultaneously with along-wing oscillations [1], and for slender buildings with a height-to-width ratio greater than 5.0 [4]. The methods for wind load calculations presented previously only consider along-wind motion of the structure. The wind pressures on buildings with unique topographic features should also be determined using the wind tunnel method, and wind tunnel tests are also used to determine the effect of wind on pedestrians around the base of buildings.

Of the several methods just presented for calculating wind loads, only the directional method of Chapter 27 is used in this text. More detailed treatment of wind and seismic loads can be found in Ref. [11]. The parameters needed in the directional method of ASCE 7 Chapter 27 are discussed in the following sections:

Exposure Categories

An exposure category is a measure of the terrain surface roughness and the degree of exposure of the building to the wind. The three main exposure categories are Exposure Categories B, C, and D. Exposure B is the most commonly occurring exposure category although many engineers tend to specify exposure C for most buildings. An airport is an example of an Exposure C condition. The exposure category is determined by first establishing the type and extent of the ground surface roughness at the building site using Table 3-1, and then using Table 3-2 to determine the exposure category (see ASCE 7 Sections 26.7.2 and 26.7.3).


TABLE 3-1 Ground Surface Roughness Categories


	Ground surface roughness
	Description


	B
	Urban and suburban, and mixed wooded areas with numerous spaced obstructions the size of a single-family dwelling or larger


	C
	Open terrain or open country with scattered obstruction generally less than 30 ft. in height.


	D
	Flat, unobstructed areas and water surfaces.; includes smooth mudflats, salt flats, and unbroken ice






TABLE 3-2 Exposure Categories


	Exposure category*
	Description


	B
	Surface roughness B occurs in the upwind† direction for a distance of 20h ≥ 2600 ft. relative to the building location, where h is the height of the building. Examples: City centers; suburban residential areas

	C
	Where exposure category B or D does not occur Examples: Open country; flat grass land

	D
	Occurs where there is surface roughness D for a distance of 20h ≥ 5000 ft., and exposure category D extends into downwind† areas with a category B or C surface roughness for a distance of 20h ≥ 600 ft., where h is the height of the building. Examples: Ocean-front and beach-front structures; structures in coastal areas (Note: these structures would also have to be designed for flood loads)



* Where a building or structure is located in a transition zone between two exposure categories, use the exposure category that produces the higher wind loads. In the author’s experience, the most widely used exposure category is Exposure Category C.

† Upwind is the ground surface starting from the building or structure toward the direction opposite the direction where the wind is coming from. For example, if wind is acting on a building from west to the east, then the upwind direction is west of the building while the downwind direction is east of the building.

Basic Wind Speed, V

This is a 3-second gust wind speed in miles per hour based on a 15% probability of exceedance in 50 years for Risk Category (RC) I building, 6.9% probability of exceedance in 50 years for Risk Category (RC) II buildings, 2.9% probability of exceedance in 50 years for Risk Category (RC) III buildings, and 1.6% probability of exceedance in 50 years for Risk Category (RC) IV buildings. These probabilities are equivalent to mean return interval (MRI) of 300 years for Risk Category (RC) I, 700 years for Risk Category (RC) II, 1700 years for Risk Category (RC) III, and 3000 years for Risk Category (RC) IV [1]. Wind speed increases as the height above the ground level increases because of the reduced drag effect of terrain surface roughness at higher elevations. See ASCE 7 Figures 26.5-1A through 26.5-1D, for the ultimate or factored wind speed maps for the continental United States corresponding to the Risk Categories and MRI. Similar ultimate wind speed maps for the state of Hawaii are presented in Figures 26.5-2A through 26.5-2D. These maps for Hawaii already include the topography of the locations and thus the topographic factor, Kzt, should be taken as 1.0 when the State of Hawaii maps are used [15]. Note that the load factor and the importance factor for wind have already been embedded within the ultimate wind speed maps, therefore, there are no importance factors given for wind loads in ASCE 7 Table 1.5-2.

For structures in the United States, the ASCE 7 Hazard Online tool (see https://asce7hazardtool.online/) can be used to more accurately determined the wind and seismic design parameters for a building. In fact, all the design parameters for seven different hazards including wind, seismic, snow, ice, rain, flood, and tsunami can be accurately determined using this online tool. For example, the basic wind speed and the wind speed for 10-year, 25-year, 50-year, and 100-year MRI can be obtained using this tool. Sometimes, it may be necessary to evaluate existing buildings that were designed using prior versions of ASCE 7 with wind speeds that were not at the ultimate level. The conversion of the basic unfactored wind speeds, [image: image], specified in prior ASCE 7 Load Standard (e.g., ASCE 7-93) to the basic factored wind speeds, [image: image], in the current ASCE 7 Load Standard are given in ASCE 7 Table C26.5-7. Alternatively, the following equation from the IBC 2018 equation (16-33) [6] can be used:

[image: image]    (3-13)

EXAMPLE 3-1

Directional method for wind loads (MWFRS)

The typical floor plan and elevation for a six-story office building measuring 100 ft. × 100 ft. in plan and laterally braced with ordinary moment resisting frames are shown in Figure 3-11. The building is a Risk Category (RC) II building located in an area with a 3-second factored wind speed of 115 mph. Determine the factored design wind forces on the main wind force resisting systems (MWFRS) using the directional method in Part 1 of ASCE 7 Chapter 27. Assume that the building is enclosed, located on a flat terrain, and the roof is flat (except for the minimum roof slope for drainage), with no roof overhang.


[image: image]

FIGURE 3-11 Building plan and elevation for Example 3-1



Solution

The solution to this example using the directional procedure in Part 1 of Chapter 27 of the ASCE 7 Load Standard is now carried out in a step-by-step format.


	Risk Category (RC) II
(Ref: ASCE 7 Table 1.5-1)

	Basic wind speed, V = 115 mph
(Ref: ASCE 7 Figures 26.5-1A, B or C of ASCE 7)

	Determine wind load parameters
a.Wind Directionality Factor (Main wind force resisting system – MWFRS), Kd = 0.85
(Ref: ASCE 7 Table 26.6-1)

b.Exposure Category = Terrain category “C”
(See Tables 3-1 and 3-2 or ASCE 7 Sections 26.7.3 and 26.7.2. Note that there are three Exposure Categories: B, C, & D)


c.Topographic factor, Kzt = 1.0 assuming a flat land
(See ASCE 7 Table 26.8-1)


d.Calculate the lateral natural frequency, f, of the building to determine if the building is rigid or flexible. A rigid building possesses a lateral natural frequency of vibration, f ≥ 1.0 Hz or cycles per second (ASCE 7 Section 26.2), and for rigid buildings, the gust-effect factor, G, is taken as 0.85 (ASCE 7 Section 26.11.1). A flexible structure possesses a lateral natural frequency of vibration, f < 1. The approximate lateral natural frequency of building structures can be estimated using ASCE 7 Section 26.11.3. For this 6-story building with steel moment resisting frames, the approximate lateral natural frequency is calculated as f = 22.2/(h0.8) = 22.2/(60 ft)0.8 = 0.84 Hz or cycles per second. Therefore, this building will be classified as flexible with respect to wind loads and thus the gust-effect factor, G, will not be 0.85; it will have to be calculated using the cumbersome equations in ASCE 7 Sections 26.11.4 and 26.11.5. The gust-effect factor, G, using the equations from ASCE 7 Section 26.11.3, is found to be 0.92; the reader is encouraged to verify this number.

e.Enclosure Classification = Partially Enclosed The Enclosure Classification of “partially enclosed” was given for this example. ASCE 7 Sections 26.12 and Section 26.2 provide the definitions for the Enclosure Classifications. The four possible types of Enclosure Classifications as defined in ASCE 7 Section 26.2 are: Open, Partially Open, Partially Enclosed, and Enclosed. The Enclosure classification is used to determine the internal pressure coefficients, (GCPi) in step 3e (see ASCE 7 Section 26.13-1) and depends on the amount of wall and roof openings in the building relative to the total surface area of the building envelope. To determine the Enclosure Classification, each wall at a time is assumed to be the windward wall. The determination of the Enclosure Classification for a building structure will be illustrated in Example 3-2.

f.Internal Pressure Coefficient, GCpi = +0.55 or −0.55 (for Partially Enclosed Building; See ASCE 7 Table 26.10-1). Note that the internal pressures do not impact the net design wind pressures and the design wind forces on the MWFRS for the entire building because the internal pressures cancel out as depicted in ASCE 7 Figure 27.3-1 or ASCE 7 Figure 27.3-8. The internal pressure coefficient impacts the design of the individual exterior walls and the roof, and their anchorages.



	Velocity Pressure Exposure Coefficients, Kz and Kh: The velocity pressure coefficient, Kz, on the windward face of the building varies with height and is also a function of the External Exposure Category (i.e., whether Exposure Category B, C, or D). The higher the height or level, the higher the value of Kz, because nearer the ground surface, the wind velocity is reduced by the surface roughness and obstructions. The velocity pressure coefficient, Kh, on the leeward face of the building is uniform for the full height of the building and is calculated at the mean roof height of the building. The Kz and Kh factors are obtained from ASCE 7 Table 26.10-1, and with the given Exposure Category “C,” the values of the velocity pressure exposure coefficients, Kz and Kh are tabulated in Table 3-3.



TABLE 3-3 Velocity Pressure Exposure Coefficients for Example 3-1


[image: image]

Ref: ASCE Table 26.10-1



5.Determine the Velocity Pressure, qz and qh, using equations (3-6) and (3-7) as follows:
qz (psf) = 0.00256 Kz Kzt Kd Ke V2 = 0.00256 Kz (1.0)(0.85)(1.0)(115 mph)2 = 28.8 Kz
 qh (psf) = 0.00256 Kh Kzt Kd Ke V2 = 0.00256 (1.13)(1.0)(0.85)(1.0)(115 mph)2 = 32.52

6.Determine the External Pressure Coefficient, Cp, from ASCE 7 Figure 27.3-1 for the walls:

L = Length of building (plan dimension parallel to the wind direction) = 100 ft

B = Width of building (plan dimension perpendicular to the wind direction) = 100 ft

Therefore, L/B = 100/100 = 1.0 (this will be used in ASCE 7 Table 27.3-1 to determine the external pressure coefficients for the leeward wall. For the windward wall, there is only one value for the external pressure coefficient and it is valid for all L/B ratios).

Cp (windward wall) = CP,WW = 0.8 (for all values of L/B)
Cp (leeward wall) = CP,LW = −0.5 (i.e., for L/B = 1)

7.Calculate the wind pressures on each surface of the building using the diagrams in ASCE 7 Figure 27.3-1 (see also ASCE 7 Equation 27.3-1). For this problem, we will focus only on the wall pressures on the windward face and the leeward face of the building. The external wind pressures, p, on the windward wall and the leeward wall are,

pwindward wall= pWW = qz GCp,WW = 28.8 Kz (0.92)(0.8) = 21.2 Kz psf
pleeward wall= pLW = qh GCp,LW = 32.52(0.92)(−0.5) = −15 psf

Note that the external wind pressure on the windward wall varies with height. Some engineers use a linearly varying wind pressure distribution between floor levels instead of the simpler uniform distribution between floor levels used by the authors in Figure 3-12.

The internal wind pressures for the windward and leeward walls are:

pinternal = qh (GCpi) = 32.52 (±0.55) = ±17.9 psf

For this problem, the internal pressures are not required since only the net wind pressures on the MWFRS of the entire building are required. As a result, the internal pressures will cancel out.

8.Net lateral wind pressure on the MWFRS, [image: image]

The net lateral wind pressure on the MWFRS is the algebraic sum of the magnitude of the windward and leeward pressures. Note that this net wind pressure (see Table 3-4) varies with the height of the building as shown in Figure 3-13. Also, in calculating the net lateral wind pressure on the building, the internal pressures cancel out.


[image: image]

FIGURE 3-12Windward and leeward wind pressures on the building (Load case 1 – see ASCE 7 Figure 27.3-8)




TABLE 3-4 Net Lateral Wind Pressure on MWFRS in Example 3-1

[image: image]



Note:

−ve sign in the table above indicates wind suction (i.e., wind pulling away from the wall).
+ve sign in the table above indicates wind pressure (i.e., wind pushing into the wall).
For this building, pWW,X = pWW,Y = pWW and pLW,X = pLW,Y = pLW


[image: image]

FIGURE 3-13Net design wind pressures on the building (Load case 1)



The windward and leeward wind pressures on the MWFRS for the entire building for load case 1 are shown in Figure 3-12 and the net design lateral wind pressures are shown in Figure 3-13. The summary tables for load cases 2 through 4 will be presented later.

9.The total lateral force on the building at each level is calculated using the net lateral design wind pressures (see Table 3-5a and Figure 3-14).

Fx = [(pU) (THU) + (pL)(THL)](Width of building perpendicular to the wind direction)

THU = the upper portion of the Tributary height above the floor level under consideration. Note: At the roof level, THU = height of parapet, or equal to zero where there is no parapet.

THL = the lower portion of the Tributary height below the floor level under consideration

pU = uniform net lateral design wind pressure above the floor level under consideration

pL = uniform net lateral design wind pressure below the floor level under consideration

In Table 3-5a, the design lateral forces on the six-story building were calculated and shown in Figure 3-14 for wind load case 1. As previously discussed, ASCE 7 Figure 27.3-8 presents four wind load cases for the main wind force resisting system (MWFRS) in a building that are required to be checked. We present in the tables below the wind loads for load cases 2 through 4.


TABLE 3-5a Total Lateral Wind Force on the Building (Load Case 1)

[image: image]

Note that for load case 1, the X- and Y- direction forces will be the same since the building is symmetrical. The forces in Figure 3-14 are applied independently in the X-direction and in the Y-direction. For pWW and pLW, see Table 3-4.




[image: image]

FIGURE 3-14Design lateral forces on the building at each level



Wind load case 2:

BX = 100 ft

BY = 100 ft

eX = ±0.15BX = ±0.15(100 ft.) = ±15 ft.

Windward lateral pressure = 0.75pWW,X

Leeward lateral pressure = 0.75pLW,X

For the X-direction wind,

MT = 0.75(pWW,X + pLW,X)(BX)(eX) = 0.75(pWW,X + pLW,X)(100 ft.)(±15 ft.) ft-kips/ft. of tributary height

= Fx,X(eX), ft-kips/ft. of tributary height

Due to the symmetry of this building, the X-forces and the in-plane torsional moments calculated for the X-direction wind load will be the same for the Y-direction wind load, but the X- and Y-direction forces/moments for this load case are applied independently.

Wind load case 3:

BX = 100 ft.

BY = 100 ft.

eX = 0

eY = 0

For the X-direction wind,

Windward lateral pressure = 0.75pWW,X

Leeward lateral pressure = 0.75pLW,X

For the Y-direction wind,

Windward lateral pressure = 0.75pWW,Y

Leeward lateral pressure = 0.75pLW,Y

The in-plane torsional moment due to wind is calculated at each diaphragm level as

MT = 0 ft-kips/ft

Due to the symmetry of this building, the X-direction wind load and the in-plane torsional moments will be the same for the Y-direction, and the X- and Y-direction forces/moments in this load case are applied simultaneously.

Wind load case 4:

BX = 100 ft.

BY = 100 ft.

eX = ±0.15BX = ±0.15(100 ft.) = ±15 ft.

eY = ±0.15BY = ±0.15(100 ft.) = ±15 ft.

For the X-direction wind,

Windward lateral pressure = 0.563pWW,X

Leeward lateral pressure = 0.563pLW,X

For the Y-direction wind,

Windward lateral pressure = 0.563pWW,Y

Leeward lateral pressure = 0.563pLW,Y

The in-plane torsional moment due to wind is calculated at each diaphragm level as

MT = 0.563(pWW,X + pLW,X)(BX)(eX) + 0.563(pWW,Y + pLW,Y)(BY)(eY), ft-kips/ft. of tributary height

= Fx,X(eX) + Fx,Y(eY) ft-kips/ ft. of tributary height

Due to the symmetry of this building, the X-forces and the in-plane torsional moments will be the same for the Y-direction, and the X- and Y-direction forces/moments in this load case are applied simultaneously.


TABLE 3-5b Total Lateral Wind Force on the Building (Load Case 2)

[image: image]

THU = upper tributary height of the floor level and THL = lower tributary height of the floor level For pWW and pLW, see Table 3-4.




TABLE 3-5c Total Lateral Wind Force on the Building (Load Case 3)

[image: image]

THU = upper tributary height of the floor level and THL = lower tributary height of the floor level For pWW and pLW, see Table 3-4.




TABLE 3-5d Total Lateral Wind Force on the Building (Load Case 4)

[image: image]

THU = upper tributary height of the floor level and THL = lower tributary height of the floor level For pWW and pLW, see Table 3-4.



Approximate Natural Frequency for Wind Load Calculations

The approximate natural or fundamental lateral frequency of structures used for calculating wind loads are given in ASCE 7 Section 26.11.3 for the different lateral force resisting systems as follows:







	Lateral Force Resisting System
	Approximate Fundamental Lateral Frequency of Vibration^


	Structural steel moment-resisting frames
	 [image: image]



	Concrete moment-resisting frames
	[image: image]



	Structural steel and concrete buildings with other lateral force resisting systems (e.g., shear walls)
	 [image: image]




^ h is the mean roof height in feet in the above equations.

Building Enclosure Classifications (ASCE 7 Sections 26.2 and 26.12)

There are four possible types of building enclosure classifications: open, partially open, partially enclosed and enclosed. These classifications are used to determine the internal pressure coefficients, (GCPi), from ASCE 7 Table 26.13-1, and depends on the amount of wall and roof openings in the building relative to the total building envelope surface area. ASCE 7 Sections 26.12 and Section 26.2 provide the definitions for the Enclosure Classification. To determine the Enclosure Classification, each wall at a time is considered to be the windward wall; that is, the wall that receives the positive pressure with surface area Aos. The most critical classification which results in the highest wind pressures is used. The definitions of the different enclosure classifications from ASCE 7 Section 26.2 are as follows:

1.“Open” Building: Aos ≥ 0.8 Ags

2.“Partially Enclosed” Building


	Aos > 1.10 Aoi, and

	Aos ≥ the smaller of 0.01 Ags or 4 ft2, and

	Aoi ≤ 0.20 Agi



3.“Enclosed” Building:


	Aos < the smaller of 0.01 Ags or 4 ft2, and

	Aoi ≤ 0.20 Agi



4.“Partially Open” Building: If conditions 1 through 3 above are not satisfied.

Where,

Aos = Total area of openings in a wall that receives positive external pressure

Ags = Gross area of wall that receives positive external pressure

Aoi = Total area of wall openings excluding Aos, but including wall and roof openings

   = Aow + AoE + AoN

(Note: the openings also include doors and windows with glazing that are not impact resistant)

Agi = Total or Gross surface area of the walls and roof, excluding Ags

   = AgW + AgE + AgN + AgRoof

In wind-borne debris region such as hurricane prone regions within one (1) mile of coastal areas, glazing in the lower 60 ft of the building must be impact-resistant glazing or protected with an impact-protective system (see IBC 1609.1.2 and ASCE 7 Section 26.12.3.1).

Example 3-2: Building Enclosure Classification

The plan of a 28 ft high one-story building is shown in Figure 3-15 with the doors and window openings indicated. Assume the glazing in the windows and doors is not impact resistant. Determine the enclosure classification and the internal pressures in the building using ASCE 7 Table 26.13-1.


[image: image]

FIGURE 3-15Openings in a one-story building envelope



SOLUTION

In this example, we could start by assuming the south wall (S) as the wall that receives positive external pressure. Note that the process will have to be repeated for all the wall surfaces and the worst-case enclosure classification is used in the wind load calculation. The following parameters are calculated:



	Aos = 
	Total area of openings in a wall that receives positive external pressure. For the south wall, the area of the openings on this wall is,



	Aos = 
	5 window openings × 40 ft2/opening = 200 ft2



	Ags = 
	Gross vertical surface area of the wall that receives positive external pressure (i.e., south wall for this case) = 90 ft × 28 ft height = 2520 ft2



	Aoi = 
	Total area of wall openings excluding Aos, but including wall and roof openings



	= 
	Aow + AoE + AoN



	= 
	8 window openings × 40 ft2/opening + 2 door openings × 96 ft2/opening = 512 ft2



	Agi = 
	Total or Gross vertical surface area of the walls and horizontal surface area of the roof, excluding Ags



	= 
	AgW + AgE + AgN + AgRoof



	= 
	(48')(28') + (48')(28') + (90')(28') + (90')(48') = 9528 ft2




The four possible enclosure classification options are checked as follows to determine which one controls:

1.“Open” Building: Aos 0.8 Ags

0.8Ags = (0.8)(2520 ft.2) = 2016 ft.2

Aos = 200 ft2 < 2016 ft2; Therefore, the building enclosure is not open.

2.“Partially Enclosed” Building: The following three conditions must be satisfied,


	Aos > 1.10 Aoi, and

	Aoi ≤ 0.20 Agi, and

	Aos > the smaller of 0.01 Ags or 4 ft.2
That is,

	Aos = 200 ft2 > 1.10 Aoi = 1.1 × 512 = 563 ft.2; Not satisfied, and

	Aoi = 512 ft2 < 0.20 x 9528 ft2 = 1906 ft2; OK, and

	Aos = 200 ft2 > the smaller of 0.01 × 2520 ft2 = 252 ft2 or 4 ft2 OK.



Since all the 3 conditions above are not satisfied,, the building enclosure is not partially enclosed.

3.“Enclosed” Building: The following two conditions must be satisfied,


	Aos < the smaller of 0.01 Ags or 4 ft2, and

	Aoi 0.20 Agi
That is,



	Aos = 200 ft2 < the smaller of 0.01 × 2520 ft2 = 252 ft2 or 4 ft2; Not satisfied, and

	Aoi = 512 ft2 0.20 × 9528 ft2 = 3514 ft2; OK.



Since both conditions are not satisfied, this is not an “enclosed building.”

4.“Partially Open” Building:

Since conditions 1 through 3 above are not satisfied, this is a “Partially Open” building.


	From ASCE 7 Table 26.13-1, the internal pressure coefficient for a “partially open” building is (GCpi) = ±0.18.



The above process should be repeated for all the wall surfaces of the building to determine the worst-case enclosure classification (i.e., the highest internal pressure coefficient).



3-5EFFECT OF NET FACTORED UPLIFT LOADS ON ROOF BEAMS AND JOISTS



The net factored uplift roof loads due to wind are normally calculated using the Components and Cladding (C&C) wind pressures. Typically, the C&C roof pressures are obtained assuming the smallest effective wind area, Ae, of 10 ft.2, which is conservative for most structural members, except for members with very small tributary areas. For members with larger tributary areas, the C&C roof pressures can be calculated using a more realistic tributary area, Ae, of 100 ft.2

Example 3-3 Net Uplift Wind Loads

To illustrate the calculation of net uplift wind loads, assume that the dead, snow, and roof live loads on the roof framing of a building have already been determined as follows:

[image: image]

[image: image]

Roof live load, Lr = 20 psf (actual value depends on the tributary area of the member under consideration).


	Assume the wind pressures for C&C calculated using ASCE 7 Figure 30.5-1 are as follows:



W = +16.0 psf (this +ve wind load will be used in the LRFD load combinations 1 through 4)

W = –41.8 psf (this –ve wind load value will be used in the LRFD load combination 5 to determine if there is any net uplift force on the roof framing)


	Assume the roof framing consists of steel beams that span 20 ft. with a spacing of 5 ft. on centers.



Calculate the maximum loads, shear, and moments in a typical beam.

SOLUTION

Summary of Roof Loads

The following is a summary of the loads acting on the roof of the building:

[image: image]
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The load and resistance factor design (LRFD) load combinations from Chapter 2 will now be used to determine the governing or controlling load case for this steel-framed roof; The factored loads on the roof are calculated as follows:

LRFD Load Combinations


	1.4 (25 psf) = 35 psf

	1.2 (25 psf) + 1.6 (0) + 0.5 (35 psf) = 48 psf

	1.2 (25 psf) + 1.6 (35 psf) + 0.5 (16.0 psf) = 94 psf (controls for downward loads)

	1.2 (25 psf) + 1.0 (16 psf) + 0 + 0.5 (35 psf) = 63.5 psf

	0.9 (25 psf*) + 1.0 (–41.8 psf) = –19.3 psf (controls for net wind uplift load; load acts upward)



* This is the dead load assumed to be present when the wind acts on the building. The actual value may be less than the dead load used for calculating the maximum factored downward load in load combinations 1 through 4. This dead load value should be carefully determined so as not to create an unconservative design for wind uplift forces.

Load Effects in Roof Beams with Net Uplift Loads

The roof beams in this example will have to be designed for a downward-acting load of 94 psf and a net factored uplift load of 19.3 psf. The girders will have to be designed for the corresponding beam reactions. Note that this beam must be checked for both downward and uplift loads. Most roof beams have their top flanges fully braced by roof decking or framing, but in designing beams for moments due to net uplift loads, the unbraced length of the compression flange of the beam (which is the bottom flange for uplift loads) will, in most cases, be equal to the full span or length of the beam. For steel beams, this could lead to a substantial reduction in strength that could make the uplift moments more critical than the moments caused by the factored downward loads.

Downward Loads and Load Effect:

With the roof beam span, L, of 20 ft. and a tributary width of 5 ft., the moments and reactions in the typical roof beam are calculated as follows:

Factored uniform downward load, wu (downwards) = (94 psf)(5 ft.) = 470 lb./ft.

Maximum +ve moment, Mu+ve = (470 lb./ft.)(20 ft.)2/8 = 23,500 ft.-lb.

(unbraced length, Lu = 0 ft. since the compression flange of the beam is laterally braced by the roof deck)

Maximum downward load reaction, Ru+ve = (470 lb./ft.)(20 ft.)/2 = 4700 lb.

Net Wind Uplift Load and Load Effect:

Net factored uniform uplift load, wu (upwards) = (–19.3 psf)(5 ft.) = –96.5 lb./ft.

Maximum –ve moment due to the net wind uplift, Mu–ve = (–96.5 lb./ft.)(20 ft.)2/8 = –4825 ft.-lb.

(unbraced length, Lu = 20 ft.)

Maximum upward load reaction, Ru–ve = (–96.5 lb./ft.)(20 ft.)/2 = –965 lb.

If open-web steel joists were used for the roof framing of this building instead of the infill steel beams, a net uplift wind pressure could lead to the collapse of these joists if the uplift load is not adequately considered in the design of the joists. When subjected to a net uplift wind load, the bottom chord of the open-web steel joists and the long diagonal members, which are typically in tension under gravity (i.e., downward) loads (and, in many cases, may have slenderness ratios of between 200 to 300), will be in compression due to the net wind uplift loads. The bottom chords of the joist may have unbraced lengths that far exceed the default values that may be assumed in a standard structural analysis software. The actual unbraced length of the joist bottom chord is the smaller of the span of the joist or the spacing between joist bridging. Under this condition, these members may be inadequate to resist the resulting compression loads unless they have been designed for this stress or load reversal.

The combination of a light roof system and an inaccurately calculated wind uplift load led to the collapse of a commercial warehouse roof in the Dallas area in 2001 [7]. In this warehouse structure, the net uplift due to wind loads caused stress reversals in the end diagonal web and bottom chord members of the roof joist, which had only been designed to resist axial tension forces resulting from the downward acting roof dead and live loads.



3-6DESIGNING FOR TORNADOES – SIMPLIFIED METHOD


Tornadoes are classified into five categories: EF0, EF1, EF2, EF3, and EF4, with the upper range wind speeds, Vtornado, of 85 mph, 110 mph, 135 mph, 165 mph, and 200 mph, respectively. In areas where tornadoes are prevalent, buildings should be designed for the tornado wind pressures, and the ASCE 7 Commentary Chapter C26 [1] presents two methods for calculating the MWFRS and the C & C tornado wind pressures for any tornado category, but only the simplified approach will be used in this text. The ASCE 7 wind pressures obtained using the design wind speeds, [image: image], from the ASCE 7 wind hazard maps (i.e., Figures 26.5-1A through 26.5-1D or Figures 26.5-2A through 26.5-2D) are scaled up by the product of the tornado factor, TF, obtained from ASCE 7 Table C26.14-4 and a conversion factor given as

[image: image]

Therefore, the tornado wind pressure is given as

[image: image]

Where,



	[image: image] = 
	wind pressures obtained using the design wind speeds, [image: image], from the ASCE 7 wind hazard maps (i.e., Figures 26.5-1A through 26.5-1D or Figures 26.5-2A through 26.5-2D






	Vtornado = 
	85 mph for EF0 tornado



	= 
	110 mph for EF1 tornado



	= 
	135 mph for EF2 tornado



	= 
	165 mph for EF3 tornado



	= 
	200 mph for EF4 tornado




TF = tornado factor (see ASCE 7 Table C26.14-4)

For MFRS, for Exposure B structures:

TF = 1.8 for partially enclosed buildings

TF = 2.5 for enclosed buildings

For MFRS, for Exposure C or D structures:

TF = 1.2 for partially enclosed buildings

TF = 1.6 for enclosed buildings

The tornado factors for Components and Cladding or C & C can be obtained from ASCE 7 Table C26.14-4.

EXAMPLE 3-4 TORNADO WIND PRESSURES

Calculate the factor by which the ASCE 7 design wind pressures for the MWFRS from Example 3-1 will be scaled up if the building owner has requested the building be designed for an EF4 tornado. Assume Exposure C.

SOLUTION

From Example 3-1, the design wind speed, V = 115 mph

Exposure Category = C

Enclosure = Partially Enclosed

For partially enclosed buildings and Exposure C, from ASCE 7 Table C26.14-4, the Tornado Factor for the MWFRS, TF = 1.2

For EF4 Tornado, Vtornado = 200 mph

Therefore, the scale-up factor = (CF)(TF) = [image: image]

All the MWFRS design wind pressures from Example 3-1 (e.g., see Figures 3-12 and 3-13) will have to be multiplied by a scale-up factor of 3.63 and the MWFRS will have to be designed for these increased wind pressures. In addition, the diaphragms, chords, and drag struts or collectors and their connections to the lateral force resisting system will have to be designed for these increased loads. Also, the connections of the MWFRS to the foundations and the roof, and their connections would have to be designed for the increased uplift forces.



3-7CALCULATION OF SEISMIC LOADS


Seismic loads are calculated differently for the primary system (i.e., the lateral force resisting system) than for parts and components such as architectural, mechanical, and electrical fixtures. In the United States, seismic design is based on a 2% probability of exceeding the design earthquake in 50 years for a standard occupancy building. This results in an earthquake with a mean recurrence interval (MRI) of approximately 2500 years. The seismic load calculations for the primary system are covered in ASCE 7 Chapter 12, while the seismic load calculations for parts and components (i.e., nonstructural components) are covered in ASCE 7 Chapter 13 [1].

The design basis or the performance objectives for seismic design using the ASCE 7 Load Standard are as follows (see ASCE 7 Sections C11.5 and C12.1 [1]):

1.The structure may be severely damaged but has a low probability of collapse (~10% probability) under a rare seismic event the maximum considered earthquake ground motion, [image: image].

2.The structure will not collapse but there is failure of the non-structural components, and there is very low probability of loss of life under a design earthquake ground motion, [image: image]. According to the ASCE 7 Commentary (Section C11.8.3), the factor of “2/3” was obtained from seismic code calibration studies which indicated a “reserve capacity of more than 1.5 or 3/2 times relative to collapse” for most buildings under the design earthquake ground motion, hence the MCE ground motion multiplier of 1/1.5 or 2/3.

3.Structures that are essential to disaster response and recovery efforts (i.e., Risk Category (RC) IV structures) must remain functional during and after the design earthquake ground motion (see Table 3-6).


TABLE 3-6 Seismic Performance versus Risk Category and Earthquake Frequency

[image: image]



With the preceding performance objectives, a Risk Category (RC) II structure achieves life safety under the design considered earthquake ground motion, [image: image] ; it achieves collapse prevention, but sustains severe damage, when the structure is subjected to the maximum considered earthquake ground motion, [image: image].

In terms of the level of damage or devastation expected in a seismic event, the ASCE 7 Commentary (Section C1.3.1.3) indicates that for Risk Category (RC) II structures subjected to the MCE, total or partial collapse should be expected to occur in 10% of new buildings and failure of non-structural components that could pose injury risk to human lives will occur in 25% of new buildings; similar values for Risk Category (RC) IV buildings are 2.5% and 9%, respectively [1]. The expected target reliability or the expected failure probabilities for other Risk Categories can be found in ASCE 7 Tables 1.3-2 and 1.3-3 [1].

Table 3-6 shows the relationship between the expected seismic performance levels, the Risk Category (RC), and the intensity and frequency of the earthquake [1, 22]. Note that many commercial structures are in Risk Category (RC) II, and the expected seismic performance from Table 3-6 which indicates “collapse prevention” with 10% probability of collapse means that most of the buildings will not collapse, but they may be badly damaged beyond repair, and as such many of these structures may have to be demolished, resulting in huge economic losses and untold hardships for many citizens. The resiliency of community infrastructure – including buildings and bridges - and business continuity after a hazard event such as an earthquake is a topic of immense interest [23], and one of the key questions is:

Are all stakeholders fully aware of, and able to survive, the risk of huge economic losses and untold financial hardships that would ensue due to the level of structural damage from these hazard events that is implied by the minimum provisions in the current prescriptive- or specifications-based codes and standards?

It should be emphasized to building owners that the prescriptive- and specifications-based codes provide only minimum requirements that is focused on life safety, and higher performance levels may be sought through the use of performance-based design (see Chapter 2), though this will lead to an increase in the initial cost of the project. The Structural Engineering Institute (SEI) of the American Society of Structural Engineers (ASCE) is actively promoting the development and implementation of “performance-based codes and standards,” and the incorporation of “resilience in the built environment,” and these are two of the key initiatives of its “Vision for the Future of Structural Engineering.”

One of the important parameters needed to calculate the seismic loads on structures is the Seismic Design Category (SDC). The seismic design category (SDC) determines the following:


	The permitted seismic analysis procedures – specifically, whether the equivalent lateral force (ELF) method is permitted or not (see ASCE 7 Table 12.6-1). The other three seismic analysis methods – the modal response spectrum analysis (ASCE 7 Section 12.9.1) or the linear response history analysis method (ASCE 7 Section 12.9.2) and the non-linear response history analysis (ASCE 7 Chapter 16) – are permitted for all structures per ASCE 7 Table 12.6-1 [1].


The inelastic action of structures during a seismic event, resulting from cracking and yielding of the members, causes an increase in the damping ratio and in the fundamental period of lateral vibration of the structure which leads to reduced seismic forces. Note however, that the linear elastic analysis procedure for seismic design in ASCE 7 uses a constant fundamental period of vibration, T, even though in reality, the period is not constant but continues to increase as the structural elements yield and hinges are formed. This change in the fundamental period of lateral vibration which results in a change in the stiffness of the structure is considered in non-linear analysis techniques such as a pushover analysis.


	The maximum allowable height for building structures,

	The mandated special seismic detailing requirements and quality assurance plans. For example, structures in SDC A, B, or C do not require special detailing, whereas structures in SDC D, E, or F have special detailing requirements that are specified in ASCE 7 Chapter 14.



The SDC is dependent on the following parameters:


	The Site Class which depends on the soil type at the project site.

	The mapped spectral acceleration parameter at short period, SS, and the mapped spectral acceleration parameter at 1-s period, S1.

	The short period and 1-s period response acceleration parameters, SDS and SD1, respectively, at the project site.

	The Risk Category (RC) (see ASCE 7 Tables 1.5-1 and 1.5-2, 11.6-1, and 11.6-2), and



The six SDCs identified in ASCE 7 are A through F, and the four occupancy categories and their corresponding seismic importance factors are tabulated in Table 3-7 (ASCE 7 Tables 1.5-1 and 1.5-2). Note that for structures in SDC A, B, or C, there are no special detailing requirements. There are special detailing requirements for structures in SDC D, E, or F. The step-by-step procedure for determining the seismic design category (SDC) is described in Table 3-8.


TABLE 3-7 Risk Category and Seismic Importance Factor

[image: image]




TABLE 3-8 Determination of the Seismic Design Category (SDC)

[image: image]



* When S1 ≤ 0.75, ASCE 7 Section 11.6 allows the SDC to be determined from ASCE 7 Table 11.6.1 alone, provided the following conditions are satisfied:


	In each orthogonal direction, the fundamental period of the structure, Ta, determined in equations 3-17, 3-18a, or 3-18b is less than 0.8 Ts, where Ts = SD1/SDS (ASCE 7 Section 11.4.5).

	In each orthogonal direction, the fundamental period used to calculate the story drift is less than Ts.

	The seismic response coefficient is calculated using equations (3-16a) through (3-16f).



It is recommended, whenever possible, to aim for seismic design category (SDC) A, B, or C, but it should be noted that the SDC value for any building will depend largely on the soil conditions at the site and the structural properties of the building. Note that the site coefficients Fa and Fv increase as the soil becomes softer. If SDC D, E, or F is obtained, this will trigger special detailing requirements, and the reader should refer to Chapter 14 of the ASCE 7 Load Standard for additional detailing requirements.



3-8SEISMIC ANALYSIS OF BUILDINGS USING THE ASCE 7 LOAD STANDARD


The four methods available in the ASCE 7 Load Standard [1] for the seismic analysis of structures are as follows:


	Equivalent Lateral Force (ELF) method (ASCE 7 Section 12.8)

	Modal Response Spectrum Analysis method (ASCE 7 Section 12.9.1)

	Linear Response History Analysis (ASCE 7 Section 12.9.2)

	Non-linear Response History Analysis (ASCE 7 Chapter 16)



While the equivalent lateral force (ELF) method is a statics-based method, both the modal response spectrum method and the linear response history analysis are linear dynamic analyses using 3-D models. The fourth method – the nonlinear response history analysis method – also uses 3-D models and accounts for the nonlinear material and geometry of the structure, as well as the foundation-structure interaction. The structure is subjected to a suite of ground motions, and this method requires independent peer review.

The appropriate method of analysis will depend on the seismic design category (SDC) obtained from Table 3-8. The seismic analysis methods permitted for SDC B through F are described in ASCE 7 Table 12.6-1. A minimum seismic lateral force at each level, equal to 0.01Wx, can be used for structures in SDC A in lieu of the equivalent lateral force (ELF) method, where Wx is the portion of the total seismic dead load (see Section 3-9) tributary to or assigned to level x (see ASCE 7 Sections 1.4.2 and 11.7).

A plot of the design response spectra from the International Building Code (IBC) that gives the maximum ground acceleration versus the period, T, for various buildings is shown in Figure 3-16. SD1 and SDS are defined in Section 3-9. The response spectra can be used to determine the maximum ground acceleration for any building as a function of the period of the building. This ground acceleration can then be used to calculate the base shear and the seismic design forces on the building. The design response spectrum approach is appropriate for structures where the fundamental or first mode of lateral vibration dominates the lateral vibration behavior of the structure. However, for tall slender structures where the higher modes of vibration also play a significant role in the lateral vibration of the building, the response spectrum approach is no longer applicable and other methods of seismic analysis such as modal analysis method, and non-linear dynamic analysis (i.e., non-linear response history analysis) will be more appropriate. [image: image]


[image: image]

FIGURE 3-16Design response spectra
Source: Excerpted from the 2006 International Building Code (IBC) Figure 1615.1.4 [7]. Copyright 2006, International Code Council, Washington, D.C. Reproduced with permissions. All rights reserved. www.iccsafe.org.



In using the equivalent lateral force (ELF) method, the mapped risk-targeted maximum considered earthquake (MCER) spectral response acceleration parameters for short period (0.2-s), SS, and long period (1.0-s), S1, respectively, are required and can be obtained from ASCE 7 Figures 22-1 through 22-8. These parameters are based on a damping of 5% of critical damping [1]. Other required parameters include the mapped long-period transition period, TL, for the location of the structure which can be obtained from ASCE 7 Figures 22-14 through 22-17. Alternatively, more accurate values of the above ground motion parameters (SS, S1, and TL) for any specific location within the United States can be obtained using the following webtools: https://asce7hazardtool.online/ or https://seismicmaps.org/.



3-9EQUIVALENT LATERAL FORCE (ELF) METHOD


In the equivalent lateral force method (ELF), the dynamic seismic forces caused by the ground motion or acceleration are replaced by a set of equivalent static lateral forces at each diaphragm level of the structure (see ASCE 7 Section 12.8). The ELF is the most widely used method for seismic analysis and will be used in this text; the method allows linear elastic analysis to be used. The ELF method, which assumes that the first mode of lateral vibration dominates the dynamic behavior of the structure, can be used for most structures in SDC A through F, except for certain structures with periods greater than 3.5(SD1/SDS) seconds, and structures with certain types of horizontal and vertical irregularities (See ASCE 7 Table 12.6-1). The definitions of horizontal and vertical structural irregularities for seismic design are given in ASCE 7 Tables 12.3-1 and 12.3-2, and the few structural irregularities that are permitted with the ELF method are described in ASCE 7 Table 12.6-1. Structures that have continuous lateral load paths do not have the vertical or horizontal irregularities identified in ASCE 7 Chapter 12. For many other structural irregularities and for complex structures where higher modes of lateral vibrations are also dominant, the ELF method cannot be used and the modal response spectrum analysis method which combines the dynamic responses from several predominant modes or the non-linear response history analysis method must be used. Note than any seismic design based on non-linear dynamic analysis requires an independent design review (see ASCE 7 Section 16.1.4). The same goes for structures that use seismic isolation and damping systems (ASCE 7 Sections 17.1 and 18.5).

For the ELF method, the factored seismic base shear (applied separately in each of the two orthogonal directions) is calculated as

[image: image]    (3-14)

Where,

W is the total seismic dead load which includes the following loads:


	Dead load on the diaphragm (i.e., the roof and floor levels) including its self-weight.

	Weight of the exterior cladding or wall loads, including parapets.

	A minimum of 25% of the floor live load for warehouses and structures used for storage of goods, wares, or merchandise (public garages and open parking structures are excluded).

	Partition load or 10 psf, whichever is greater, but this only applies when an allowance for a partition load was included in the floor load calculations.

	Total operating weight of all permanent equipment, e.g., mechanical systems attached to the structure, air conditioners, any equipment attached to the structure.
(For mechanical room equipment, since most of these equipment are attached to concrete house-keeping pads which are not usually attached to the floor to avoid transmission of equipment vibrations to the structure, the authors recommend taking the ­operating weight of these equipment as 50% of the mechanical room live load for schools and residential buildings (including the weight of the house keeping pads); and 75% for mechanical rooms in industrial buildings.)

	20% of the flat roof or balanced snow load, if the flat roof snow load, Pf, exceeds 30 psf. A higher snow load results in a tendency for the bottom part of the accumulated snow to adhere or stick to the structure and thus contribute to the seismic load.

	Weight of landscaping and other materials on roof gardens [1].



Therefore, assuming the 2nd floor is the first diaphragm above the base of the structure (i.e., the level at which the ground motion is transmitted to the structure), the total seismic dead load is

[image: image]    (3-15)

Where,

Wx = Seismic dead load tributary to the diaphragm at level x.

For buildings with basement levels, the basement levels will also be included in the seismic load calculations and in the seismic analysis. From equation (3-14), the base shear, V = CsW, and the seismic response coefficient is calculated from equation (3-16a) through (3-16f) as follows:

[image: image]    (3-16a)

[image: image]    (3-16b)

[image: image]    (3-16c)

[image: image]    (3-16d)

[image: image]    (3-16e)

[image: image]    (3-16f)

Where,



	[image: image] = 
	Importance factor for earthquake from ASCE 7 Tables 1.5-1 and 1.5-2,



	SDS = 
	Short-period design spectral response acceleration parameter (ASCE 7 Sections 11.4.4 or 11.4.7),



	SD1 = 
	1-sec. period design spectral response acceleration parameter (ASCE 7 Sections 11.4.4 or 11.4.7),



	S1 = 
	The mapped risk-targeted maximum considered earthquake (MCER) ground motion parameter for 1.0-s spectral response acceleration (ASCE 7 Figures 22-2 through 22-8),



	T = 
	Fundamental period of vibration of the structure,



	TL = 
	Mapped long-period transition period (see ASCE 7 Figures 22-14 through 22-17, [1]), and



	R = 
	Structural system response modification factor (see ASCE 7 Table 12.2-1).




The structural system response modification coefficient, R, is a measure of the ductility of the seismic lateral force resisting system, and it accounts for the inelastic behavior and the energy dissipation capacity of the lateral force resisting system (see Figure 3-2). An R value of 1.0 corresponds to a purely linear elastic structure and this would result in the highest seismic lateral force, but it would be highly uneconomical to design structures assuming linear elastic behavior. The use of higher R values that would reduce the base shear values to well below the elastic values is borne out of experience from previous earthquakes in which buildings have been known to resist earthquake forces significantly higher than the design base shear values because of inelastic behavior and the inherent redundancy in the building structure; this was previously discussed in Section 3-1 in regards to Figure 3-2.

The seven basic lateral force resisting systems prescribed in ASCE 7 Table 12.2-1, each with its unique R-values, are described as follows:

A.Bearing Wall Systems: These are lateral force resisting systems (LFRS) that support both gravity and lateral loads (e.g., concrete or masonry shear walls that support both gravity and lateral loads). Since the same wall system supports both gravity and lateral loads, it lacks redundancy and therefore, the R values are smaller than other lateral force resisting systems.


B.Building Frame Systems: In the building frame system, the gravity load is predominantly supported by the building frame consisting of the beams, girders, and columns. The lateral load is resisted by shear walls and/or braced frames. Note that the diagonal braces in braced frames do not support the building gravity loads. The LFRS that support only lateral load are classified as building frame systems. It has better structural performance because the LFRS supports only a single type of load (i.e., lateral load); therefore, the R values are higher than those for bearing wall systems. Thus, building frame systems are more economical than bearing wall systems. Examples of building frame systems include braced frames (X-braced frames, Chevron braced frames, single diagonal braced frames, and multi-tiered braced frames), masonry shear walls in steel-framed buildings, steel plate shear walls, and steel plate composite shear walls.

It should be noted that concrete or masonry shear walls that do not support gravity loads may also be classified as building frame systems, and it is not necessary that the walls be isolated from the building frame. If a shear wall that is built integral with a building frame has confined columns at the ends of the wall and/or confined columns within the wall length, and has a beam or girder immediately above and in the plane of the wall spanning between these columns to support the gravity loads, such a shear wall can be classified as a building frame system; the reason is that if the shear wall panel itself were removed, the gravity loads can still be supported by the end columns and/or the confined columns, and the beam or girder spanning between these columns [5]. Individual steel plate composite shear walls have a system response modification coefficient, R of 6.5, but the Speedcore shear wall system with its coupling beams (see Figures 3-8b and 3-8c) is expected to have an R value of 8 because of its greater ability to dissipate seismic energy. Note that for higher seismic regions, the use of ordinary concentric braced frames (OCBF) is not permitted because of their inherent unbalanced hysteretic behavior in tension and compression (i.e., tension brace and the compression brace have different load-deformation characteristics). Once the compression brace buckles, only the tension brace is active unless and until the lateral load reverses direction. For high seismic regions, buckling restrained braced frames (BRBF) are preferred because of their balanced or symmetric hysteretic behavior. That is, under repeated cyclic lateral loading, both the tension diagonal brace and the compression diagonal brace have the same yield strength and the same load-deformation curve since the compression brace is restrained from buckling. In ASCE 7 Table 12.2-1, BRBF used in the dual lateral force resisting systems (System D-12) have a system response modification coefficient, R of 8 (indicating excellent ductility), whereas OCBF (System B-3) has an R value of 3¼.

C.Moment Resisting Frame Systems

D and E. Dual Systems: Shear wall or buckling restrained braced frames (BRBF) combined with special moment resisting frames (SMRF) or intermediate moment resisting frames (IMRF) where the SMRF or the IMRF resist at least 25% of the prescribed seismic forces. These are systems with some redundancy and therefore, they have higher R values.

F.Shear Wall–Frame Interactive System: Ordinary reinforced concrete moment resisting frames and ordinary reinforced concrete shear walls.

G.Inverted Pendulum and Cantilevered-Column Systems: Structures where a large proportion of their total weight is concentrated at the top of the structure (e.g., water storage towers).

H.Steel Not Specifically Detailed for Seismic Resistance (R = 3.0), excluding cantilevered-column systems: This system is only applicable for SDC A, B, or C and is frequently chosen by design professionals in practice – because it is the more economical option for SDC A through C, and obviates the need for any special steel detailing requirements. Using R values greater than 3.0 triggers the special detailing requirements in the AISC Seismic Detailing Provisions for Steel Buildings (AISC 341-10) [8]. An R -value of 3.0 or less is recommended for design whenever possible, except in highly seismic regions, to avoid the increased costs associated with the seismic detailing requirements that are triggered whenever R exceeds 3.0. In fact, the lateral force resisting systems for most buildings in low to moderate seismic regions of the United States have an R value of 3 requiring no ductile detailing [22].

In addition to the structural system response modification coefficient (i.e., R-values) provided in ASCE 7 Table 12.2-1, the following additional seismic design parameters and information are also provided in this table:


	Deflection amplification factor, Cd. This factor magnifies the elastic deflection, Δe, calculated from the linear elastic analysis to account for the inelastic action due to seismic effects (see Figure 3-2). Thus, the inelastic deflection, Δu = CdΔe.

	Overstrength factor, Ωo. This amplification factor accounts for members (e.g., discontinued shearwalls supported on columns) whose strength may be higher than the forces or loads for which they were designed. For instance, a discontinued shear wall supported by columns may have higher strength than it was designed for and therefore result in higher reaction forces on the column than the shear wall design called for. Other types of structural elements for which the overstrength factor applies include drag struts (or collectors) and chords in horizontal diaphragms. The overstrength factor also applies to connection elements in lateral force resisting systems in order to avoid creating a weak link in the secondary elements along the seismic lateral load path [21].

	Structural limitations and building height limits as a function of the SDC, and

	The sections in ASCE 7 where the material-specific design and detailing requirements are specified.



Notes:


	The higher the period, T, of a structure, the smaller the seismic coefficient, Cs, calculated from equation (3-16) and therefore the smaller the seismic base shear on the structure. A high period structure indicates a structure with a low lateral frequency, and since lateral stiffness is proportional to the lateral frequency, this would indicate a relatively more flexible structure which would therefore attract smaller seismic forces.

	The higher the R value (meaning a more ductile LFRS), the smaller the seismic coefficient, Cs, calculated from equation (3-16) and therefore the smaller the seismic force exerted on the structure.

	Where there is more than one type of LFRS in the same orthogonal direction in a structure, use the more stringent seismic design parameters from ASCE 7 Table 12.2-1 for that orthogonal direction; that is, use the lowest R value, and the highest Cd and Ωo values.



Fundamental Period of Lateral Vibration, T (for all types of buildings) for Seismic Analysis

The period of lateral vibration of a structure cannot be determined until the structure is designed and the structural properties are known, but the seismic forces cannot be determined without knowing the period of vibration. Consequently, for seismic analysis, the ASCE 7 Load Specification allows the use of approximate methods for estimating the period of lateral vibration of building structures. The most commonly used equation for calculating the approximate fundamental period used for the seismic analysis for all types of buildings is given in ASCE 7 Section 12.8.2.1 as

[image: image]  (3-17)

Where,

T = approximate fundamental period of the building

Ct and x are obtained from Table 3-9 (ASCE 7 Table 12.8-2) [1], and

hn = Height (in feet) from the base to the highest level (i.e., roof) of the building.


TABLE 3-9 Ct Values for Various Structural Systems







	Structural System
	Ct
	x

	^Steel moment resisting frames
	0.028
	0.8

	^Concrete moment resisting frames
	0.016
	0.9

	Steel eccentrically braced frames (EBF)
	0.03
	0.75

	Steel buckling-restrained Braced frames (BRBF)
	0.03
	0.75

	All other structural systems
	0.02
	0.75



^moment resisting frames that resist 100% of the lateral seismic force




Fundamental Period of Vibration, T (for moment resisting frames only)

An alternate equation for the approximate fundamental period of lateral vibration of building structures consisting of concrete or steel moment resisting frames and valid only for structures not exceeding 12 stories above the base or the level at which the earthquake ground motion is transmitted to the structure, and with an average story or floor-to-floor height of at least 10 ft., is given as follows (see ASCE 7 Section 12.8.2.1):

[image: image]    (3-18a)

where N is the number of stories above the base of the building.

Note that the number of stories will include the basement levels for buildings with underground levels.

Fundamental Period of Vibration, T (for concrete and masonry shear walls not exceeding 120 ft in height)

Another alternate approximate equation for the fundamental period of vibration for seismic analysis and design that is applicable only to concrete or masonry shear walls not exceeding 120 ft in height is given as follows (see ASCE 7 Section 12.8.2.1):

[image: image]    (3-18b)

where

[image: image]    (3-18c)

[image: image] = Area of base of structure, ft.2

[image: image] = Web area of shear wall [image: image] in ft.2

[image: image] = Length of shear wall [image: image] in ft

[image: image] = Structural height or the height from the base of the structure to the highest level of the seismic lateral force resisting system, in ft.

[image: image] = Number of shear walls in the building effective in resisting seismic lateral forces in the direction under consideration.

The higher the fundamental period of lateral vibration of a structure, Ta, the smaller the stiffness of the structure and therefore, the smaller the seismic force acting on the structure. If a dynamic structural analysis software is used to determine the fundamental period of lateral vibration of the structure, the calculated period, Tdynamic, is limited to a maximum value, Tmax, in order to minimize the effect of the error in calculating the fundamental period when more elaborate methods of analysis are used. The ASCE 7 load specification sets an upper limit on the calculated period of vibration using a factor Cu which varies between 1.4 and 1.7. The maximum period, Tmax, that can be used to calculate the seismic forces determined as follows:

[image: image]    (3-19)

where

Cu = Factor that depends on SD1 and is obtained from ASCE 7 Table 12.8-1, and

Ta = Approximate period of vibration determined from the approximate equations presented previously.

Note that equation (3-17) is more commonly used in practice to calculate the period of lateral vibration for seismic analysis and design, and equation (3-19) is used only when the natural period of lateral vibration of the structure is determined from a dynamic structural analysis.



3-10VERTICAL DISTRIBUTION OF SEISMIC BASE SHEAR, V


Since most structures are multiple degrees-of-freedom systems with several modes of lateral vibration, the distribution of the seismic base shear is a combination of the contributions from all the significant modes of lateral vibration of the structure.

The force distribution to each level is a function of the seismic weight, Wx, at each level, the height or stiffness of the structure, and the predominant modes of lateral vibration. The exponent k in equation (3-21) (see Table 3-10) is an attempt to capture the contributions from the higher modes of lateral vibration. When k is 1, the first or the fundamental mode of lateral vibration dominates, which implies a linear distribution of the seismic lateral forces over the height of the building.


TABLE 3-10 k values







	Building Period, T, in seconds
	k


	 ≤ 0.5
	1
(no whiplash effect; and implies a linear distribution of the seismic lateral forces)


	0.5 < T 2.5
	1 + 0.5 (T – 0.5)


	≥ 2.5
	2






The factored concentrated seismic lateral force at any diaphragm level x of the vertical LFRS is given as

[image: image]    (3-20)

Where,

V  = factored seismic base shear, and

[image: image]    (3-21)

Fx   = factored concentrated seismic lateral force at level x

Wx  = the portion of the total gravity load of the building, W, that is tributary to level x (includes the weight of the floor or roof, plus the weight of the perimeter or interior walls tributary to diaphragm level x),

Wi  = the portion of the total gravity load of the building, W, that is a tributary to level i (includes the weight of the floor or roof, plus the weight of the perimeter or interior walls tributary to diaphragm level i),

hi and hx = Height (in feet) from the base to level i or x,

k = Exponent related to the building period (refer to Table 3-10).

Note: The height of a vertical wall that is tributary to a particular level, x, is one-half the distance between level x and level x + 1 plus one-half the distance between level x and level x − 1.

Level i = any diaphragm level in the building (i = 1 for first elevated level above the base of the structure),

Level x = that diaphragm level under design consideration, and

Level n = uppermost level of the building.

For an accuracy check, note that the sum of all the concentrated lateral forces at each diaphragm level of the structure must sum up to the total seismic base shear, V; that is, [image: image]

Orthogonal Seismic Load Effects

For structures in SDC A through C, the seismic load on the structure in the two orthogonal directions are considered independently (see ASCE 7 Section 12.5.2 and 12.5.3). However, for structures in SDC D through F, the orthogonal effects of seismic loads must be considered. The seismic lateral load on a structure in SDC D through F consist of 100% of the seismic lateral load in one orthogonal direction plus 30% of the seismic lateral load in the perpendicular direction considered simultaneously (ASCE 7 Section 12.5.3.1). For additional requirements, see ASCE 7 Section 12.5.4.

Diaphragm Lateral Forces, Fpx

The diaphragm design lateral force is the maximum lateral force that can act on a diaphragm regardless of what forces are applied to the other diaphragms in the building. For multi-story buildings, the diaphragm design force, Fpx, is usually larger than the story force, Fx or Fi from equation (3-20), because the response of the diaphragms at lower levels of multi-story buildings to the higher modes of lateral vibration may result in forces larger than those calculated for the lateral force resisting system using equation (3-20) [16].

The seismic forces on the floor and roof diaphragms can be obtained from equation (3-22) (see ASCE 7 Section 12.10.1.1) as follows:

[image: image]    (3-22)

Where,

[image: image]    = the diaphragm lateral force at level x

[image: image]    = the design lateral force at level [image: image] from equation (3-20)

[image: image] = the story shear just below the diaphragm at level [image: image]

[image: image] = the sum of the seismic weights at level [image: image] and all the diaphragms above level [image: image]

[image: image] = the seismic weight tributary to the diaphragm at level x

[image: image] = the seismic weight tributary to level [image: image]

The larger of the design lateral force, [image: image], and the diaphragm lateral force, [image: image], are used in the analysis and design of the roof and floor diaphragms and their chords and drag struts; this will be discussed in Chapter 14. Note that the diaphragm design force, [image: image], is applied separately to each diaphragm since their maximum value does not occur simultaneously or in the same direction in all the diaphragms because of the difference in the mode shapes for the higher modes [16].



3-11STORY DRIFT DUE TO SEISMIC LATERAL FORCES


The lateral displacements at each level of the seismic lateral force resisting system due to the seismic forces can be calculated using elastic analysis. These displacements are amplified to account for inelastic action (see Figure 3-2). The lateral deflection at level x of the LFRS is calculated as

[image: image]    (3-23)

[image: image] inelastic lateral deflection at level x of the seismic lateral force resisting system

[image: image] elastic lateral deflection at level x of the seismic lateral force resisting system

[image: image] = deflection amplification factor for the LFRS from ASCE 7 Table 12.2-1

[image: image] = seismic importance factor from ASCE 7 Table 1.5-2

The story drift is the difference between the lateral deflections, [image: image], at the centers of mass at the top and bottom of the story under consideration, and the allowable story drift, Δa, for different structural systems and different risk categories are tabulated in ASCE 7 Table 12.12-1. For most steel structures, the allowable story drift, Δa, is 0.020hsx for Risk Category (RC) I and II; 0.015hsx for Risk Category (RC) III; and 0.010hsx for Risk Category (RC) IV, where hsx is the story height below level x. For moment resisting frames in seismic design category (SDC) D, E, or F, the allowable story drift is [image: image] (see ASCE 7 Section 12.12.1.1), where [image: image] is the redundancy factor defined previously in Section 2-3. The more redundancy or alternate load path that a structure has, the lower the redundancy factor.

To avoid damaging contact between two adjacent structures, the structures should be separated by a minimum distance, [image: image], which is equal to the square root of the sum of squares of the maximum inelastic lateral deflections of the two adjacent structures (see ASCE 7 Section 12.12.3). That is,

[image: image]    (3-24)

Where,

[image: image] = minimum separation distance between two adjacent buildings

[image: image] = maximum inelastic lateral displacement of building 1 = [image: image]

[image: image] = maximum elastic lateral displacement of building 1

[image: image] = maximum inelastic lateral displacement of building 2 = [image: image]

[image: image] = maximum elastic lateral displacement of building 2



3-12 STRUCTURAL DETAILING REQUIREMENTS FOR SEISMIC DESIGN


The seismic limit state is based on the behavior of the structural system and not on the behavior of a structural member; it assumes considerable energy dissipation through repeated cycles of inelastic deformations because of the large demand force exerted on the structure during an earthquake and the huge cost that would be required to ensure linear elastic behavior (see Figure 3-2). Because of this premise, many material-specific detailing requirements are needed to ensure inelastic and ductile behavior of the structure. These detailing requirements as well as the requirements relating to construction quality assurance are specified in ASCE 7 Chapter 14 [1]. After the seismic design forces on a structure have been determined and the lateral load resisting systems have been designed for these forces, the structure must also be detailed to conform to the structural system requirements that are required by the seismic design category (SDC). Buildings in SDC A, B, or C do not generally require stringent detailing requirements for ductility. However, buildings in SDC D, E, or F require stringent detailing requirements for ductility for the seismic lateral force resisting system and other components of the building. The reader should refer to ASCE 7 Chapter 14 for the specified design and detailing requirements as a function of the SDC and the construction material as well as any special inspection requirements [1].

EXAMPLE 3-5

Seismic Lateral Forces in a Multistory Building – Equivalent Lateral Force Method

The typical floor plan and elevation of a six-story office building measuring 100 ft. × 100 ft. in plan and laterally braced with ordinary moment resisting frames is shown in Figure 3-17. Determine the seismic lateral forces on the building and on each moment frame assuming the following design parameters:


[image: image]

FIGURE 3-17Building plan and elevation for Example 3-5



[image: image]

[image: image]

[image: image]

[image: image]

The mapped risk-targeted maximum considered earthquake (MCER) spectral response acceleration at 0.2-s and 1.0-s periods, respectively, are [image: image]

Solution

1.Determine the SDC (see Table 3-11.)

2.Determine the Code-approved method of seismic analysis that can be used.

From Table 3-11, the SDC is found to be B. Therefore, from ASCE 7 Table 12.6-1, we find that the equivalent lateral force method (ELF) is one of the permitted methods of seismic analysis for this building.


TABLE 3-11 Determining the Seismic Design Category (SDC) for Example 3-5

[image: image]



3.Calculate the seismic dead load at each level, Wi, and the total seismic dead load, W (see Table 3-12).

The flat roof snow load given for this building is Pf = 31.5 psf > 30 psf. Therefore, 20% of the snow load must be included in the seismic dead load calculations to account for the snow that may stick to the roof structure.


TABLE 3-12 Assigned Seismic Weights at Each Level of the Building

[image: image]



Note: the total seismic weight, W = ΣWi = 4503 kips.

4.Determine the seismic coefficient, Cs.

For this building, the lateral loads are resisted solely by the moment resisting frames. Therefore, from ASCE 7 Table 12.2-1, we could select ordinary steel moment resisting frames (system C-4) for which we obtain the following seismic design parameters for the system:

[image: image]

The equivalent lateral force method is permitted in SDC A through C.

To use system C-4, certain detailing and system specific requirements must be met, and the AISC 341 specification for seismic detailing of steel buildings [9] must be used (see ASCE 7 Sections 12.2.5 and 14.1).

However, if a “steel system not specifically detailed for seismic resistance” or system “H” is used (whenever possible and for economic reasons, this is a highly recommended system for steel buildings.), the less stringent AISC 360 specification [10] for structural steel buildings is permitted to be used. From a cost point of view for this building, we will adopt system “H” (i.e., steel systems not specifically detailed for seismic resistance), and the following seismic design parameters are obtained for the system from ASCE 7 Table 12.2-1:

[image: image] (Note that system “H” is only permitted in SDC A, B, or C).

The equivalent lateral force method is permitted for this building with SDC B.

[image: image] (from Table 3-9 for steel moment resisting frames)

[image: image]

[image: image]

 [image: image] (see ASCE 7 Figure 22-12)

S1 = 0.072g < 0.6g

From equations (3-16a) through (3-16f), the seismic response coefficient is calculated as

[image: image]

[image: image] = [image: image] 0.054

[image: image]

Therefore, [image: image] 0.054

5. Calculate the seismic base shear, V.

[image: image]

Since the same structural system is used in both orthogonal directions, the calculated base shear will be the same in both the N-S and E-W directions.

6. Determine the vertical distribution of the seismic base shear (i.e., determine the lateral force, Fx at each diaphragm level).

[image: image] and from Table 3-10, k=1+0.5(0.74−0.5)=1.12

The seismic lateral forces at each level of the building are calculated in Table 3-13.


	The Fx forces calculated in Table 3-13 are the factored seismic lateral forces acting at each diaphragm level of the building in both the N–S and the E–W directions. That is, the horizontal component of the earthquake, Eh = ρQE = ρFx = (1.0)Fx = Fx



The redundancy factor, ρ = 1.0 for SDC B & C. The vertical component of the earthquake is

Ev = 0.2SDSD = (0.2)(0.27)D = 0.054D

The seismic force, E = Eh ± Ev = Fx ± 0.054D

That is, the horizontal component of the earthquake is Fx and the vertical component is 0.054D = 0.054Wi.

Since the SDC is “B”, no orthogonal seismic load effects have to be considered. That is, the seismic lateral load will be considered separately or independently in the two orthogonal directions (see ASCE 7 Section 12.5.2).


	If the building has rigid diaphragms (as many steel buildings do), the Fx forces at each diaphragm level will be distributed to the LFRS in each direction in proportion to the relative lateral stiffness of the moment resisting frames that are parallel to the direction of the seismic lateral force.

	If the building has flexible diaphragms, the forces at each diaphragm level are distributed in proportion to the plan area of the building tributary to each moment frame.



The different types of horizontal diaphragms – rigid, flexible, and semi-rigid — and the distribution of lateral forces by the diaphragms to the LFRS in steel buildings are discussed in more detail in Chapter 14.

– The overturning moment for the entire building at the base of the building can be calculated using the Fx forces as follows: Overturning moment = (37 kips)(60 ft.) + (72 kips)(50 ft.) + (56 kips)(40 ft.) + (41 kips)(30 ft.) + (26 kips)(20 ft.) + (12 kips)(10 ft.) = 9930 ft.-kips.

Diaphragm Lateral Forces, Fpx

For this building, the diaphragm lateral forces are calculated from equation (3-22) and the results are shown in Table 3-14.


[image: image]


TABLE 3-13 Seismic Lateral Force for Example 3-5

[image: image]




TABLE 3-14 Diaphragm Lateral Force, Fpx

[image: image]



[image: image]

For the roof level, the lower and upper limits above are calculated to be

[image: image]

For each of the other floor levels, the lower and upper limits are calculated to be

[image: image]

Note that for this example, the diaphragm lateral force, [image: image], is greater than or equal to the seismic lateral force at each level, [image: image] or [image: image] from Table 3-13 or [image: image] from Table 3-14. The diaphragm lateral load is assumed to be applied to the diaphragm as a uniform lateral load with a value of [image: image], where [image: image] is the length of the diaphragm perpendicular to the seismic lateral load. For the seismic lateral load acting in the X-direction, [image: image] ; for the seismic lateral load acting in the Y-direction, [image: image] (see Figure 14-8b). The diaphragm behaves as a deep horizontal beam spanning between the vertical lateral force resisting systems that are parallel to the direction of the seismic lateral force. See Chapter 14 for the analysis, design, and detailing of horizontal diaphragms and their components.
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Exercises

3-1.For a two-story office building 140 ft. × 140 ft. in plan and with a floor-to-floor height of 13 ft. located in your city, calculate the following wind loads assuming an X-brace is

a.Average horizontal wind pressure in the transverse and longitudinal directions.

b.Total base shear in the transverse and longitudinal directions.

c.Force to each X-brace frame in the transverse and longitudinal directions.

Assume the building is enclosed and exposure category is D.

3-2.For a two-story building 140 ft. × 140 ft. in plan with a floor-to-floor height of 13 ft., calculate the following seismic loads:

a.Seismic base shear and force at each level, assuming the minimum lateral force procedure.

b.Seismic base shear and force at each level, assuming the simplified procedure.

Assume a roof dead load of 25 psf, floor dead load of 90 psf, and a flat roof snow load of 35 psf. Include the weight of the cladding (55 psf) around the perimeter of the building in the weight of the roof and floor levels. Use SDS = 0.27, SD1 = 0.12, and R = 3.0.

3-3.A five-story office building, 80 ft. × 80 ft. in plan, with a floor-to-floor height of 12 ft. and an essentially flat roof, is laterally supported by 10-ft-long shear walls on each of the four faces of the building. The building is located in New York City (assume a 120-mph basic wind speed, exposure category C, and Risk Category I building).

a.For the MWFRS, determine the factored wind loads at each floor, the base shear, and the overturning moments at the base of the building using ASCE 7 Chapter 27, Part 2 (simplified method).

b.Assuming two shear walls in each direction, determine the factored wind lateral force at each floor level for each shear wall, the base shear, and the overturning moment.

c.Repeat part b using unfactored wind loads.

3-4.Find the following for the building described in Exercise 3-3. Assume that the rigid diaphragms and the ordinary reinforced concrete shear walls support gravity, as well as lateral, loads.

a.Determine the factored seismic lateral force at each level of the building in the N–S and E–W directions. (Neglect torsion.)

b.Calculate the factored seismic force at each level for a typical shear wall in the N–S and E–W directions.

c.Calculate the factored total seismic base shear for a typical shear wall in the N–S and E–W directions.

d.Calculate the factored seismic overturning moment at the base of a typical shear wall in the N–S and E–W directions.

e.If instead of having walls on each of the four faces of the building (i.e., two shear walls in each direction), the building has five ordinary concentric steel X-brace frames in a building frame system (located 20 ft. apart) in both the N–S and E–W directions. Recalculate the factored seismic force at each level of a typical interior X-brace frame, the factored base shear, and the overturning moment. Assume that the structural steel system is not specifically detailed for seismic resistance.

f.Recalculate the forces and moments in part e, assuming the building has flexible diaphragms.

Assume the following design parameters:


	Average dead load for each floor is 150 psf.

	Average dead load for roof is 30 psf; the balanced roof snow load, Pf, is 35 psf; and the ground snow load, Pg, is 50 psf.

	Average weight of perimeter cladding is 60 psf of vertical plane.

	Building is a nonessential facility.

	Floor and roof diaphragms are rigid (parts a–e).

	Shear walls are bearing wall systems with ordinary reinforced concrete shear walls.

	Short-term spectral acceleration, SS = 0.25g.

	1-sec. spectral acceleration, S1 = 0.07g.

	No geotechnical report is available.

	Neglect torsion.



3-5.The roof of a one-story, 100-ft. × 120-ft. warehouse with a story height of 20 ft. is framed with open-web steel joists and girders as shown in Figure 3-18. Assuming a roof dead load of 15 psf, determine the net factored wind uplift load on a typical interior joist. The building is located in Dallas, Texas. Assume exposure category C.


[image: image]

FIGURE 3-18Warehouse roof framing plan for Exercise 3-5



3-6.A two-story steel structure, 36 ft. × 75 ft. in plan, is shown in Figure 3-19 with the following given information. The floor-to-floor height is 12 ft., and the building is enclosed and located in Rochester, New York, on a site with a category C exposure. Assuming the following additional design parameters, calculate the following: [image: image]


[image: image]

FIGURE 3-19Building plan and elevation for Exercise 3-6



[image: image]

[image: image]

[image: image]

[image: image]

[image: image]
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[image: image]

[image: image]

[image: image]

a.The total horizontal wind force on the MWFRS in both the transverse and longitudinal directions.

b.The gross vertical wind uplift pressures and the net vertical wind uplift pressures on the roof (MWFRS) in both the transverse and longitudinal directions.

c.The seismic base shear, V, in kips using the equivalent lateral force method.

d.The lateral seismic load at each level in kips.

3-7.Calculate the following for the building plan shown in Figure 3-20. The building is located in Orlando, FL. The exposure category is B and the building has normal occupancy. Use the simplified method for wind load calculations from ASCE 7 Figure 28.5-1.


[image: image]

FIGURE 3-20Building plan and elevation for Exercise 3-7



a.Table of values for P30, end zone width ‘a,’ λ, and average wind pressure, ‘q.’ Consider horizontal wind loads in the transverse and longitudinal directions only (neglect vertical loads and components and cladding).

b.Calculate the wind force at each level in the transverse and longitudinal directions. Since the parapet height is not given, ignore the wind pressure on the exposed area of the parapet.

c.Draw elevations of Braces BF1 and BF2 showing the lateral wind forces at each level. Calculate the overturning moment and base shear in each of the typical braced frames, BF1 and BF2.

d.Describe the load path for the wind load on this structure. Assume the exterior walls are framed with full height wall studs that frame between each level.

3-8.Find the following parameters for the building in Figure 3-21. Use service loads only.


[image: image]

FIGURE 3-21Building plan and elevation for Exercise 3-8



a.Wind force at each level and the base shear in the transverse direction.

b.Uniform dead load to B-1 in plf.

c.Draw a FBD of the braced frame at B-1 showing the dead and wind loads.

3-9.For the roof plan shown for a single-story building in Figure 3-22, describe the load path through each element shown if the roof is subjected to wind loads in the upward direction.


[image: image]

FIGURE 3-22Roof framing for Exercise 3-9



3-10.Calculate the following for the building shown in Figure 3-23. The mapped risk-targeted maximum considered earthquake (MCER) spectral response acceleration at 0.2-s and 1.0-s periods, respectively, are: SS = 0.40g and S1 = 0.16g. The dead load on each floor is 80 psf and the dead load on the roof is 20 psf; the cladding weight is 20 psf. The flat roof snow load (Pf) is 40 psf. The lateral force resisting system is classified as “Intermediate Steel Moment Frame,” and given the aspect ratio of the roof and floor diaphragms, assume a rigid diaphragm in distributing the lateral loads to the moment resisting frames.


[image: image]

FIGURE 3-23Building plan and elevation for Exercise 3-10



a.Determine the SDC. The soil site class is C and the building has normal occupancy.

b.Determine the seismic base shear, V, and the force at each level using the equations for the “Equivalent Lateral Force” method. Assume T < TL.

c.Determine the force at each level in each moment frame MF1 and MF2 and sketch a line diagram showing the elevation of each moment frame, and the applied lateral seismic loads.

3-11.For the four-story building in Exercise 3-10 (Figure 3-23), calculate the following wind loads using the Directional Method from Part 1 of ASCE 7 Chapter 27. The lateral force resisting system is classified as “Intermediate Steel Moment Frame,” and given the aspect ratio of the roof and floor diaphragms, assume a rigid diaphragm in distributing the lateral loads to the moment resisting frames. For each part below, sketch a line diagram showing the elevation of each moment frame and the applied lateral wind loads. Assume the basic wind speed is 115 mph, a partially enclosed classification, and terrain/exposure category C.

a.Determine the factored lateral wind force in kips in the East-West direction at each level of the building for each moment frame MF1.

b.Determine the factored lateral wind force in kips in the North-South direction at each level of the building for each moment frame MF2.

c.Compare the wind load results to the seismic load results obtained in Exercise 3-10. Briefly discuss your findings and conclusions as to which lateral loads – wind or seismic – will control the design of this building.

d.Compute the wind forces in kips at each level of the each of the moment resisting frames MF1 and MF2 that will be used in checking the lateral deflections of the moment resisting frames.

3-12.A one-story building that will be used as an emergency shelter has the roof plan shown in Figure 3-24. The building is laterally braced with X-braces as shown. Assume the following seismic design parameters, and determine other parameters as needed:


	Total seismic dead load assigned to the roof, W = 500 kips

	SDS = 0.30g

	SD1 = 0.15g

	TL = 6 sec

	R = 3

	Ct = 0.02 and x = 0.75 for X-braces

	S1 < 0.6g




[image: image]

FIGURE 3-24Building plan and elevation for Exercise 3-12



a.Using the Equivalent Lateral Force (ELF) method, calculate the factored seismic base shear, V, (in kip) on the building. Note that the seismic weight, W, concentrated at the roof level of the one-story building is given.

b.Calculate the factored force, F, (in kip) at the roof level of the X-braced frame, XB1, along grid line A. Assume a rigid diaphragm in distributing the lateral loads.

c.Using the factored lateral force acting at the roof level of the X-braced frame, XB1, along grid line A, calculate the factored axial tension force, Pu, in the diagonal X-brace, XB1.

3-13.Assume the wind load parameters for the building in Figure 3-24 are as follows:


	Building with lateral natural frequency, f > 1 Hz

	Risk Category (RC) II

	Basic Wind Speed = 150 mph

	Exposure Category “C”

	Flat land

	Partially enclosed

	Assume L/B = 1.0



a.Calculate Kz and Kh at each level of the one-story building.

b.Calculate the velocity pressures, qz, on the windward wall, and qh on the leeward wall in psf, for the main wind force resisting systems (MWFRS). Assume Ke = 1.0

c.Assuming L/B = 1.0, determine the external pressure coefficients for the windward wall and the leeward wall using the ASCE 7 table. Calculate the design external wind pressure (in psf) on the windward wall, PWW, and the design external wind pressure (in psf) on the leeward wall, PLW. Illustrate with a diagram showing the wind pressures acting on the one-story building, and the proper directions of the wind pressures, PWW and PLW.

d.Calculate the net lateral design wind pressure, P, in psf acting on the building. Illustrate with a diagram showing the NET factored wind pressure acting on the one-story building. Using the factored net wind pressures from Part (e), calculate the factored concentrated lateral wind load acting at the roof level of X-brace XB1 along grid line A.

3-14.A building located in a hurricane zone in the United States is to be used as an emergency hurricane center. The seismic activity in the area is low.

a.What Risk Category (RC) should be assigned for the wind design of this building, and why?

b.What Risk Category (RC) should be assigned for the seismic design of this building, and why?




CHAPTER

4

Tension Members

4-1INTRODUCTION


Axially loaded members stressed in tension are used in steel structures in various forms; they occur as web and chord members in roof and floor trusses, and as hangers and sag rods, diagonal braces for lateral stability, lap splices, and in moment connections (see Figure 4-1 for some examples of tension members). They also occur as horizontal floor and roof members in resisting the horizontal tension at the top of sloped columns or diagonal struts, and as chords and drag struts or collectors in roof and floor diaphragms in resisting lateral loads (see Chapter 14).

Beams and columns are subject to buckling due to compression stresses (such as lateral-torsional buckling, Euler buckling, and local buckling) and must be checked for this failure mode, but tension members are not susceptible to lateral instability since compression stresses do not exist. The exception to this is the special case when the applied tension load is eccentric to the member in question, inducing an applied moment and therefore creating the possibility of lateral instability.

The basic design check required for a tension member is to provide enough cross-sectional area to resist the applied tensile force. One factor that has to be considered is the non-uniform cross-sectional area of tension members with bolted end connections. The cross-sectional area of the tension member is smaller at the bolt locations than elsewhere along its length due to the presence of the bolt holes. Members with concentric axial tension loads are rare in practice and instead, tension members are often subjected to eccentric axial loading; for example, a single angle subjected to a concentric axial tension load may also be subjected to bending moment at its ends because of the eccentricity of its connection gusset plates at the end supports of the angle. Even though slenderness is not a direct design concern for tension members since they do not buckle, the AISC specification does recommend an upper limit on the slenderness ratio Lc/r for tension members. This upper Lc/r limit is equal to 300 for tension members and 200 for compression members, where Lc is the effective length, KL, of the member and r is the radius of gyration (See Chapter 5). This recommendation does not apply to rods or hangers in tension and it is not a mandatory requirement.



4-2FAILURE MODES AND ANALYSIS OF TENSION MEMBERS


For members subjected to tension, the two most basic modes of failure are tensile yielding on the gross section and tensile rupture at the net section. Tensile yielding occurs when the stress on the gross area of the section is large enough to cause excessive deformation. Tensile rupture occurs when the stress on the effective area of the net cross-section is large enough to cause the member to fracture or rupture (perpendicular to the tension force), which usually occurs across a line of bolts where the tension member is weakest (see Section D of the AISC Specifications). The effective area is usually smaller than the gross cross-sectional area; the reduction in the cross-sectional area occurs due to the non-uniformity of tension stresses (a phenomenon also known as shear lag) and due to the presence of bolt holes in bolted connections. Other failure modes of tension members include block shear (which will be discussed later in this chapter) and the failure of the bolted or welded connections at the ends of the tension member; these connection failure modes will be covered in Chapters 9 and 10.


[image: image]
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FIGURE 4-1Common tension members



Tensile Yielding on the Gross Section:

Failure occurs in this mode by tensile yielding of the member at the gross cross-section. In the LRFD method, the ultimate tension capacity or design tensile strength, ϕPn, for the failure mode of tensile yielding in the gross section is given as

[image: image]    (4-1a)

where

ϕt  = 0.90,

[image: image]  = Nominal tensile yield strength =[image: image]

Fy = Minimum yield stress, and

Ag = Gross cross-sectional area of the tension member.

For the allowable strength design (ASD) method, the allowable tension load for the tensile yielding failure mode is given as

[image: image]    (4-1b)

Where,

[image: image] = Factor of safety for tensile yielding = 1.67

Tensile Rupture in the Net Section:

In this failure mode, the tension member fails by tensile rupture at the net cross-section. For the LRFD method, the design tensile strength due to tensile rupture on the effective net area is given as

[image: image]    (4-2a)

where

ϕR = 0.75,

[image: image] = Nominal tensile strength in fracture or rupture = [image: image]

Fu = Minimum tensile strength, and

Ae = Effective cross-sectional area of the tension member.

For the allowable strength design (ASD) method, the allowable tension load in tensile rupture is given as

[image: image]    (4-2b)

Where,

ΩR = Factor of safety for tensile rupture = 2.0

The design tensile strength of a tension member is the smaller of the two expressions indicated in equations (4-1a) and (4-2a) for the LRFD method, and equations (4-1b) and (4-2b) for the ASD method. Note the lower strength reduction factor and higher safety factor for the tensile rupture failure mode – a brittle failure mode that occurs suddenly without warning therefore indicating low ductility - compared to the corresponding values for the yielding failure mode – a mode of failure that gives ample warning of impending failure, therefore, indicating comparatively higher ductility.

For the LRFD method, the limit states design equation requires that the design tensile strength, ϕPn, be greater than or equal to the applied maximum factored load or load effect, Pu.

That is, [image: image].

In the ASD method, the allowable tension load, [image: image], must be greater than or equal to the applied maximum unfactored applied tension load, [image: image].

That is, [image: image]

The applied factored and unfactored loads are calculated using the LRFD and ASD load combinations presented in Chapter 2.

Effective Area, Ae:

The gross cross-sectional area, Ag, of a tension member is simply the total cross-sectional area of the member in question. The effective net area, Ae, of a tension member is a product of the net cross-sectional area which accounts for the presence of bolt holes, if any, at the critical section, and the shear lag factor, U. Shear lag in tension members is a phenomenon that occurs due to the non-uniform axial tension stress distribution at the connections of the tension member because all of the elements of the tension member are not connected or attached to the supporting member or gusset plate. The axial tension stress is usually higher at the bolt or weld locations and lower further away from the connectors, thus causing stress concentrations at the tension member supports. One common example where shear lag occurs is when only one leg of an angle tension member is connected to gusset plates at its ends; the angle in this case will also be subjected to moments in addition to axial tension stress. Shear lag leads to a reduction in the strength of a tension member. Thus, the shear lag factor is a measure of the efficiency of the connection of the tension member; the higher the shear lag factor, U, the smaller the impact of shear lag (i.e., the more uniform the axial tension stress), and the higher the efficiency of the tension member connection. The effective cross-sectional area, Ae, of a tension member is given as:

[image: image]    (4-3)

where

An = Net cross-sectional area of the tension member, and

U = Shear lag factor.

Note that for a tension member with welded connections, the net cross-sectional area is equal to the gross cross-sectional area since there are no holes (i.e., An = Ag for tension members with welded connections).

The net area of the critical cross-section of a tension member with a group of bolts that lie on lines parallel and perpendicular to the axial load direction (see Figure 4-2) is equal to the difference between the gross cross-sectional area and the sum of the area of the bolt holes along the failure plane:

[image: image]    (4-4)


[image: image]

FIGURE 4-2Tension member with in-line fasteners



where

[image: image] = n(db + 1⁄8)t


	n =	 Number of bolt holes along the failure plane (perpendicular to the tension force),

	db =	 Bolt diameter, and

	t =	 Material thickness



Section B4.3 of the AISC specification indicates that when calculating the net area for shear and tension, an additional 1/16 in. should be added to the nominal width of a hole to account for the roughened edges that result from the hole punching or drilling process. For standard holes, the hole size used for strength calculations would be the value given in AISCM, Table J3.3, which is the nominal hole dimension plus 1/16 in. Since the nominal hole size is 1/16 in. larger all around than the bolt diameter for standard (STD) holes, the actual bolt hole diameter used in the design calculations will be db + 1/8 in (i.e., db + 1/16 in. + 1/16 in.) for bolted connections in tension. It is assumed that all bolts in a tension connection support an equal amount of the total load.

For tension members with more than one line of bolts parallel to the tension load, a staggered layout of bolts may be used to satisfy minimum bolt spacing requirements when the member width is limited, and they are also used to optimize the net cross-sectional area for the fracture or rupture failure modes. For tension members with a staggered bolt layout, several possible planes of fracture or rupture need to be investigated, and some of the possible failure paths will follow a zig-zag pattern. When the fracture failure plane passes straight through a line of bolt holes (line ABCDE in Figure 4-3), then the net cross-sectional area is as noted in equation (4-4). For a failure plane where one or more segments of the failure planes are at an angle relative to the axial tension force (e.g., line ABCE in Figure 4-3), the following term is added to the net width of the member for each diagonal portion that is present along the failure plane:


[image: image]

FIGURE 4-3Tension member with diagonal fasteners



[image: image]    (4-5)

where


	s =	 Longitudinal center-to-center spacing or pitch between two consecutive holes, and

	g =	 Transverse center-to-center spacing or gage between two consecutive holes.



This modification accounts for the increase in strength due to the added cross-sectional area because of the diagonal or angled portion of the failure plane [1]. In Figure 4-3, note that the failure plane ABCDE has two diagonal failure planes: BC and CD. The expression for the net width then becomes

[image: image]    (4-6)

where

wn = Net width,

wg = Gross width, and

dh = Hole diameter.

Multiplying equation (4-6) by the thickness of the member yields

[image: image]    (4-7)

Since An = wnt and Ag = wgt, equation (4-7) can be simplified as follows:

[image: image]    (4-8)

As previously indicated, the shear lag factor (U in equation (4-3)) accounts for the nonuniform axial tensile stress distribution when some of the elements of a tension member are not directly connected to the supporting member or connection and therefore not fully active in transferring the tension load to the supports, such as when only one leg of a single angle or only the web or flange of a WT member is welded or bolted to the supporting gusset plate member (see Figure 4-4).


[image: image]

FIGURE 4-4Detail for Example 4-3



Table D3.1 of the AISCM gives the values of the shear lag factor, U, for various connection configurations. With the exception of plates and round hollow structural sections (HSS), members with a single concentric gusset plate and longitudinal welds, the shear lag factor can be calculated as follows:

[image: image]    (4-9)

Where,

[image: image] between the centroid of the connected member and the connection plane

[image: image] length measured parallel to the tension load (for bolts, it is the out-to-out distance between extreme bolts).

The variables [image: image] and [image: image] in equation (4-9) are illustrated in Figure 4-5. The longer the connection length, the more uniform the axial tension stress distribution across the tension member would be, and therefore the smaller the effect of the shear lag, and hence the larger the shear lag factor, U.

The shear lag factor for plates and round HSS members with a single concentric gusset plate are included in Table 4-1. Also shown in Table 4-1 are alternate values of U for single angles and W, M, S, and HP shapes that may be used in lieu of equation (4-9).


[image: image]

FIGURE 4-5Determination of [image: image] and [image: image]




TABLE 4-1Shear Lag Factor for Common Tension Member Connections

[image: image]

[image: image]

[image: image]



Source: Adapted from AISCM, Table D3.1 [1]. Copyright © American Institute of Steel Construction. Reprinted with permission. All rights reserved.

* U ≥ Area of connected elements/Ag (See AISC Specification Section D3)

EXAMPLE 4-1

U-Value for a Bolted Connection

For the bolted tension member shown in Figure 4-6, determine the shear lag factor, U; the net area, An; and the effective area, Ae.

Solution

From the section property tables in part 1 of the AISCM, we find that for an L5 × 5 × 3⁄8,

[image: image]

[image: image]

Total length of the connection (i.e., distance between extreme bolts), [image: image] = 9 in.

Shear Lag Factor:

[image: image]

[image: image]

Alternatively, U = 0.80 from Table 4-1. The larger value of U = 0.848 can be used.


[image: image]

FIGURE 4-6Detail for Example 4-1



Net Area of the Angle:

At any critical section where rupture may occur perpendicular to the tension load, there is only one hole. Therefore, the net area is

[image: image]

 [image: image]

Effective Area:

[image: image]

 [image: image]

EXAMPLE 4-2

U-Value for a Welded Connection

For the welded tension member shown in Figure 4-7, determine the shear lag factor, U; the net area, An; and the effective area, Ae.


[image: image]

FIGURE 4-7Detail for Example 4-2



Solution

From the section property tables in part 1 of the AISCM, we find that for an L5 × 5 × 3⁄8,

[image: image]

[image: image]

Shear Lag Factor:

The average length of the longitudinal welds, [image: image]

[image: image]

 [image: image]

There is not an alternate value to use from Table 4-1, so U = 0.726.

Since there are no holes, An = Ag = 3.65 in.2.

Effective Area:

[image: image]

 [image: image]

EXAMPLE 4-3

Maximum Factored Load (LRFD) and Maximum Allowable Load (ASD) in a Tension Member

a.Determine the maximum factored load (LRFD) and the maximum allowable load (ASD) that can be applied in tension to the plate shown in Figure 4-8. The material is ASTM A36 steel and is welded on three sides to the gusset plate.

b.If the unfactored dead load on the tension member is 20 kips, what is the maximum unfactored live load in psf that can be supported by the tension member assuming a tributary area of 200 ft.2


[image: image]

FIGURE 4-8Detail for Example 4-3



Solution

From the AISCM, Table 2-4:

[image: image]

[image: image]

Gross and Effective Area:

[image: image]

[image: image]

[image: image]

[image: image]

[image: image]

LRFD Method:

a.From equation (4-1a), the nominal tensile strength based on tensile yielding on the gross area of the tension member is

[image: image] [image: image]

For the LRFD method, the design tensile strength based on yielding on the gross area of the tension member is

[image: image] (tensile yielding failure mode; LRFD method)

From equation (4-2a), the nominal tensile strength due to fracture or rupture on the effective cross-sectional area is given as

[image: image]

The design tensile strength due to fracture or rupture on the effective cross-sectional area is given as

[image: image] (tensile fracture or rupture failure mode; LRFD method)

The smaller value of the design strength, [image: image], governs. That is, the design tensile strength of the tension member is 60.8 kips. Since the design equation for the LRFD method requires that the design tensile strength be greater than or equal to the maximum factored load, Pu, (i.e., [image: image]), therefore, the maximum factored load that can be supported by the tension member according to the LRFD method is

Pu = 60.8 kips

ASD Method:

For the ASD method, the allowable tension load based on yielding on the gross area of the tension member is given in equation (4-1b) as

[image: image]

 [image: image] (tensile yielding failure mode; ASD method)

Where,

[image: image] = Factor of safety for tensile yielding = 1.67

Note that for each failure mode, the previously calculated nominal strength, Pn, in the LRFD method is equally applicable to the ASD method. For the allowable strength design (ASD) method, the allowable tension load due to tensile fracture or rupture on the effective cross-sectional area is given as

[image: image]    (4-2b)

 [image: image] (tensile fracture or rupture failure mode; ASD method)

Where,

ΩR = Factor of safety for tensile rupture = 2.0

The smaller value of the allowable load, [image: image], governs. That is, the allowable load of the tension member is 40.5 kips. Since the design equation for the ASD method requires that the allowable load be greater than or equal to the maximum unfactored load, Ps, (i.e., [image: image]), therefore, the maximum unfactored or service load that can be supported by the tension member according to the ASD method is

Ps = 40.5 kips

b.Maximum Unfactored Live Load with a dead load of 20 kips
LRFD:

Pu = 1.2PD + 1.6PL

Therefore, 60.8 kips = 1.2(20 kips) + 1.6PL

Solving the above equation gives PL = 23 kips.

a.With a tributary area of 200 ft.2, the maximum unfactored live load is L = 23(1000)/200 = 115 psf

ASD:

Ps = PD + PL

Therefore, 40.5 kips = 20 kips + PL

Solving the above equation gives PL = 20.5 kips.

With a tributary area of 200 ft.2, the maximum unfactored live load that can be supported by the tension member, L = 20.5(1000)/200 = 103 psf

EXAMPLE 4-4

Tension Member Analysis

Determine if the channel is adequate for the applied tension load shown in Figure 4-9. The channel is ASTM A36 steel and is connected with four 5⁄8-in. diameter bolts. The tension member is subjected to service dead and live loads of 28.5 kips and 25.5 kips, respectively. Neglect block shear.


[image: image]

FIGURE 4-9Detail for Example 4-4



Solution

From the AISCM, Table 1-5:

[image: image]

[image: image]

[image: image]

From the AISCM Table 2-3:

[image: image]

[image: image]

Net Area of the Channel:

[image: image]

 [image: image]

Effective Area of the Channel:

From Figure 4-5, the shear lag factor is

[image: image]

[image: image]

[image: image]

[image: image]

LRFD Method:

Pu = 1.2(28.5) + 1.6(25.5) = 75 kips

From Section 4-2, the nominal tensile strength due to tensile yielding on the gross area is

[image: image]

The design tensile strength due to yielding is obtained from Equation (4-1a) as

[image: image] [image: image]

From Section 4-2, the nominal tensile strength due to fracture or rupture on the effective area is

[image: image]

The design tensile strength due to fracture or rupture on the effective area is

[image: image]

The design tensile strength of the tension member is the smaller of the two values calculated above. Thus, the design strength, [image: image]

ASD Method:

Ps = 28.5 + 25.5 = 54 kips

For the ASD method, the allowable tension load based on yielding on the gross area of the tension member is given in equation (4-1b) as

[image: image]

 [image: image] (Tensile yielding failure mode; ASD method)

Where,

[image: image] = Factor of safety for tensile yielding = 1.67

Note that for each failure mode, the previously calculated nominal strength, Pn, in the LRFD method is equally applicable to the ASD method.

For the allowable strength design (ASD) method, the allowable tension load due to tensile fracture or rupture on the effective cross-sectional area is given as

[image: image]    (4-2b)

 [image: image] (tensile fracture or rupture failure mode; ASD method)

Where,

[image: image] = Factor of safety for tensile rupture = 2.0

The smaller value of the allowable load, [image: image], governs. That is, the allowable load of the tension member is 72.6 kips. Since the design equation for the ASD method requires that the allowable load, Pa, be greater than or equal to the maximum unfactored load, Ps, (i.e., [image: image]), therefore, the maximum unfactored or service load that can be supported by the tension member according to the ASD method is

Pa = 72.6 kips > Ps = 54 kips OK.

The tension member has been checked using both the LRFD and ASD methods and found to be adequate in both cases. Note that the block shear failure mode has not been checked in this example, but this will be covered later in this section.

EXAMPLE 4-5

Tension Member Analysis with Staggered Bolts

Determine the maximum factored load that can be applied in tension to the angle shown in Figure 4-10. The angle is ASTM A36 steel and is connected with four 3⁄4-in. diameter bolts. Neglect block shear.

Solution

From the AISCM Table 1-7:

[image: image]

[image: image]

[image: image]

From the AISCM, Table 2-3:

[image: image]

[image: image]

Net Area of the Angle:

[image: image]

Failure Plane ABC:

[image: image]

Failure Plane ABDE:

s = 1.5 in. and g = 3 in.


[image: image]

FIGURE 4-10Detail for Example 4-5



[image: image]

The failure plane along ABDE controls, since it has a smaller net cross-sectional area.

Effective Area of the Angle:

The shear lag factor, [image: image]

 [image: image]

Alternatively, U = 0.60 from Table 4-1. The larger value is permitted to be used, so U = 0.792.

[image: image]

 [image: image]

From equation (4-1a), the tensile strength based on tensile yielding on the gross area is

[image: image]

   [image: image]

From equation (4-2a), the tensile strength based on the tensile rupture on the effective area is

[image: image]

    [image: image]

The smaller value controls, therefore, the maximum factored tension load, Pu = 104 kips.

For the ASD method, the available strength based on tension yielding on the gross area from equation (4-1b) is:

[image: image]

And the available tensile strength based on the tensile rupture on the effective area is:

[image: image]

The smaller value controls, therefore, the maximum allowable total unfactored tension load, Pa = 69.3 kips.

(Note: Block shear should also be checked, which is covered in the following section.)

Block Shear Failure Mode:

In previous sections we discussed the strength of members in pure tension, and the failure modes of tensile yielding at the gross cross-section and tensile rupture at the net cross-section were considered. In Chapters 9 and 10, we will consider additional failure modes due to bolt or weld connection failure. In addition to checking the tension member and the connected ends of tension members for tensile failure, there are certain tension member connection configurations where tensile failure occurs due to the tearing out of a segment of the tension member or the connecting element from the rest of the connection (see Figure 4-11). The failure planes usually occur along the centerlines of the bolt holes for bolted connections, and along the outline of the welds for welded connections.

Failure in block shear can occur by a combination of shear yielding plus tensile rupture as depicted by the right hand side of equations (4-11a) and (4-11b) or by a combination of shear rupture plus tensile rupture as depicted by the left hand side of equations (4-11a) and (4-11b). Therefore, both the shear and tension failure planes contribute to the strength of the connection in block shear. From AISCM Section J4.2, the nominal strength based on shear yielding is

[image: image]    (4-10a)

and the nominal strength based on shear rupture is

[image: image]    (4-10b)

Where,

Agv = Gross area subject to shear, and

Anv = Net area subject to shear (see equation (4-4)).

Combining the available tension and shear strengths gives the expressions for the design block shear strength and the available block shear strength as follows (see AISCM Section J4.3):

[image: image] for the LRFD method (4-11a)

[image: image] for the ASD method (4-11b)

where


	ϕ =	 0.75,

	Ω =	 2.0

	Fu =	 Minimum tensile stress,

	Fy =	 Minimum yield stress,

	Agv =	 Gross area subjected to shear,

	Ant =	 Net area subjected to tension (see equation (4-4)),

	Anv =	 Net area subjected to shear (see equation (4-4)), and

	Ubs =	 1.0 for uniform tension stress

	=	 0.50 for nonuniform tension stress.

	UbsFuAnt =	 nominal strength based on tensile rupture




[image: image]

[image: image]

[image: image]

[image: image]

[image: image]

FIGURE 4-11Block shear failure modes



The Ubs term in equations (4-11a) and (4-11b) is a reduction factor that accounts for a nonuniform stress distribution. The Commentary Section C-J4.3 of the AISCM (AISCM Figure C-J4.2) gives examples of connections with uniform and nonuniform tension stress distribution, but for most cases that have a uniform stress distribution, Ubs = 1.0. One example with a nonuniform tension stress distribution where the Ubs = 0.50 is a coped beam connection with more than one vertical row of bolts in web of the supported beam (see Figure C-J4.2b in the Commentary of the AISC Specifications [1]).

EXAMPLE 4-6

Tension Member with Block Shear

For the connection shown in Example 4-4, determine if the channel and gusset plate are adequate for the applied tension load considering block shear. Assume that the width of the plate is such that block shear along the failure plane shown in Figure 4-12 controls the design of the plate.


[image: image]

FIGURE 4-12Detail for Example 4-6



SOLUTION

From the AISCM Table 2-3:

[image: image]

[image: image]

Gusset Plate Dimensions:

Shear plane:

[image: image]

[image: image]

 [image: image]

Tension plane:

[image: image]

 [image: image]

Channel Dimensions:

Shear plane:

[image: image]

[image: image]

 [image: image]

Tension plane:

[image: image]

 [image: image]

[image: image]

LRFD:

The design block shear strength is found from equations (4-11a) for the LRFD method:

[image: image]

For the Gusset Plate, the tensile strength in block shear is

[image: image]

 [image: image]

 [image: image]

The smaller value controls, so the design tension strength of the gusset plate in block shear is 119 kips, which is greater than the applied factored load of Pu = 75 kips.

For the Channel (tw = 0.22 in.), the tensile strength in block shear is

[image: image]

 [image: image]

 [image: image]

The smaller value controls, so the design tension strength of the channel in block shear is 70.3 kips, which is less than the applied factored load of Pu = 75 kips. Hence the channel is not adequate in block shear.

ASD:

The allowable block shear strength is found from equations (4-11b) for the ASD method:

[image: image]

For the Gusset Plate, the allowable tensile strength in block shear is

[image: image]

 [image: image]

The smaller value controls, so the available strength of the gusset plate in block shear is 79.6 kips, which is greater than the applied load of Pa = 50 kips.

For the Channel (tw = 0.22 in.), the allowable tensile strength in block shear is

[image: image]

 [image: image]

The smaller value controls, so the allowable tensile strength of the channel in block shear is 46.9 kips, which is less than the applied total service or unfactored load of Pa = 50 kips. Hence the channel is not adequate in block shear.

(Note: The bolts also should be checked for shear and bearing, but bolt strength is covered later in Chapter 9.)

EXAMPLE 4-7

Block Shear in a Gusset Plate (LRFD Method)

For the HSS-to-gusset plate connection shown in Figure 4-13, determine the length, [image: image] required to support the applied tension load considering the strength of the gusset plate only. The plate is ASTM A529, Grade 50 steel. Is the gusset plate thickness adequate?


[image: image]

FIGURE 4-13Dimensional requirements for pin-connected members



Solution

From the AISCM, Table 2-4:

[image: image]

Fu = 70 ksi to 100 ksi (use Fu = 70 ksi)

From equation (4-1a), the tensile strength due to tensile yielding on the gross area of the plate is

[image: image]

 [image: image]

From equation (4-2a), the tensile strength due to fracture or rupture at the net cross-sectional area is

[image: image]

 [image: image]

(Note: Initially, assume the shear lag factor, U =1.0; this will be checked later)

The design block shear strength is found from equation (4-11a) as follows:

[image: image]

[image: image]

Since Anv = Agv, the right-hand side of the equation will control; and for block shear, the failure mode in the gusset plate will coincide with the outline of the HSS similar to Figure 4-11e, consisting of a tension plane that is 6 in. wide, plus two shear planes, each with a length, [image: image].

Therefore, [image: image]

[image: image]

Therefore, [image: image] and since there are two shear planes,

[image: image]

The minimum length of engagement is 1.89 in. in order to develop adequate strength in the gusset plate. Note that from Table 4-1, the minimum length, [image: image] is the height of the connecting HSS member, or 6 in. [image: image] Therefore, the minimum length, [image: image] is actually 6 in. From Table 4-1, the shear lag factor for the HSS member is

[image: image]

 [image: image]

[image: image]

 [image: image]

This actual value of the shear lag factor is then used to recalculate the strength of the gusset plate member in tensile fracture or rupture.

[image: image]

[image: image]

Therefore, increase the gusset plate thickness from 3/8" (0.375 in.) to ½ in. The tension capacity in fracture with a ½ in, thick gusset plate is recalculated as

[image: image]

EXAMPLE 4-8

Hanger in Tension with Block Shear

The W12 × 53 tension member shown in Figure 4-14 has two rows of three 1-in.-diameter A325N bolts in each flange. Assuming ASTM A572 steel and considering the strength of the W12 × 53 as well as the gusset plate,


	Determine the design tension strength of the W12 × 53,

	Determine the service dead load that can be supported if there is no live load, and

	If a service dead load PD = 100 kips is applied, what is the maximum service live load, PL, that can be supported?



Solution

1.For A572 steel, Fy = 50 ksi, Fu = 65 ksi (AISCM Table 2-3).

[image: image] 1⁄8 in. = 1.125 in.
[image: image]
[image: image]
[image: image]
[image: image]
[image: image]


[image: image]

[image: image]

[image: image]

[image: image]

FIGURE 4-14Detail for Example 4-8



WT 6 × 26.5 results from cutting a W12 x 53 into two halves across the web.

[image: image]

[image: image]

 [image: image]

Note: At the net cross-section, there are two (2) bolt holes in the top and bottom flanges for a total of four bolt (4) holes.

From Table 4-1, we obtain the shear lag factor, U = 0.90, since

[image: image]

Using the calculation method, the shear lag factor can be obtained as

[image: image]

[image: image]

The larger value of U = 0.9 may be used.

[image: image]

The design tension strengths are calculated as follows:

a.Yielding failure mode: [image: image]

b.Tensile rupture failure mode: [image: image]

c.Block shear failure mode of W12 × 53 (Figure 4-15):


[image: image]

FIGURE 4-15Block shear in W12 × 53



[image: image]

[image: image]

[image: image]

 [image: image]

[image: image]

 [image: image]

The design block shear strength of the W12 × 53 is found from equation (4-11a) as follows with Ubs = 1.0:

[image: image]

[image: image]

 [image: image]

[image: image]

[image: image]

Check block shear failure mode of 3/8" thick Gusset Plate:

[image: image]

[image: image]

[image: image]

 [image: image]

[image: image]

 [image: image]

Recall that the hole diameter is 1.125 in. for a 1 in. diameter bolt.

The design block shear strength of the gusset plate is found from equation (4-11a) as follows with Ubs = 1.0:

[image: image]

[image: image]

 [image: image]

 [image: image]

Therefore, the block shear capacity of the Gusset Plate = 388 kips.

The overall tension capacity of the hanger and its connection will be the smallest of the tension capacities of the W12x × 53 hanger in yielding, fracture, and block shear, and the block shear capacity of the Gusset Plate. Therefore, for this hanger and its connection, the tension capacity, [image: image]

Thus, the tension capacity of this hanger is limited by the block shear capacity of the 3/8 in. gusset plate. If the gusset plate thickness is increased to at least the thickness of the flange of the W12 × 53 hanger (i.e., t = 0.575 in.), the block shear capacity of the gusset plate increases to 595 kips. In this case, the tension capacity of the hanger and its connection will be limited by the tension capacity of the W12 × 53 hanger, and not by the block shear capacity of the gusset plate.

Summary (assuming gusset plate is as thick as the flange of the W12 × 53 hanger):

Tensile yielding failure mode:   [image: image]

Tensile rupture failure mode:  [image: image]

Block shear failure mode:   [image: image]

The smallest of the three values governs. Therefore, the design strength, ϕPn = 537 kips

2.Since there is no live load, that means PL = 0; the two load combinations to be considered are:

[image: image]

[image: image]

Using the limit states design equation gives

[image: image]

[image: image]

Therefore, we obtain PD = 383 kips (maximum unfactored dead load that can be supported)

3.Given PD = 100 kips, determine the live load, PL, that can be safely supported:
The limit states design equation is

[image: image]

[image: image]

Therefore, PL = 260 kips (maximum unfactored live load that can be supported).



4-3DESIGN OF TENSION MEMBERS


The design of tension members requires consideration of additional failure modes at the connection points not specifically addressed in this chapter but will be addressed later in the text. For tension members with welded connections, the design strength of the welds in shear and tension must be considered. For tension members with bolted connections, the design strength of the bolts in shear, tension, and bearing must be considered. Load eccentricity effects at the connection points also must be considered. In this section, we will consider the design strength in tension of the actual member only. The reader should refer to Chapters 9 and 10 for the design of bolted and welded connections.

Tension members need to have enough gross cross-sectional area for strength in tensile yielding and enough effective area for strength in tensile rupture. Note that the effective area accounts for shear lag effects.

In addition to having enough design strength in tensile yielding and tensile rupture, the block shear failure mode at the connected ends also needs to be checked. In some cases, there might be more than one block shear failure mode. The design strength of the tension member is the smallest of the strength of all the possible failure modes including yielding, fracture, block shear, and connection failure. The strength of bolts in shear, tension and bearing will be covered in Chapter 9, and the strength of welds in shear will be discussed in Chapter 10.

Slenderness effects should also be considered for tension-only diagonal braces. The AISC specification recommends a slenderness limit Lc/r of 300 to prevent flapping, flutter, or sag of the member, but this is not a mandatory requirement and it does not apply to tension rods and tension hangers. If this slenderness limit cannot be met, the tension-only diagonal braces can be pretensioned to prevent sag or vibration. The amount of this pretension force can vary between 5% and 10%, and the pretension force will reduce the design strength of the member accordingly by increasing the forces used for design. One way to induce this pretension is to fabricate the member shorter than its true length or by “inducing draw.” The AISC specification suggests the following pretension or “draw” values for tension-only diagonal bracing members:

When members are fabricated shorter in accordance with Table 4-2, they will be drawn up in the field in order to reduce the amount of flap or sag in the member. However, it can be shown that for a given cross-sectional area of the tension member, the increase in tension force in the member can be as high as 50% or more when using the values in Table 4-2, which is not desirable. The authors have found that an increase of 5% to 10% in the applied tension load has proven to be effective in practice and they would recommend using these lower values. The authors further recommend that the designer consult with the steel fabricator on any given project to determine the proper amount of draw that might be appropriate based on the actual fabrication and erection procedures.

Figure 4-16 shows a possible pretension detail where the tension-only diagonal brace member is intentionally fabricated shorter than its actual length so that once the connection is tightened to its final position, any sag or vibration of the hanger is prevented.


TABLE 4-2Recommended Pretension Values for Slender Tension-only Diagonal Brace Members

[image: image]




[image: image]

FIGURE 4-16Pre-tensioned connection



The process for the design of a tension member can be summarized as follows:


	Calculate the maximum factored and unfactored tension loads, respectively, on the member, Pu, and Ps, and determine the minimum gross area from the tensile yielding failure mode equation from Section 4-2:
[image: image] (for LRFD)    (4-12a)

[image: image] (for ASD)    (4-12b)


	Determine the minimum net area from the tensile rupture failure mode equation:
[image: image] (for LRFD)    (4-13a)

[image: image] (for ASD)    (4-13b)

where the net area is found from equation (4-4):

[image: image]

Therefore, the required gross area for the tensile rupture failure mode is

[image: image] (for LRFD)    (4-14a)

[image: image] (for ASD)    (4-14b)


	Use the larger Ag value from equations (4-12a) and (4-14a) for the LRFD method, and (4-12b) and (4-14b) for the ASD method; select a trial member size based on the larger value of Ag.

	For tension members, AISC specification Section D1 suggests that the slenderness ratio Lc/rmin = KL/rmin should be less than 300 to prevent flapping or flutter of the member,
where


	K =	 Effective length factor (usually assumed to be 1.0 for tension members),

	L =	 Unbraced length of the tension member, and

	rmin =	 Smallest radius of gyration of the member.



The smallest radius of gyration for rolled sections can be obtained from part 1 of the AISCM. For other sections, such as plates, the radius of gyration can be calculated from

[image: image]    (4-15)

where Imin is the smallest moment of inertia.

If equation (4-15) cannot be satisfied (i.e., the member is too slender), the member should be pretensioned. Allow for 5% to 10% pretension force in the design of the member; that is, increase Pu (LRFD) in equations (4-12a, 4-13a, and 4-14a) and Ps (ASD) in equations (4-12b, 4-13b, and 4-14b) by 5% to 10%.



	LRFD: For the LRFD method, use equation (4-11a), determine the block shear capacity of the selected tension member.
If [image: image] (block shear) is greater than or equal to [image: image], the member is adequate.

If [image: image] (block shear) is less than [image: image], increase the member size and repeat step 5 until [image: image] (block shear) ≥ Pu.

ASD: For the ASD method, use equation (4-11b), determine the allowable tensile strength in block shear for the selected tension member.

If [image: image] (block shear) is greater than or equal to [image: image], the member is adequate.

If [image: image] (block shear) is less than Ps, increase the member size and repeat step 5 until [image: image] (block shear) ≥ Pu.




EXAMPLE 4-9

Design of a Tension Member (LRFD Method)

Using the LRFD method, design the X-brace in the first story of the building shown in Figure 4-17, which is subjected to wind loads. Use a steel plate that conforms to ASTM A36 and assume a single row of bolts.

Some X-brace configurations have slender members such that they can only support loads in tension. In this figure, all of the members are assumed to be too slender to support compression loads. Only the shaded members support lateral loads in the assigned direction of the lateral loads.

The lateral loads shown in the figure are the loads acting on each X-braced frame. The wind loads acting on the entire building must be distributed to the various braced frames in the building in the direction of the lateral load. If the diaphragm is assumed to be rigid, the lateral load is distributed in proportion to the stiffness of each braced frame. If the diaphragm is flexible, the lateral load is distributed in proportion to the tributary area of each braced frame.


[image: image]

FIGURE 4-17Detail for Example 4-9



Solution

The service load factor for wind is 0.6 (from the ASCE 7 ASD load combinations presented in Chapter 2).

Loads to Each Level:


	[image: image]
	[image: image]

	[image: image]
	[image: image]

	[image: image]
	[image: image]

	[image: image]
	[image: image]



[image: image]

(For use in the ASD method, the unfactored base shear is

[image: image]

[image: image]

[image: image] for LRFD

For ASD, [image: image]

Bolts and welds will be covered in Chapters 9 and 10, but for now, assume the shear strength of A325N bolts in single shear to be as follows:


	[image: image] for 3⁄4-in.-diameter bolt

	[image: image] for 7⁄8-in.-diameter bolt




	The required gross area, [image: image] using the LRFD method
(Allow for added 5% to 10% pretension. Assume 7.5% pretension.)

[image: image] (LRFD)

Note: If the ASD method were to be used, the gross area required due to tensile yielding failure would be

[image: image] (ASD)

We will now proceed with using only the LRFD method for this example. The reader is encouraged to also work through the example using the ASD method.

Try 1⁄2-in. [image: image] > Ag required (for tensile yielding failure mode) = 2.99 in.2 OK.



	Number of bolts:
Five 3⁄4-in.-diameter bolt:  [image: image]

Five 7⁄8-in.-diameter bolt:  [image: image]

Six 3⁄4-in.-diameter bolt:   [image: image]

Therefore, try five 7⁄8-in. diameter bolts in a single row parallel to the tension load.

The shear lag factor, U, is 1.0 for plates connected with bolts (from Table 4-1) indicating that there is no shear lag in this case and the tension stress distribution is uniform across the tension member. For tensile fracture or rupture failure mode, the required gross area using the LRFD method is

[image: image]

[image: image]


	From step 1, the required gross cross-sectional area, Ag = 2.99 in.2 and from step 2,
Ag = 2.73 in.2; both are less than the actual gross area of the trial member size which is 3.0 in.2.

	Check the slenderness ratio:
   [image: image]

[image: image]

[image: image]

[image: image]

  = 0.144 ≥ 1.37

Therefore, the slenderness limit is exceeded, and the assumption that the X-brace diagonal tension member is pretensioned is justified.


	Check the block shear strength.
The bolt spacing and configuration shown in Figure 4-18 will be used.

Shear planes:

[image: image]

[image: image]

 [image: image]


[image: image]

FIGURE 4-18Block shear failure mode in ½" × 6" plate tension menber



Tension planes:

[image: image]

[image: image]

 [image: image]

The design tension strength for the block shear failure mode is

[image: image]

[image: image]

 [image: image]

 [image: image]

Therefore, [image: image]

Use a 6-in. by 1⁄2-in. plate with five 7⁄8-in.-diameter A325N bolts.




EXAMPLE 4-10

Design of a Single-Angle Tension Member (LRFD Method)

Using the LRFD method, design a tension member given the following parameters:


	Service loads: PD = 40 kips, PL = 66 kips;

	Single angle required;

	Unbraced length, L = 20 ft.;

	ASTM A36 steel; and

	Two lines of four 3⁄4-in.-diameter bolts.


Solution

[image: image]

[image: image] (controls)


	[image: image]
[image: image]


	Shear lag factor, U, is 0.80 for single angles (from Table 4-1). Alternatively, U may be calculated using [image: image] (three spaces at 3 in.), but an angle size would have to be assumed.
[image: image]

[image: image]

[image: image]

[image: image]




Summary of angle selection

[image: image]

3.Select L8 × 4 × 1⁄2 because of its lighter weight; also, it would have greater block shear capacity than the L6 × 6 × 1⁄2 (same weight).

4.The minimum slenderness ratio calculated = 0.8 in.; rzz for L8 × 4 × 1⁄2 = 1.18 in. > 0.8 in. OK.

5.Check block shear capacity. The spacing of the bolts will have to be assumed. See Figure 4-19 for the assumed bolt layout.

Mode 1 Block Shear:

Shear plane:

[image: image] (0.5) = 10.5 in.2

[image: image]

 [image: image] (0.5 [image: image]) = 7.43 in.2

Tension plane:

[image: image] = 1.5 in.2

[image: image]

 [image: image] (0.5 in.) = 1.06 in.2


[image: image]

FIGURE 4-19Block shear failure mode in L8 × 4 × 1⁄2 tension menber



The design tension strength for the block shear failure mode is

[image: image]

 [image: image]

  [image: image]

  [image: image]

Therefore, [image: image]

Mode 2 Block Shear:

Shear plane:

[image: image] = 5.25 in.2

[image: image]

 [image: image] = 3.72 in.2

Tension plane:

[image: image] = 2.75 in.2

[image: image]

 [image: image] = 2.09 in.2

The design tension strength for the block shear failure mode is

[image: image]

 [image: image]

 [image: image]

 = [image: image]

Therefore, [image: image]

The block shear capacity is the smaller of the block shear capacities for block shear failure modes 1 and 2. Therefore, [image: image]

 [image: image] 1⁄2 with two lines of four 3⁄4-in.-diameter bolts.



4-4TENSION RODS


Rods with circular cross sections are commonly used in a variety of structural applications. Depending on the structural application, tension rods might be referred to as hanger rods or sag rods. Hangers are tension members that are hung from one member to support other members. Sag rods are often provided to prevent a member from deflecting (or sagging) under its own self-weight, as is the case with girts on the exterior of a building (see Figure 4-1a). Tension rods are also commonly used as diagonal bracing in combination with a clevis and turnbuckle to resist lateral wind and seismic loads.

There are two basic types of threaded rods, and the more commonly used type is a rod where the nominal diameter is greater than the root diameter at the threaded section (i.e., D > K). The tensile capacity is based on the available cross-sectional area at the root where the threaded portion of the rod is the thinnest (see Figure 4-20). The second type of threaded rod is one with an upset end where the root diameter equals the nominal diameter of the rod (i.e., K = D). Upset end tension rods are not commonly used because their fabrication process can be cost-prohibitive.


[image: image]

FIGURE 4-20Basic tension rod and upset end tension rod



As stated previously, the slenderness ratio (Lc/r) of tension members should be no more than 300, but this requirement is not mandatory and it does not apply to rods or hangers in tension. The AISC specification does not limit the size of tension rods, but the practical minimum diameter of the rod should not be less than 5⁄8 in. since smaller diameter rods are more susceptible to damage during construction.

The design strength of tension rods is the same as for bolts in tension (see Chapter 9). The design tensile strength and the allowable tensile strength of a tension rod, respectively, are given as follows (see Section J3.6 of the AISC specification):

[image: image] for LRFD    (4-16a)

[image: image] for ASD    (4-16b)

where

ϕ = 0.75,

Ω = 2.0

[image: image] = Nominal tensile strength of a tension rod = [image: image]

Fn = Nominal tension stress from AISCM Table J3.2, and

Ab = Nominal unthreaded body area = [image: image]

[image: image] unthreaded diameter of the tension rod (same as the dimension ‘D’ in Figure 4-20)

From the AISCM Table J3.2,

[image: image]    (4-17)

The 0.75 factor in equation (4-17) accounts for the difference between the nominal unthreaded body diameter (D) and the diameter of the threaded rod at the root (K) where the stress is most critical. Combining equations (4-16) and (4-17) yields

[image: image] for LRFD    (4-18a)

[image: image] for ASD    (4-18b)

The Fu term in the above equations is the minimum tensile stress of the threaded rod. There are several acceptable grades of threaded rods available (AISCM Section A3.4 and AISCM Table 2-5), the most common of which are summarized in Table 4-3.


TABLE 4-3Grades of Threaded Rods

[image: image]



When tension rods are used as diagonal bracing (see Figure 4-21), they are commonly used in combination with a clevis at the ends and possibly a turnbuckle to act as a splice for the tension rod. Clevises and turnbuckles are generally manufactured in accordance with AISI C-1035, but the load capacities are based on testing done by the various manufacturers. However, there have been enough independently published test data that AISC has developed load tables for standard clevises and turnbuckles (see AISCM Tables 15-4 and 15-6). It should be noted that the factor of safety for clevises and turnbuckles is higher in the AISCM load tables since these connectors are commonly used in hoisting and rigging where the loads are cyclical and are therefore subjected to fatigue failure, which is more critical.


[image: image]

FIGURE 4-21Connectors for tension rods



Clevises are designated by a number (two through eight) and have a corresponding maximum diameter associated with each number designation. Each clevis also has a corresponding maximum pin diameter associated with each number designation. The pins are also proprietary and are generally designed to have a capacity equal to or greater than that of the clevis, provided that the diameter of the pin is at least 125% of the diameter of the threaded rod. The pin diameters are given in AISCM Table 15-5 and do not need to be designed; however, the gusset plate that the pins connect to need to be checked for shear, tension, and bearing.

Turnbuckles are designated by the diameter of the connecting threaded rod. Alternatively, sleeve nuts (see AISCM Table 15-7 for dimensions and weights) can be used in lieu of turnbuckles. Sleeve nuts develop the full capacity of the tensile strength of the threaded rod, provided that the threaded rod has the proper thread engagement. Sleeve nuts are generally manufactured to conform to AISI C-1035. Turnbuckles are usually preferred over sleeve nuts from a cost standpoint. Figure 4-21 shows the previously mentioned connecting elements for tension rods.

Tension members connected with a single pin, as is the case with tension rods used as diagonal bracing, are subject to the failure modes covered in Section D5 of the AISC specification. Pin-connected members differ from a single bolt connection in that deformation is not permitted in the gusset plate for pins so that the pins can rotate freely. There are three main failure modes that need to be checked for pin-connected members: tensile rupture on the net area (Figure 4-22a), shear rupture on the effective area (Figure 4-22b); and bearing on the projected area of the pin (Figure 4-22c).


[image: image]

FIGURE 4-22Failure modes for pin-connected members



The expression for tensile rupture on the net effective area is given as

[image: image] for LRFD    (4-19a)

[image: image] for ASD    (4-19b)

The expression for shear rupture on the effective area is given as

[image: image] for LRFD    (4-20a)

[image: image] for ASD    (4-20b)

and the expression for bearing on the projected area of the pin is (see AISC Specification Section J7)

[image: image] for LRFD    (4-21a)

[image: image] for ASD    (4-21b)

Where,

ϕ = 0.75,

Ω = 2.0

[image: image] shear area on the failure plane


	a =	 Shortest distance from the edge of the hole to the plate edge parallel to the direction of the force,

	be =	 2t + 0.63 in. < b,

	b =	 Distance from the edge of the hole to the plate edge perpendicular to the direction of the force,

	d =	 Pin diameter (noted as p in the AISCM Table 15-4),

	t =	 Plate thickness,

	Apb =	 Projected bearing area (Apb = dt),

	Asf =	 Area on the shear failure path,

	Fy =	 Minimum yield stress, and

	Fu =	 Minimum tensile stress.



For pin-connected members, there are also dimensional requirements for the gusset plate that must be satisfied per AISC Specification Section D5, and these are indicated below and are shown in Figure 4-23. Note that the edges of the gusset plate can be cut 45°, provided that the distance from the edge of the hole to the cut is not less than the primary edge distance.


[image: image]

FIGURE 4-23Dimensional requirements for pin-connected members



[image: image]    (4-22)

[image: image]    (4-23)

[image: image]    (4-24)

EXAMPLE 4-11

Tension Rod Design (LRFD method)


	For the braced frame shown in Figure 4-24, design the threaded rod, clevis, and turnbuckle for the applied lateral load shown. The threaded rod conforms to ASTM A36 and the clevises and turnbuckles conform to ASTM A29, grade 1035.

	Determine if the gusset plate connection is adequate. The plate is ASTM A36.




[image: image]

FIGURE 4-24Detail for Example 4-11



Solution

Load to each tension rod: (Note: Only one tension rod is engaged when the lateral load is applied since the threaded rod is too slender to support compression loads.) We will assume that the slenderness ratio, Lc/r, is greater than 300 and therefore requires pretensioning; a pretension force of 10% of the applied factored load on the tension member is assumed.

[image: image] (factored load on the tension rod and connectors including a 10% pretension force)

From the AISCM, Table 2-5,

[image: image]

[image: image]


	From AISCM Table 15-3, a No. 3 clevis is required (ϕRn = 37.5 kips > 34.3 kips). The maximum threaded rod diameter allowed is 13⁄8 in. and the maximum pin diameter is p = 13⁄4-in.
From AISCM Table 15-4, a No. 3 clevis can be used with a pin that varies in diameter from 1 in. to 13⁄4 in.

From AISCM Table 15-5, a turnbuckle with a rod diameter of 11⁄4-in. is required (ϕRn = 38 kips > 34.3 kips).

Recall that the pin diameter must be at least 125% of the threaded rod diameter.

[image: image] in. (use a 13⁄4-in. pin)

Therefore, use [image: image] = 13⁄4-in. = 1.75 in.

Check the 11⁄4-in. threaded rod:

[image: image]

[image: image]

  [image: image]

Use a 11⁄4-in. threaded rod with a No. 3 clevis and a turnbuckle.


	Check tensile rupture on the net effective area:
The distance from the edge of the hole to the plate edge, perpendicular to the direction of the applied force is

[image: image]

[image: image]

 = (2)(7/16) + 0.63 = 1.5 in. < b = 2.06 in.,

Therefore, use [image: image]

[image: image]

 [image: image]

Check shear rupture on the effective area:

The shortest distance from the edge of the hole to the plate edge, parallel to the direction of the force, is

 [image: image]

[image: image]

 [image: image]

[image: image]

 = (0.75)(0.6)(58)(3.44) = 89.9 kips > 34.3 kips, OK.

Check bearing on the projected area of the pin:

[image: image]

 [image: image]

Check dimensional requirements:

[image: image]

[image: image]

[image: image]

[image: image]

[image: image]

Therefore, the 7⁄16-in. gusset plate is adequate.
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Exercises

4-1.Determine the tensile capacity of the 1⁄4-in. × 6-in. plate shown in Figure 4-25. The joint is made with 5⁄8-in.-diameter bolts, the plate is ASTM A992, grade 50.


[image: image]

FIGURE 4-25Detail for Exercise 4-1



4-2.Determine the following for the joint shown in Figure 4-26, assuming the bolts are 3⁄4-in. diameter and the angle and plate is ASTM A36.

a.Tensile capacity of the angle, and

b.Required gusset plate thickness to develop the tensile capacity of the angle determined in part a.

4-3.Determine the maximum factored tensile force that can be applied based on the following:


[image: image]

FIGURE 4-26Detail for Exercise 4-2



a.Capacity of the angle in tension only

b.Capacity of the angle in block shear (see failure diagram in Figure 4-27).
The angle is ASTM A572, Grade 50.


[image: image]

FIGURE 4-27Details for Exercise 4-3



4-4.Determine the following using ASTM A36 steel (Figure 4-28):

a.Maximum tension force Tu that can be applied based on the tensile capacity of the angles.

b.Maximum tension force Tu that can be applied based on block shear.

c.Based on (a) and (b), if the service dead load is TD = 50 kips, determine the maximum service live load that can be applied. Consider the load combination 1.2D + 1.6L only.


[image: image]

FIGURE 4-28Details for Exercise 4-4



4-5.Determine the design strength of the 3⁄8" × 4" plate shown in Figure 4-29, assuming the steel is ASTM A36.


[image: image]

FIGURE 4-29Detail for Exercise 4-5



4-6.Determine the design strength of the connection shown in Figure 4-30, assuming the steel is ASTM A529, grade 50. The plates are 3⁄8 in. thick. Neglect the strength of the bolts.


[image: image]

FIGURE 4-30Detail for Exercise 4-6



4-7.Determine the net area of the members shown in Figure 4-31.

4-8.For the two-story braced frame shown, design the following, assuming the threaded rod and the gusset plate conform to ASTM A36 and the clevises and turnbuckles conform to AISI C-1035:

a.Clevis, turnbuckle, and threaded rod at each level, and

b.Gusset plate, assuming a 3⁄8-in. thickness.


[image: image]

FIGURE 4-31Detail for Exercise 4-7




[image: image]

FIGURE 4-32Detail for Exercise 4-8



4-9.Using the lateral loads and geometry shown in Exercise 4-8, complete the following, assuming the tension member is an L4 × 4 × 3⁄8, ASTM A36 and connected as shown in Figure 4-33:


[image: image]

FIGURE 4-33Detail for Exercise 4-9



a.Determine if the L4 × 4 × 3⁄8 tension member is adequate.

b.Design the gusset plate for the full tension capacity of the angle.

4-10.Determine the maximum factored tensile force that can be applied as shown in Figure 4-34 and based on the following:


[image: image]

FIGURE 4-34Detail for Exercise 4-10



a.Capacity of the angle in tension only, and

b.Capacity of the angle in block shear.

The angle is ASTM A992, grade 50.

4-11.For the truss shown in Figure 4-35, determine if member CD is adequate for the service loads shown. The steel is ASTM A36. Ignore the strength of the gusset plate.

4-12.For the canopy support details shown in Figure 4-36

a.Determine the required threaded rod size for member AB, assuming ASTM A36 steel for the threaded rod.

b.Determine an appropriate clevis and gusset plate size and thickness, assuming the plate at point A is 6 in. wide. Use ASTM A36 steel for the plate. The clevis conforms to AISI C-1035.


[image: image]

FIGURE 4-35Detail for Exercise 4-11




[image: image]

FIGURE 4-36Detail for Exercise 4-12



4-13For the tension rod connection shown in Figure 4-37:


[image: image]

FIGURE 4-37Detail for Exercise 4-13



a.Find the minimum required diameter of the threaded rod.

b.Determine if the gusset plate is adequate and check the plate dimensions.

The plate is ASTM A36 and the threaded rod is ASTM F1554, grade 55.

4-14.The framing plan in Figure 4-38 shows a steel-framed platform supported at the four corners for gravity loads. Beams B-1 and B-2 frame into G-1 and G-1 is supported at each end by a hanger.


[image: image]

FIGURE 4-38Details for Exercise 4-14



Assuming the total service loads are 150 psf live and 100 psf dead, calculate that maximum factored tension, Tu, and determine if the threaded rod, clevis, and plate are adequate for the applied tension load.

4-15.Develop a spreadsheet with the following minimum parameters and submit results for a Pipe 4 STD (Figure 4-39):


[image: image]

FIGURE 4-39Details for Exercise 4-15




	Pu =	 Axial tension load

	B =	 Round HSS size (outside diameter)

	FyB =	 Yield strength for the HSS, use ASTM A53 for this problem

	Fyp =	 Yield strength for the plate, use ASTM A36 for this problem

	l =	 Engagement length, use 5" for this problem

	y =	 Edge distance, use 3" for this problem

	t =	 Plate thickness, use 1/4" for this problem



The spreadsheet should be used to check/design the following:

a.The U factor and the maximum axial load that can be applied based on this

b.The maximum axial load that can be applied based on block shear in the plate

c.The maximum axial load that can be applied based on gross tension only on the plate

4-16.Develop a spreadsheet with the following minimum parameters and submit results for an L4 × 4× (see Figure 4-40):


[image: image]

FIGURE 4-40Details for Exercise 4-16



Tu = Axial tension load

Angle parameters: x-bar, t, x (leg length)


	FyB =	 Yield strength for the L, use ASTM A572 for this problem

	Fyp =	 Yield strength for the plate, use ASTM A36 for this problem

	db =	 Bolt diameter, use 1" for this problem

	N =	 Number of bolts, 2 minimum, use 4 for this problem

	S =	 Bolt spacing use 3" for this problem

	y =	 Edge distance, use 2" for this problem

	t =	 Plate thickness, use 3/8" for this problem



Use the spreadsheet to check/design the following:

a.The U-factor and the maximum axial load that can be applied based on this,

b.The maximum axial load that can be applied based on net tension only across the plate,

c.The maximum axial load that can be applied based on block shear in the angle,

d.The number of bolts required so that the joint achieves at least 85% of the gross tension strength of the angle.

4-17.Refer to the framing plan and section shown in Figure 4-41. Typical member B1 is supported at the left end at point A and at the right end by tension member BC. The applied service loads to B1 are D = 80 psf (includes the weight of the framing and concrete deck) and S = 70 psf. Determine the following considering the load combination 1.2D + 1.6S only:

a.Applied factored uniform load to B1.

b.Factored tension in member BC.

c.Determine if the threaded rod and clevis are adequate.

d.Determine the required plate thickness for P1.

4-18.Determine the axial tension capacity or strength, ϕPn, of a 5" wide × 3/8" thick plate hanger considering only yielding and fracture failure modes (i.e., neglect block shear). Assume the plate is connected to the gusset plate at the ends with a single row of 7/8 inch diameter bolts. If the hanger in supports a service dead load of 12 kips, what is the service floor live load in psf that can be supported by the hanger if the hanger has a tributary floor area of 300 ft2. Assume the shear lag factor U = 1.0 and use ASTM A992 steel.


[image: image]

FIGURE 4-41Details for Exercise 4-17



4-19.For the two hanger configurations shown in Figure 4-42a (as-designed) and Figure 4-42b (as-built), answer the following questions assuming the factored vertical load, P, contributed by the floor beam to the hanger at each floor level is 22 kips.

a.Calculate the load on hanger CD for the as-designed condition and select a hanger rod diameter assuming A36 steel.

b.Calculate the load on hanger CD for the as-built condition and select a hanger rod diameter assuming A36 steel. Neglect the offset distance between the hangers.

c.Calculate the load on the hanger connection at C (i.e., the nut at C) for the as-designed condition.

d.Calculate the load on the hanger connection at C (i.e., the nut at C) for the as-built condition. Neglect the offset distance between the hangers.

e.Assuming the floor beams are made up of two channel shapes toe-to-toe, draw an adequate hanger rod-to-box beam connection detail.

f.Assuming ASTM A36 steel, determine the hanger rod diameter that should be specified on the structural drawings to resist the maximum applied loads.

4-20.Conduct research on the Internet on the 1981 “Hyatt Regency Hotel Collapse” and write a minimum five-page typed report explaining, with the aid of free-body diagrams, the reasons for the collapse, the lessons learned, and ways to prevent similar structural failures in the future. Include in your report at least two different types of hanger rod connection detail that could have prevented the collapse.


[image: image]

FIGURE 4-42Details for Exercise 4-19



4-21.Conduct research on the Internet on “The Fifty-Nine Story Crisis” regarding the Citi-Corp Tower in New York City. Write a minimum five-page typed report explaining—with the aid of drawings, pictures, and free-body diagrams (FBDs)—the reasons for the structural problems, and how they were resolved. Discuss the lessons learned from this failure case study.




CHAPTER

 5

Compression Members Under Concentric Axial Loads

5-1INTRODUCTION


Structural steel elements are sometimes subjected to concentric compressive axial loads without any accompanying bending moment; Some examples include truss web members, compression chords of some trusses, struts, compression members in concentric and eccentric braced frames such as X-braces and Chevron braces, and some columns in buildings. The web members in trusses resist axial com­pression and tension forces. Struts — in the form of round HSS or round steel pipes — may be used as horizontal braces to ensure the stability of basement excavations before the basement walls and the basement and ground floor slabs and framing are completed; in addition to the axial compression load, these struts may be subjected to accompanying moment from sagging due to its self-weight. Horizontal struts are also used in buildings to brace inclined or sloped columns. A series of pairs of 4-story high diagonal struts supporting multi-story column loads were used in the award winning 150 N. Riverside Building in Chicago designed by Magnusson Klemencic Associates (MKA) to increase the size of the building plan at the upper levels from a much smaller and physically constrained ground floor footprint. The tops of the diagonal struts were braced by tension ties encased within the series of concrete shear walls. Compression members with light loads — used to support a platform or mezzanine - are called posts. In this chapter, we will cover the analysis and design of structural members subject to concentric axial compression only, with no accompanying bending moment. In Chapter 8, we will discuss beam-columns, or structural steel elements subjected to combined axial compression or tension load plus bending moments, which may occur due to eccentrically applied axial load or transverse loads acting within the length of the member. In structural steel, the common shapes used for columns are wide flange sections (i.e., I-shapes), round and square hollow structural sections (HSS), and built-up sections (e.g., box sections) are used as columns in high-rise buildings. With the use of high strength steel (e.g., steel with Fy = 65 or 70 ksi), standard hot-rolled sections as large as W36 × 925 have been used in super tall buildings. The largest hot-rolled section in the United States is currently W36 × 925 [7]. For truss members, double- or single-angle shapes, as well as round and square HSS and WT-shapes may be used (see Figure 5-1a(i)). Figures 5-1a(ii) through 5-1a(v) shows different structural systems where some structural members may be subjected to concentric compression loads. Figure 5-1b shows the struts, tie rods, and columns used to support the roof at an airport entrance canopy.


[image: image]

[image: image]

[image: image]

[image: image]

[image: image]

FIGURE 5-1aBasic types of compression members



Compression members may fail in one of the following modes [1]:


	Flexural buckling where the member bends globally between lateral supports and buckles about its weaker axis (i.e., the axis with the larger slenderness ratio) because of the presence of the axial compression load. This limit state is usually applicable to compression members comprised of non-slender elements, and the failure mode can be either elastic buckling or inelastic buckling depending on the slenderness ratio of the member. This limit state is covered in AISC Specification Section E3.

[image: image]

FIGURE 5-1bStruts, tie rods, and columns at an airport entrance canopy (Photo by Abi Aghayere)





	Torsional buckling, which involves twisting about the longitudinal axis of the ­member without any lateral displacement. Examples of sections susceptible to torsional buckling include cruciform shapes. See AISC Specification E4.

	Lateral-torsional or flexural-torsional buckling is a combination of the above two failure modes and is common in wide flange sections. It is caused by the flexural compression stresses on the compression flange of a beam or column with large unbraced lengths. Torsional and flexural buckling limit state applies to singly symmetric and non-symmetric members and some doubly symmetric members such as cruciform-shaped columns with non-slender elements. The flexural and torsional buckling limit state for members with non-slender elements is covered in AISC Specification Section E4.

	Local buckling occurs where the component elements of the structural member - such as the web and the flanges - are slender and can buckle locally (i.e., web local buckling and flange local buckling) in contrast to the global buckling that occurs in the first three failure modes discussed previously (see AISC Specification Section E7).



5-2EULER CRITICAL BUCKLING LOAD

The Euler critical buckling load for a pin-ended column is derived in this section. Consider a ­pin-ended column, with a length L, subjected to a concentric axial load, P, as shown in Figure 5-2a. The column is assumed to be made of a linearly elastic and homogeneous material and is perfectly straight [2]. As the load, P, on this column is increased, the column remains straight until it fails either by crushing or yielding of the member (material failure) or by buckling (outward bending of the member) or by a combination of these failure mechanisms. For long or slender columns (see Figure 5-2c), failure will occur by buckling.

At the moment of buckling, the lateral deflection of the column is y at a distance, x, from the origin at point A. The free body diagram of segment AC of the column is shown in Figure 5-2b.


[image: image]

FIGURE 5-2a-bPin ended column




[image: image]

FIGURE 5-2cSlender column at an entrance canopy (Photo by Abi Aghayere)



Summing moments about point C in Figure 5-5b yields

−Py + M = 0

Therefore,   M = Py   (5-1)

Assuming small deflections, the relationship between the internal bending moment in the column and its curvature is given by the following differential equation [2, 5, 6]:

[image: image]   (5-2)

Substituting equation (5-1) into equation (5-2) and rearranging yields the second order ­differential equation

[image: image]   (5-3)

The solution to equation (5-3) is as follows [3]:

[image: image]   (5-4)

The boundary conditions for the pin-ended column are as follows:

At x = 0, the deflection, y = 0

At x = L, the deflection, y = 0

Substituting the first boundary condition into equation (5-4) means that the constant, A2 = 0, which reduces equation (5-4) to

[image: image]   (5-5)

Substituting the second boundary condition into equation (5-5) leads to the following equation:

[image: image]

The non-trivial solution to the preceding equation is obtained from

[image: image], which yields the following solution:

[image: image],

Where, n = the number of deflection waves in the column between lateral supports = 1, 2, 3…

Therefore, the solution is [image: image]

The smallest value of n (i.e., n = 1), which indicates a single half-sine wave between the column lateral supports, gives the Euler critical load of the column, Pe,

Where,   [image: image]   (5-6)

and,

Pe = Euler critical buckling load, lb.,

E = Modulus of elasticity (for steel, E = 29 × 106 psi),

I = Moment of inertia, in.4, and

L = Length of the column between lateral supports or brace points, in.

Equation (5-6) gives the theoretical Euler critical buckling load for a homogeneous concentrically loaded member, that is, the load at which a perfectly straight compression member will start to bow outwards. This equation was originally derived by the Swiss mathematician, Leonhard Euler. [2, 6]. It assumes a perfectly straight, long and slender compression member without any initial crookedness or imperfections and no residual stresses. In reality, if the column is sufficiently slender (i.e., a long column with high slenderness ratio), it will buckle elastically (i.e., the column will return to its original shape if the compression load is removed); since the column is in the linear elastic range, the modulus of elasticity for this case is the linear elastic modulus, E. However, if the column is very stocky (i.e., a short column with a small slenderness ratio), it may not buckle at all, but the cross-section may fail in material yielding at the yield stress, Fy. Somewhere between these two slenderness extremes is the case of the intermediate column that has some intermediate slenderness which causes the column to buckle inelastically (i.e., there will be a permanent lateral deformation of the column and it will not return to its original longitudinal profile when the compression load is removed); in this case, the column will be in the non-linear or inelastic range and will have a reduced modulus of elasticity (the tangent modulus) due to the inelastic action. The Euler equation has to be modified to account for the inelasticity. The behavior of slender and stocky axially loaded members is illustrated in Figure 5-3.

In Figure 5-3a, the column is short enough that failure occurs by yielding in compression. This is called a short column. For the longer column shown in Figure 5-3b, failure occurs by a combination of flexure and compression due to the initial imperfections in the member.


[image: image]

FIGURE 5-3Column failure modes and capacity curves



It should be noted that the Euler critical buckling load is a “theoretical abstraction” since every real-world structural member will have initial imperfections (i.e., out-of-plumbness or out-of-straightness), and will fail by a combination of flexure and compression due to the initial imperfections—even though the member is subjected to a concentric compression load.

From mechanics of materials, the moment of inertia, I = Ar2, and the compression stress on any member is fc = P/A [2], therefore, the Euler critical buckling stress can be obtained from equation (5-6) as

[image: image],   (5-7)

where

Fe = Euler elastic critical buckling stress, psi,

A = Cross-sectional area, in.2, and

r = Radius of gyration, in

Equations (5-6) and (5-7) assume that the ends of the column are pinned. For other end conditions, an adjustment or effective length factor, K, is applied to the column length. The effective length of a column is defined as KL which is also denoted as Lc in the AISC Specifications (i.e., Lc = KL), where the effective length factor, K, is usually determined by one of two methods as follows:

Adopted from AISCM Table C-A-7.1. Copyright © American Institute of Steel Construction. Reprinted with permission, All rights reserved.


	AISCM, Table C-A-7.1—The recommended design values from this table are commonly used in design practice to determine the effective lengths of columns because the theoretical values assume idealized end support conditions. This table, reproduced in Figure 5-4, is especially useful for preliminary design when the size of the beams, girders, and columns are still unknown. In Figure 5-4, cases (a) through (c) represent columns in braced frames (i.e., buildings or structures laterally braced by X-braces, Chevron braces, or concrete, masonry, steel plate, or steel-concrete composite shear walls), while cases (d) through (f) represent columns in unbraced frames (i.e., buildings or structures laterally braced by moment or “rigid” frames where the lateral load is resisted by the bending resistance of the beam/girders and the columns and their connections). It should be noted that for building columns supported at the top and bottom ends, it is common in design practice to assume that the column is pinned at both ends, resulting in a practical effective length factor, K, of 1.0. For columns fixed at both ends, the recommended design value is K = 0.65.

[image: image]

FIGURE 5-4Effective length factors, K, for idealized support conditions Construction.





	Nomographs or alignment charts (AISCM, Figures C-A-7.1 and C-A-7.2)—The alignment charts use the actual restraints at the girder-to-column connections to determine the effective length factor, K. They provide more accurate values for the effective length factor than AISCM, Table C-A-7.1 or Figure 5-4, but the process for obtaining these values is more tedious than the first method, and the alignment charts can only be used if the sizes of the columns and girders are known. The alignment charts (see Figures 5-10 and 5-11) will be discussed later in this chapter.



Equations (5-6) and (5-7) assume that there are no slender elements in the compression member and thus precludes any local buckling. When the column end conditions are other than pinned, equations (5-6) and (5-7) can be modified as follows:

[image: image]   (5-8)

[image: image]   (5-9)

Equation (5-9), which corresponds to AISCM equation E3-4, is the elastic buckling stress that accounts for the end support conditions of the compression member. The term KL/r or [image: image] is called the slenderness ratio, and the AISC Specification recommends limiting the column slenderness ratio such that

[image: image]   (5-10)

Although this slenderness ratio limit is not mandatory (AISCM Section E2), it should be adhered to, because the load capacity equations in the AISC specifications were obtained ­empirically, and [image: image] is also the cutoff point for the AISCM design tables for compression members. The KL/r limit of 200 was based on the assumption that in the fabrication and erection of steel members, they are handled with care so as not to induce any unintended damage or imperfections in the member [1]. The poor handling of a steel member during fabrication, delivery and erection could induce unintended imperfections that could further reduce the axial load capacity of the column section, hence the need to adhere to the KL/r limit of 200.

Braced Versus Unbraced Frames

In using the alignment charts or Table C-A-7.1 of the AISCM, it is necessary to distinguish between braced and unbraced frames. Braced frames exist in buildings where the lateral loads are resisted by diagonal bracing or shear walls as shown in Figure 5-5a. The beams and girders in braced frames are usually connected to the columns with simple shear connections, and thus there is very little moment restraint at these beam-to-column or girder-to-column connections. The ends of columns in braced frames are assumed to have no appreciable relative lateral sway; therefore, the term nonsway- or sidesway-inhibited is used to describe these frames. The effective length factor for columns in braced frames is taken as 1.0. In unbraced or moment frames (Figure 5-5b), the lateral loads are resisted through the bending of the beams, girders, and columns, and thus the girder-to-column and beam-to-column connections are designed as moment connections. The ends of columns in unbraced frames undergo relatively appreciable sidesway; therefore, the term sway or sway-uninhibited is used to describe these frames. The effective length of columns in moment frames is usually greater than 1.0.


[image: image]

FIGURE 5-5a-bBraced and unbraced frames



EXAMPLE 5-1

Determination of Effective Length Factor, K, using Figure 5-4 or the AISCM Table C-A-7.1

Determine the effective length factor for the ground floor columns in the following frames (see Figure 5-6).

Solution

a.Braced Frame
Since the building is braced by diagonal braces and shear walls, the K value for all ­columns in the building is assumed to be 1.0 (i.e., Case “c”).

b.Unbraced Frames (Moment Frame with Pinned Column Bases)
Since the bottom ends of the ground floor columns are pinned, the effective length ­factor, K, for each column at this level in the moment frame is 2.4 (i.e., Case “f”).

c.Unbraced Frames (Moment Frame with Fixed Column Bases)
Since the bottom ends of the ground floor columns are fixed, the effective length factor, K, for each column at this level in the moment frame is 1.2 (i.e., Case “d”).


[image: image]

FIGURE 5-6Details for Example 5-1





5-3COMPRESSION MEMBER STRENGTH


The assumptions used in the derivation of equations (5-6) and (5-7) take into account idealized support conditions that cannot be achieved in real-life structural members. The factors that affect the strength of columns in real-life structures include initial crookedness or geometric imperfections in the column, the presence of residual stresses resulting from welding or hot-rolling of the column section, the shape of the column, and the end support conditions in the compression member. To account for these factors, the AISC Specification defines the design compressive strength of a column for the flexural buckling limit state as follows:

The nominal axial compression strength is given as

[image: image]   (5-11)

Where,

Pn = Nominal compressive strength [image: image], kips,

Fcr = Flexural buckling stress (see below), ksi

Ag = Gross cross-sectional area of the column, in.2

For the LRFD method, the design axial compressive strength is given as

[image: image]   (5-12)

For the ASD method, the allowable axial compressive load is given as

[image: image]   (5-13)

Where,

[image: image] = strength reduction factor for compression = 0.90,

[image: image] = factor of safety for compression = 1.67

The slenderness ratio at which the behavior of the compression member changes from inelastic buckling to elastic buckling is

[image: image]


	Therefore, the member buckles elastically when [image: image], and

	The column buckles inelastically when [image: image]



The AISC critical flexural buckling stress, Fcr, is determined as follows:

[image: image]

[image: image]   (5-14)

[image: image]

[image: image]   (5-15)

Equation (5-14), which corresponds to AISC equation E3-2, accounts for the case where inelastic buckling dominates the column behavior because of the presence of residual stresses in the member and the stockiness of the column, while equation (5-15), which corresponds to AISC equation E3-3, accounts for elastic flexural buckling in long or slender columns. Both of these critical flexural buckling stress equations have been derived from extensive research on columns and fitting of the equations to experimental data from column tests [1]. The equations account for residual stresses, initial imperfections, end support conditions, and the shape of the compression member. Equations (5-14) and (5-15) consider global flexural buckling of the column but do not account for local buckling of the component elements of the compression member.



5-4LOCAL BUCKLING OF COMPRESSION MEMBERS


The strength equations derived in the preceding section were based on the global buckling of the compression member as a whole and assumes that local buckling of the elements of the column section does not occur. In this section, we will look at the local stability of the individual elements that make up a compression member. Local buckling (see Figure 5-7) due to the slenderness of the component elements a compression member leads to a reduction in the strength of the member and prevents it from reaching its full axial compression capacity.

To avoid or prevent local buckling, the AISC specification prescribes limits to the width-to-thickness ratios ([image: image] and [image: image]) of the plate elements that make up the compression member. These limits are given in section B4 of the AISC Specification.


[image: image]

FIGURE 5-7Local buckling of column



In Section B4 of the AISC Specification, compression members subject to axial compression can be classified with regard to local stability as follows (see Table 5-1 or AISCM Table B4.1a):


	Nonslender elements, or

	Slender element sections



For compression members subject to flexure or bending, there are three possible classifications with regard to local stability (see Table 6-2 or AISCM Table B4.1b):


	Compact section

	Noncompact section

	Slender-element section.



A compact section reaches its cross-sectional material strength, before local buckling occurs. In a noncompact section, only a portion of the cross-section reaches its yield strength before local buckling occurs. In a slender-element section (i.e., sections with slender elements), the cross-section does not yield, and the strength of the member is governed by local buckling. The use of slender sections as compression members is not efficient or economical; therefore, the authors do not recommend their use in design practice, if avoidable.

There are also two types of elements that make up a column section and these are defined in the AISCM as stiffened and unstiffened elements. Stiffened elements are supported along both edges parallel to the applied axial load. An example of a stiffened element is the web of an I-shaped column because the web is connected to the flanges at both ends of the web. An unstiffened element has only one supported edge parallel to the axial load with the other end unsupported; for example, the outstanding flange of a wide flange or I-shaped column that is connected to the web on one edge and free or unsupported along the outer edge is an unstiffened element (see Figure 5-8). Other examples of sections consisting only of unstiffened elements include angles, tee sections, and cruciform sections.


[image: image]

FIGURE 5-8Stiffened and unstiffened elements



The width-to-thickness ratios, [image: image], of compression elements affect their axial compression buckling strength. The limiting width-to-thickness ratio, [image: image], of the stiffened and unstiffened ­elements of different column sections subject to axial compression that determines whether a column element is classified as a nonslender or slender compression element are given in Table 5-1, which is adopted from AISCM Table B4.1a. Compression members subject to axial compression and having width-to-thickness ratios, [image: image], greater than the limiting values, [image: image], from Table 5-1, are classified as slender-element sections, and should be designed taking into account the strength reductions due to local buckling that are specified in AISC Specification Section E7. Note that for the elements of wide flange sections, the width-to-thickness ratio, [image: image], is h/tw for the web and bf /2tf for the flange. The presence of slender elements leads to a reduced effective area, Ae, of the column cross-section. The determination of the axial load capacity of compression members with slender elements in accordance with AISC Specification Section E7 will be covered later in this Chapter. For compression members with nonslender elements subject to axial compression (i.e., column elements with [image: image] ), there is no reduction in the cross-sectional area, [image: image], and equations (5-14) and (5-15) are used directly.

For compression elements in members subject to flexure, the limiting width-to-thickness ratios for compact, noncompact, and slender sections are given in Table 6-2 or AISCM Table B4.1b (see Chapter 6). Flexural members with compression elements having width-to-thickness ratios less than or equal to λp, from Table 6-2 or AISCM Table B4.1b, are classified as compact sections—these sections can fully develop their plastic moment capacity, Mp. Flexural members with compression elements that have width-to-thickness ratios greater than λp but less than r, from Table 6-2 or AISCM Table B4.1b, are classified as noncompact sections. These sections are only able to develop partial yielding in the compression elements before buckling occurs. Flexural members with any compression elements that have width-to-thickness ratios greater than λr are classified as slender-element sections—these elements will buckle elastically before reaching their yield stress. Note that flange local buckling and/or web local buckling reductions have to be considered in the design of noncompact and slender-element sections for bending in accordance with AISCM Chapter F.

The effect of local buckling in the compression zone on the flexural or moment capacity of steel sections will be covered in Chapter 6 [1].


TABLE 5-1 Limiting Width-to-Thickness Ratios for Compression Elements Subject to Axial Compression*

[image: image]

[image: image]



* Adapted from AISCM Table B4.1a [1]. Copyright © American Institute of Steel Construction. Reprinted with permission, All rights reserved.

In Table 5-1, [image: image] is the actual width-to-thickness ratio of the element. For wide flange sections, [image: image] for the flange and web, respectively, are calculated as follows:

Flange:

[image: image]

Web:

[image: image]

where,

[image: image] = width of the flange

[image: image] = thickness of the flange

[image: image] = web thickness

[image: image] = overall depth of the wide flange section

[image: image] = tabulated decimal value of the distance from the outer face of the flange to the point where the fillet intersects the web.

The above geometric dimensions for standard steel sections are tabulated in part 1 of the AISCM. Recall that the decimal values of the tabulated dimensions of steel sections from part 1 of the AISCM are to be used in design calculations, while the fractional values are to be used for detailing purposes only [1]. For square hollow structural sections (HSS), the width or depth that should be used to calculate the width-to-thickness ratio is the “flat” dimension, which is the clear distance between webs minus the fillets on both sides. For square HSS with outside dimension, b × b, and rectangular HSS with outside dimensions, b × h, and wall thickness, t, the width-to-thickness ratio for each element, [image: image], is calculated according to Section B4.1b(d) of the AISC Specification as follows:

For square HSS: [image: image]   (5-16)

For rectangular HSS:

Short leg:   [image: image]   (5-17a)

Long leg:   [image: image]   (5-17b)

For compression members with slender elements (which are therefore susceptible to local buckling), the effect of the slender elements is to reduce the effective cross-sectional area that is available to the resist axial compression loads. The nominal axial compression strength, [image: image], determined in accordance with AISC Specification Section E7, is the product of the critical buckling stress, Fcr, and the reduced effective area, [image: image], where the effective area is the gross cross-sectional area of the column less the sum of the reduction in area of the slender elements. The axial compressive strength for columns with slender elements according to Section E7 of the AISC Specification is calculated as follows:

[image: image]   (5-18)

Where,

Fcr is the critical buckling stress due to the flexural buckling, torsional buckling, and ­flexural-torsional buckling limit states, which ever produces the lowest stress.

The summation of the effective areas of all the component elements of the cross-section is given as

[image: image] = [image: image] (5-18b)

For round HSS, refer to AISC Specification Section E7.2 for the expression for the effective area, [image: image]. The term [image: image] in equation (5-18b) represents the loss in cross-sectional area due to local buckling, and the parameters in this equation are defined as follows:

n = number of slender elements

Ag = gross cross-sectional area of the column

ti = thickness of slender element, i

bi = width of slender element, i (use d for WT webs and h for webs of wide flanges; for HSS sections, use b – 3t for the short legs and h – 3t for the long legs in accordance with AISC Specification Section B4.1b(d))

be,i= effective width of the slender element and is calculated as follows:

When   [image: image]   (5-19a)

When   [image: image]   (5-19b)

[image: image] = effective width imperfection adjustment factor obtained from Table 5-2 (AISC Specification Table E7.1)

[image: image] (see Table 5-2)

The elastic local buckling stress is

[image: image]   (5-20)

[image: image] = width-to-thickness ratio for the element (see Table 5-1 or AISC Specification Tables B4.1a)

[image: image] = limiting width-to-thickness ratio for the element (see Table 5-1 or AISC Specification Table B4.1a)


Table 5-2 Effective Width Imperfection Adjustment Factors, c1 and c2*

[image: image]



*Adopted from AISCM Table E7.1 [1]. Copyright © American Institute of Steel Construction. Reprinted with permission, All rights reserved.

Most wide flange shapes that are listed in the AISCM do not have slender elements; therefore, there is no reduction in the gross area for most standard wide-flange column sections. There are, in fact, very few sections listed in the AISCM that have slender elements and these are usually indicated by a footnote. However, some HSS (round, square and rectangular), ­double-angle shapes, and WT-shapes consist of slender elements.



5-5ANALYSIS PROCEDURES FOR COMPRESSION MEMBERS


It is sometimes necessary to determine the axial compression strength of an existing structural steel member for which the size and other design parameters are known; this process is called “analysis”, which is in contrast to “design”, where the size of the member is unknown and has to be determined. For the analysis of compression members using the LRFD method, the design axial compression strength, [image: image], is determined and then compared to the factored total axial load or factored axial load demand, [image: image].

In the ASD method, the nominal axial compression strength, [image: image], is determined and the allowable axial load, [image: image], is calculated as [image: image], where [image: image] is the factor of safety for the limit states of flexural buckling, torsional buckling and flexural torsional buckling, and is equal to 1.67 [1]. This allowable load is then compared to the unfactored or service total axial load, [image: image]. The goal in the LRFD method is to ensure that [image: image], while the goal in the ASD method is to ensure that [image: image].

There are several methods available for the analysis of compression members and these are discussed here. These methods are used to obtain the nominal axial compressive strength, [image: image], from which the design axial strength, [image: image], for the LRFD method, or the allowable load for the ASD method, [image: image], can be determined. The first step is to determine the effective length, [image: image], and the slenderness ratio, KL/r or [image: image], for both orthogonal axes of the column (For single angles, there are three axes to consider). For many shapes and column configurations, both the effective length, [image: image] , and the radius of gyration, r, are different for each orthogonal axis of the column (see Figure 5-9).

Method 1: Using slenderness ratios and the AISC equations

Use equations (5-12) through (5-15), using the larger of [image: image] and [image: image].


[image: image]

FIGURE 5-9Effective length and slenderness ratio



Method 2: Using slenderness ratios and AISC Available Critical Stress Tables (AISCM, Table 4-14)

This table gives the critical buckling stress, ϕcFcr (for LRFD) and [image: image] (for ASD) as a function of [image: image] for different values of Fy (35 ksi, 36 ksi, 46 ksi 50 ksi, 65 ksi, and 70 ksi).

For a given [image: image], determine ϕcFcr (for LRFD) and [image: image] (for ASD) from the table using the larger of [image: image] and [image: image].

(e.g., when [image: image] and Fy = 36 ksi, AISCM Table 4-14 gives ϕcFcr= 19.7 ksi and [image: image] = 13.1 ksi).

Knowing the critical buckling stress, the axial design capacity for the LRFD method can be calculated from the equation

[image: image]

where Ag is the gross cross-sectional area of the compression member.

If the ASD method is used, the corresponding allowable load is [image: image]

Method 3: AISCM Available Strength in Axial Compression Tables (AISCM Tables 4-1 through 4-12) – also known as the column load capacity tables.

These column load capacity tables give the design strength, ϕcPn (for the LRFD method) and the allowable load, [image: image] (for the ASD method) for selected shapes at various effective lengths, [image: image], and for selected values of the yield strength, Fy. Enter the appropriate “Available Strength in Axial Compression” table (i.e., the column load capacity table) with the value of [image: image], using the larger of

[image: image] and KyLy (i.e., the larger of [image: image] )

Notes:


	Ensure that the slenderness ratio for the member is not greater than 200, that is,
[image: image]

	Check that local buckling will not occur, and if local buckling limits are not satisfied, calculate the reduced axial strength using equations (5-18) through (5-20).

	Use the column load capacity tables (i.e., the “Available Axial Compression Strength” tables) whenever possible. Note that only a few selected sections are listed in these tables; however, the listed sections are typically the most commonly used column ­sections for conventional building construction.

	Equations (5-9) and (5-12) through (5-15) can be used in all cases for column shapes that have no slender elements.



EXAMPLE 5-2

Column Analysis Using the AISC Equations

a.Using the LRFD method, calculate the design compressive strength of a W12 × 65 ­column, 20 ft. long, and pinned at both ends. Use ASTM A992 Grade 50 steel.

b.Using the ASD method, determine the allowable unfactored axial compression load on the column.

Solution


[image: image]

[image: image]

[image: image]

For W12 × 65, [image: image] (see part 1 of the AISCM)

Compute the slenderness ratio about the x-x and y-y axes and use the larger of the two ­values

(i.e., the larger of [image: image] ). Alternatively, since Lx = Ly and therefore KLx = KLy, the

smaller radius of gyration will control.

For W12 × 65 from AISCM, part 1, the radius of gyration about both orthogonal axes are as follows:

[image: image]

[image: image]

[image: image]

[image: image]

The larger [image: image] value governs.

Check the slenderness criteria for compression elements:

For W12×65,

[image: image]

[image: image]

[image: image]

[image: image]

(Note: kdes decimal values presented in part 1 of the AISCM are used for design, and the larger kdet fractional values are used for detailing. The difference in these values is due to the variation in the fabrication and rolling processes.)

The width-to-thickness ratios for component elements of the column (i.e., the flange and the web) are computed and compared to the limits from Table 5-1:

[image: image]

[image: image]

Therefore, the component elements are non-slender.

Determine the flexural buckling stress, Fcr:

The maximum slenderness ratio for inelastic buckling is

[image: image]

Since [image: image], this indicates that the failure mode is by inelastic flexural buckling, therefore, use equation (5-14) to determine Fcr. From equation (5-9), the Euler critical buckling stress is

[image: image]

From equation (5-14), the flexural buckling stress is

[image: image]



LRFD method:

The nominal axial compressive strength of the column is determined from equation (5-11):


[image: image]

The design compressive strength of the column is determined:

[image: image]

From AISCM Table 4-14, the critical compression stress, ϕFcr, could be obtained directly by entering the table with [image: image] and Fy = 50 ksi. A value of ϕcFcr = 28.4 ksi is obtained, which confirms the design axial compression strength as
[image: image].

Alternatively, the design axial compression strength could be obtained directly from Table 4-1 of the AISCM (i.e., the column load capacity tables). Enter the table with Lcy = KLy = 20 ft. and obtain [image: image].

The design compressive strength is compared to the factored axial load, [image: image]. The column is structurally adequate if the Capacity ≥ the Demand (i.e., if [image: image]



ASD method:


Pn = 601.6 kips (calculated previously)

The allowable axial load is determined from equation (5-13) as [image: image]

The allowable axial load, Pa, is compared to the maximum applied total unfactored load, Ps, on the column. The column is structurally adequate if [image: image]



EXAMPLE 5-3

Analysis of Columns Using the AISCM Tables

a.Using the LRFD method, determine the design compressive strength for a pin-ended HSS 8 × 8 × 3/8 column of ASTM A500, grade C steel with an unbraced length of 35 ft.

b.Using the ASD method, determine the allowable axial load on the column.

Solution

[image: image]

[image: image]

[image: image]

For HSS 8 × 8 × 3/8 from part 1 of the AISCM, we find the cross-sectional properties as follows:

[image: image]

LRFD method:

From AISCM Table 4-14, the critical compression stress for LRFD, ϕcFcr, is obtained directly by entering the table with [image: image] and Fy = 50 ksi. A value of ϕcFcr = 12.3 ksi is obtained; therefore, the design axial compressive strength is

[image: image]

Alternatively, the design strength could be obtained directly from the AISCM column load capacity tables (Table 4-4), but these are only listed for Fy = 50 ksi. Enter the table with KL = 35 ft. and interpolate to obtain ϕcPn = 128 kips for Fy = 50 ksi. Note that equations (5-12) through (5-15) could be used to find the axial compression capacity for any Fy.

Alternate Check Using Equations (5-12) through (5-15):

Check the slenderness criteria for compression elements:


[image: image] OK.

[image: image]

Therefore, there are no slender elements in this column section.

Determine the flexural buckling stress, Fcr:

The maximum slenderness ratio for inelastic buckling is

[image: image]

Since [image: image], this indicates that the failure mode is by elastic buckling, therefore, use equation (5-15) to determine Fcr:

The Euler critical buckling stress is

[image: image]

The flexural buckling stress from equation (5-15) is

[image: image]

The nominal axial compressive strength is

[image: image]

The design axial compressive strength of the column is then determined for the LRFD method using equation (5-12):

[image: image]



ASD method:


Entering AISCM Table 4-14 with [image: image] and Fy = 50 ksi, we obtain [image: image]

The allowable axial load on the column is [image: image]

Equations (5-12) through (5-15) could also be used to compute the nominal axial compressive strength, Pn, which was obtained previously for the LRFD method as 142.5 kips. Therefore, using equation (5-13), the allowable axial load for ASD is obtained as:

[image: image]

Where, [image: image] = factor of safety for compression = 1.67



EXAMPLE 5-4

Analysis of HSS Column with Slender Elements

Calculate the design axial compressive strength, [image: image], of an HSS 12 × 8 × 3/16 column, 28 ft. long, and pinned at both ends. Use ASTM A500 Grade C steel. Also, using the ASD method, calculate the allowable axial compression load, Pa.

Solution

The unbraced lengths are


[image: image]

The effective length factor is [image: image]

[image: image]

For HSS 12 × 8 × 3/16, the section properties from Part 1 of the AISCM are

[image: image]

Compute the slenderness ratio about the x-x and y-y axes and use the larger of the two values (i.e., the larger of [image: image] ).

Since the unbraced length is the same about both axes (i.e., Lx = Ly), therefore, the smaller radius of gyration will control.

[image: image]

Check the slenderness criteria for compression elements (i.e., check for local buckling):

The limiting width to thickness ratios from Table 5-1 are as follows:

[image: image]

[image: image]

The actual width-to-thickness ratios, [image: image], for both short and long legs are greater than the limiting width-to-thickness ratio, [image: image], therefore both the short and long legs of this HSS column are slender and therefore susceptible to local buckling. Hence, the local buckling failure mode must therefore be checked.

Determine the flexural buckling stress, Fcr:

The maximum slenderness ratio for inelastic buckling is

[image: image]

Since [image: image], this implies that the failure mode is by inelastic flexural buckling; therefore, use equation (5-14) to determine Fcr.

The Euler critical buckling stress is

[image: image]

The flexural buckling stress is

[image: image]

Calculate the reduction in effective area due to local buckling:

From Table 5-2 (see also AISC Specification Table E7.1), the effective width imperfection adjustment factors for walls of HSS sections are obtained as

[image: image]



Short legs:


The elastic local buckling stress for the short legs is

[image: image]

The reduction in effective area for the short legs of the HSS = (2 short legs)(b – be)(t)

= (2)(7.48 – 7.48)(0.174) = 0



Long legs:

The elastic local buckling stress for the long legs is


[image: image]

[image: image]

The reduction in effective area for the long legs of the HSS = (2 long legs)(b – be)(t)

= (2)(11.48 – 9.3) (0.174)
= 0.76 in.2

The effective area, Ae = Ag – reduction in effective area for the short legs – reduction in effective area for the long legs

Therefore, Ae = 6.76 in.2 – 0.0 in.2 – 0.76 in.2 = 6.0 in.2

The nominal axial load capacity of the column, [image: image]



LRFD method:

The design axial compression load capacity for the LRFD method is

[image: image].

Compare the value obtained above to the value of [image: image] from the column load tables, AISCM Table 4-3, we find the results to be essentially the same.

ASD method:

The allowable axial compression load for the ASD method is [image: image]

Compare to the value of Pa = 86.1 kips obtained from AISCM Table 4-3, and the results are found to be essentially the same.



5-6DESIGN PROCEDURES FOR COMPRESSION MEMBERS


The design procedures for compression members are presented in this section, starting with the design procedure for sections that are not listed in the AISCM column design tables.

1.For Members Not Listed in the AISCM Column Tables:

a.For the LRFD method, calculate the factored axial compression load or the required axial strength, Pu, on the column, and assume a value for the critical buckling stress, [image: image], that is less than the yield stress, Fy. For the ASD method, calculate the maximum applied unfactored load, Ps, on the ­column, and assume a value for the allowable buckling stress, [image: image] that is less than the allowable stress, [image: image]

b.For LRFD method, determine the required gross area, Ag required, which should be greater than or equal to [image: image].
For ASD method, determine the required gross area, Ag required, which should be greater than or equal to [image: image].

c.Select a section from part 1 of the AISCM that has Ag > Ag required.

•Check that Lc/r = KL/r ≤ 200 for each axis of the compression member.

d.For the section selected in step 1c, compute the actual critical buckling stress, [image: image], for the LRFD method using either AISCM Table 4-14, or equation (5-14) or (5-15).

For the section selected in step 1c, compute the allowable critical buckling stress, [image: image], for the ASD method using either AISCM Table 4-14, or equation (5-14) or (5-15).

e.For the LRFD method, compute the design strength, [image: image] = [image: image], for the selected shape from step 1c:

•If [image: image] Pu, the section selected is adequate; go to step 1g.

•If [image: image] < Pu, the column is inadequate; go to step 1f.

For the ASD method, the allowable design strength, [image: image]

•If Pa ≥ Ps, the section selected is adequate; go to step 1g.

•If Pa ≤ Ps, the column is inadequate; go to step 1f.

f.For the LRFD method, use the value of [image: image], obtained in step “d,” to repeat steps (a) through (e) until [image: image] is just greater than or equal to the factored load, Pu.

For the ASD method, use the value of [image: image] obtained in step 1d to repeat steps 1a through 1e until [image: image] is just greater than or equal to the total unfactored load, Ps, on the column.

g.Check local buckling (see Table 5-1).

2.For Members Listed in the AISCM Column Design Tables:

The design of columns using the AISCM column load capacity tables is as follows:

a.For the LRFD method, calculate the factored axial load on the column, Pu.
For the ASD method, calculate the total unfactored axial load, Ps, on the column.

b.Obtain the recommended effective length factor, K, from Figure 5-4 and calculate the effective length, Lc = KL, for buckling about each axis.

c.Enter the column load capacity tables (i.e., AISCM, Tables 4-1 through 4-12) with Lc = KL which is the larger of [image: image] and KyLy, and find the lightest column section that has a design strength, [image: image] the factored load, Pu for the LRFD method, or that has an allowable load, [image: image] for the ASD method.

In practice, many designers use the column load capacity tables (i.e., AISCM Tables 4-1 through 4-12), whenever possible because they are the easiest design tool to use for the analysis and design of steel columns. Note that these column load capacity tables are derived from equations (5-9) and (5-12) through (5-15).

EXAMPLE 5-5

Design of Axially Loaded Columns Using the AISCM Tables

Using both the LRFD and ASD methods, select a W14 column of ASTM A992, Grade 50 steel, 14 ft. long, pinned at both ends, and subjected to the following service loads:

[image: image]

Solution


	A992, Grade 50 steel: Fy = 50 ksi

	Pinned at both ends, K = 1.0

	L = 14 ft.; Lc = KL = (1.0)(14) = 14 ft.



LRFD method:

The factored load, [image: image]

From the column load capacity tables in part 4 of the AISCM, find the W14 tables for Fy = 50 ksi (i.e., AISCM Table 4-1a).

Enter these tables with Lc = KL = 14 ft. and find the lightest W14 that has a design compression strength, [image: image] ≥ Pu.

We obtain a W14 × 82 with an axial compression strength, [image: image].

(Note: [image: image] = 701 kips for W14 × 74, so the W14 × 74 column size is not adequate.)

ASD method:

The total service load, Ps = PD + PL = 160 kips + 330 kips = 490 kips

Enter the column load tables (i.e., AISCM Table 4-1a) with Lc = KL = 14 ft., and find the lightest W14 that has the allowable compression load, [image: image] .

We obtain W14 × 82 at Lc = 14 ft, [image: image] = 514 kips > Ps = 490 kips. OK.

EXAMPLE 5-6

Column Design Using Sections Listed in the AISCM Column Design Tables (LRFD method)

Using the AISCM column design tables, select the lightest column for a factored compression load, Pu = 194 kips, and a column length, L = 24 ft. Use ASTM A572, grade 50 steel and assume that the column is pinned at both ends.

Solution

K = 1.0

Lc = KL = (1.0)(24 ft.) = 24 ft.

For Lc = KL = 24 ft., we obtain the following axial compression strengths, [image: image], from the column load capacity tables (AISCM, Table 4-1):


	
	Selected Size
	 ϕc Pn, kips

	W8
	W8 × 58
	205

	W10
	W10 × 49
	254

	W12
	W12 × 53
	261

	W14
	W14 × 61
	293



Always select the lightest column section if other considerations (such as architectural restrictions on the maximum column size and the maximum interior partition wall thickness) do not restrict the column size.

Therefore, use a W10 × 49 column.

EXAMPLE 5-7

Column Design for Sections Not Listed in the AISCM Column Design Tables (LRFD method)

Using the LRFD method, select a W18 column of ASTM A36 steel, 26 ft. long, and subjected to a factored axial load of 500 kips. Assume that the column is pinned at both ends.

Solution

Since W18 shapes are not listed in the AISCM column load capacity tables, we cannot use these tables to design this column. The procedure for members not listed in the AISCM column design tables from Section 5-6 will be followed.

[image: image]

Cycle 1:


	Assume the critical compression stress, [image: image] = 20 ksi < Fy = 36 ksi.

	[image: image]

	Select W18 section from part 1 of the AISCM with Ag 25 in.2.
Try W18 × 86 with [image: image]

[image: image]

[image: image]

[image: image]



	Enter the AISCM Table 4-14, with the KL/r value from step 3 and obtain [image: image] = 15.5 ksi.

	[image: image]
The selected column is not adequate. Therefore, proceed to cycle 2.



Cycle 2:


	Assume the critical compression stress, [image: image] = 15.5 ksi (from step 4 of the previous cycle).

	[image: image]

	Try W18 × 119 with [image: image]
[image: image]

[image: image]

[image: image]


	Enter the AISCM Table 4-14 with KL/r = 116 and obtain [image: image] = 16.0 ksi.

	The compression design strength is
[image: image]
Therefore, the W18 × 119 column is adequate.

	Check the slenderness criteria for the component elements of the section (i.e., the flanges and the web) to determine if they are slender or not (see Table 5-1):
[image: image]
[image: image]
[image: image]
[image: image]
[image: image]
[image: image]



This implies that the elements that make up the W18 × 119 column section are not slender; therefore, the design strength calculated previously does not have to be reduced for local buckling effects.

EXAMPLE 5-8

Analysis of Columns with Unequal Unbraced Lengths Using the AISCM Column Design Tables

Using the LRFD and ASD methods, determine the design axial compressive strength and the allowable compression load of the following column with unequal unbraced lengths:


	W14 × 82 column

	ASTM A992, grade 50 steel

	Unbraced length for strong (x–x) axis bending = 25 ft.

	Unbraced length for weak (y–y) axis bending = 12.5 ft.



Solution

Lcx = KxLx = (1.0)(25) = 25 ft.

Lcy = KyLy = (1.0)(12.5) = 12.5 ft.

From part 1 of the AISCM, we find the following properties for W14 × 82:

[image: image]

LRFD method:


	Using AISCM Table 4-14,
Calculate the slenderness ratios
[image: image]
[image: image]
Entering AISCM Table 4-14, with [image: image] = 60.5 and Fy = 50 ksi, we obtain the ­critical buckling stress, [image: image] = 34.45 ksi.
Column design strength, [image: image] = (34.45)(24.0 in.2) = 827 kip

	Using the column load capacity tables (AISCM Table 4-1a),
Calculate the effective lengths,
[image: image]
(Note: rx/ry is also listed at the bottom of the column load tables.)
[image: image]



Entering the column load capacity table for W14 × 82 (Fy = 50 ksi) in part 4 of the AISCM with an unbraced length, Lc = KL = 12.5 ft., we obtain


	Lc = KL (ft.)
	 ϕcPn, kips

	12.0
	844

	12.5
	827

	13.0
	809



The compression design strength, [image: image], is 827 kips. Note that the column load capacity tables also indicate whether or not the compression member has components that are slender in accordance to Table 5-1. For members with slender components, the column load tables already account for this local buckling effect in the tabulated design strength.

ASD method:


	AISCM Table 4-14 for the ASD Method
Entering AISCM Table 4-14, with an unbraced length, Lc = KL/r = 60.5 and
Fy = 50 ksi, we obtain the allowable buckling stress, [image: image]
Allowable column load, [image: image]

	Column load capacity tables for the ASD method (AISCM Table 4-1a):
Calculate the effective lengths,
[image: image]
(Note: rx/ry is also listed at the bottom of the column load tables.)
[image: image]



Enter the column load capacity table for W14 × 82 (Fy = 50 ksi) in part 4 of the AISCM with Lc = KL = 12.5 ft., we obtain the following allowable compression loads for the unbraced lengths of 12 ft and 13 ft, from which the allowable compression load for the unbraced length of 12.5 ft can be obtained by linear interpolation.


	Lc = KL (ft.)
	 [image: image] kips

	12.0
	562

	12.5
	550

	13.0
	538



The allowable compression load, [image: image], is 550 kips.

EXAMPLE 5-9

Design of Columns with Unequal Unbraced Lengths Using the AISCM Column Design Tables (LRFD method)

Select an ASTM A992, Grade 50 steel column to resist a factored compression load, Pu = 780 kips. The unbraced lengths are Lx = 25 ft. and Ly = 12.5 ft. and the column is pinned at each end.

Solution


	Pu = 780 kip

	Lcx = Kx Lx = (1.0)(25 ft.) = 25 ft. (strong axis)
Lcy = Ky Ly = (1.0)(12.5 ft.) = 12.5 ft. (weak axis)

	Initially, assume that the weak axis governs, that is, Lc = KL = KyLy. Enter the column load capacity table (AISCM Table 4-1) with Lc = KL = KyLy = 12.5 ft.
[image: image]
* Try this section because it is the lightest.

	For W12 × 79, the radius of gyration about the x- and y-axes are
  [image: image]
  [image: image]
 [image: image] (from AISCM Table 4-1);
thus, the effective length for buckling about the x- and y-axes, respectively, are
[image: image]
[image: image] ft.
Therefore, the original assumption in step 3—that the weak axis (i.e., y-axis) controls—was incorrect; the strong axis (i.e., the x-axis) actually controls.

	Enter the W12 × 79 column load capacity tables (AISCM Table 4-1a) with [image: image] and we obtain the following allowable compression loads for the unbraced lengths of 14 ft and 15 ft, from which the allowable compression load for the unbraced length of 14.3 ft. can be obtained by linear interpolation:




	Lc = KL (ft.)
	ϕcPn, (kips)

	14.0
	836

	14.3
	827

	15.0
	809



For W12 × 79, [image: image] = 827 kips > Pu = 780 kips OK.

Use a W12 × 79 column.

Note: The same result can be obtained using the AISC equations (i.e., equations (5-9), and (5-12) through (5-15)) by using the larger of the two slenderness ratios: [image: image] and [image: image].



5-7ALIGNMENT CHARTS OR NOMOGRAPHS


As already discussed in this chapter, the alignment charts, or nomographs (see Figures 5-10 and 5-11 or see AISCM Figure C-A-7.2), is an alternate method to Figure 5-4 that can be used to determine the effective length factor, K, for columns. These nomographs account for the moment or rotational restraints provided at the ends of the column by the beams or girders framing into the columns. They provide more accurate K values, but require knowledge of the sizes of the beams, girders, and columns, and are more cumbersome to use. Two charts are presented in the AISCM: sidesway inhibited (i.e., buildings with braced frames or shear walls), reproduced in Figure 5-10, and sidesway uninhibited (i.e., buildings with moment frames), reproduced in Figure 5-11. The following assumptions have been used in deriving these alignment charts, or nomographs [1]:


	The behavior of the frame is purely elastic; that is, elastic buckling of the columns is assumed.

	All members have prismatic or constant cross section.

	All the beam-to-column or girder-to-column joints are “rigid” or fully restrained (FR) moment connections.

	For columns in buildings with braced frames or shear walls as the lateral force resisting system (i.e., sidesway inhibited frames), but which have “rigid” beam-to-column and girder-to-column connections, the rotations at opposite ends of the restrained beams or girders are equal in magnitude and opposite in direction, resulting in single-curvature bending in the beams and girders.

	For columns in buildings with moment resisting frames as the lateral force resisting system (i.e., sidesway uninhibited frames), the rotations at opposite ends of the restraining beams or girders are equal in magnitude and direction, resulting in double-curvature bending in the beams and girders.

[image: image]

FIGURE 5-10Alignment chart: sidesway inhibited (braced frames)




[image: image]

FIGURE 5-11Alignment chart: sidesway uninhibited (moment frames)




	The stiffness parameter, [image: image], of all columns are equal, where L is the unbraced length of the column.

	The distribution of the joint restraint is proportional to the EI/L of the column ­segments above and below the joint.

	All columns in the structure buckle at the same time.

	There are no significant axial compression force in the beams or girders.

	The shear deformations in the frame members are negligible.



It should be noted that for many real-world structures, it would be near impossible to meet all of the requirements presented above for the use of the alignment charts. For example, the requirement that all columns in the structure buckle simultaneously will be difficult to satisfy, since some columns will have lower axial compression loads than others and therefore will not buckle at the same time as the more heavily loaded columns. Also, most of the columns will buckle inelastically and there will be axial loads in the beams and girders. As will be discussed in Chapter 8, the use of the Direct Analysis Method for stability analysis and design of columns is strongly encouraged because it obviates the need to calculate the effective length (or K) factors.

To use the alignment charts, the relative stiffness, G, of the columns, compared to the ­girders (or beams) meeting at the joint at both ends of each column, are calculated using ­equation (5-21):

[image: image]

[image: image]   (5-21)

where



	Ec, Eg =
	Modulus of elasticity of the columns and girders, respectively;



	Ic =
	Moment of inertia of column in the plane of bending of the moment frame;



	Ig =
	Moment of inertia of the girders in the plane of bending of the column;



	Lc, Lg =
	Unsupported or unbraced length of the columns and girders, respectively;



	[image: image] =
	stiffness reduction factor to account for inelasticity in the columns;




[image: image] = [image: image]  for LRFD

= 1.0 if [image: image]

[image: image] = [image: image]  for ASD

= 1.0 if [image: image]

In lieu of using the above equations, the values of [image: image] are also tabulated in AISCM Table 4-13 for various values of Fy and Pu/Ag for the LRFD method, (Ps/Ag values for the ASD method).



	[image: image] =
	1.0 if all the ten assumptions previously discussed are satisfied



	Pns =
	cross-section compressive strength = FyAg for non-slender element sections



	 
	= FyAe for slender element sections



	Ag =
	gross cross-sectional area of the structural member



	Ae =
	effective area, defined in Section 5-4 of the text (see Section E7 of the AISC Specification)



	Pu =
	total factored compression load on the column using the LRFD load combinations (see Section 2-3)



	Ps =
	total service or unfactored compression load on the column using the ASD load combinations (see Section 2-3)



	[image: image] =
	Girder stiffness modification factor to account for girder far end conditions that are not fully restrained moment connections (see Table 5-3 or Appendix 7 of the AISC Specification)



	  =
	1.0 if both ends of the girder are fully restrained moment connections.





TABLE 5-3 Girder Stiffness Modification Factors, τg

[image: image]



Source: Adapted from Appendix 7 of Ref. [1]. Copyright American Institute of Steel Construction. Reprinted with permission, All rights reserved.

For steel structures, the modulus of elasticity of the column, Ec, is the same value as the modulus of elasticity of the girder or beam, Eg; thus, Ec and Eg will cancel out in equation (5-21). In real-life structures, the assumptions listed previously are usually approximately satisfied. Where assumption No. 1 is not satisfied—implying inelastic behavior in the column, the column elastic modulus of elasticity, Ec, in equation (5-21) needs to be replaced by the lower tangent modulus of elasticity, Et. Thus, the column elastic stiffness in equation (5-21) will be reduced by the ratio Et/Ec or the column stiffness reduction factor, which is denoted as [image: image].

In the calculation of the relative stiffness, G, fully restrained (FR) moment connections are assumed at the girder-to-column connections at both ends of the girders. For other situations (i.e.,, where assumptions 4 and 5 discussed earlier are not satisfied), the stiffness of the beams or girders are modified by the adjustment factors given in Table 5-3 for the various far-end support conditions of the girders. Note that when the near end of a girder is pinned (i.e., simple shear connection), the girder or beam stiffness reduction factor is zero. The use of these modification factors yields conservative values of the effective length factor, K.

Although the theoretical G value for a column with a pinned base (e.g., column supported on spread footing) is infinity, a practical value of 10 is recommended in the AISCM because there is no perfect pinned support condition. Similarly, the G value for a column with a fixed base is theoretically zero, but a value of 1.0 is recommended for practical purposes.

The alignment charts assume fully restrained (FR) moment connections at the girder-to-­column connections (i.e., rigid joints) and, as such, they are mostly useful for columns in unbraced frames or moment frames (see Figure 5-11 or AISCM, Figure C-A-7.2). The girder-to-column connections in braced frames are usually simple shear connections with no moment restraints; therefore, for a braced frame with pinned column bases, the G factor will be 10 for both the top and the bottom ends of a typical column in the frame. Using these G factors in the sway-inhibited alignment chart (Figure 5-10 or AISCM, Figure C-A-7.1) yields an effective length factor, K, of 0.96. This value is not much different from the effective length factor of 1.0 that is obtained for a similar pin-ended column using Figure 5-4. It should be noted that the effective length factor, K, of 1.0 is the recommended practical value for columns in building structures that are supported at both ends. Consequently, the alignment charts in this text will be used only for unbraced frames or moment frames (i.e., sidesway uninhibited).

The procedure for using the alignment charts to determine the effective length factor, K, for a column is as follows:


	Calculate the factored axial load, Pu, or the total service load, Ps, on the column. It is assumed that at this stage that the girder and beam sizes, and the preliminary column sizes, have already been determined.

	Calculate the stiffness of the girders and columns and where necessary, modify the girder stiffness using the adjustment factors, [image: image], in Table 5-3 based on the support conditions at the far ends of the girders.
Note: Where a girder is pinned at the joint under consideration (i.e., connected to the column with a simple shear connection at the near joint), that girder stiffness (i.e., EI/L of the girder) will be taken as zero in calculating the relative stiffness factor, G, at that joint.

	Where necessary, modify the column stiffness by the inelasticity reduction factor, [image: image], using the equations previously presented or using AISCM Table 4-13.

	Calculate the G factors at both ends of the column. Assume that GA is the G factor calculated at the bottom of the column and GB is the G factor calculated at the top of the column.

	For a pinned-column base, use GA = 10; for a fixed-column base, use GA = 1.0.

	Plot the GA and GB factors on the corresponding vertical axes of the applicable alignment chart. For unbraced or moment frames, use the alignment chart shown in Figure 5-11.

	Join the two plotted points (i.e., GA and GB) with a straight line, and the point at which the vertical K-axis on the alignment chart is intercepted by the straight line gives the value of the column effective length factor, K.



The alignment charts (or nomographs) yield more accurate values of the effective length factor, K, than Figure 5-4; however, they can only be used if the preliminary sizes of the beams, girders, and columns are known, unlike Figure 5-4 where the effective length factors are independent of the member sizes. The recommended design values for the effective length factor, K, from Figure 5-4 can be used for preliminary, as well as final, design.

EXAMPLE 5-10

Effective Length Factor of Columns Using Alignment Charts (LRFD method)

For the two-story moment frame shown in Figure 5-12, the preliminary column and girder sizes have been determined as shown. Assume in-plane bending about the strong axes for the columns and girders, and assume the columns are supported by spread footings. The factored axial loads on columns BF and FJ are 590 kip and 140 kip, respectively, and Fy = 50 ksi. Assume the girder stiffness reduction factor, [image: image] = 1.0.


	Determine the effective length factor, K, for columns BF and FJ using the alignment charts, assuming elastic behavior in the column (i.e., the column stiffness reduction ­factor, [image: image].).

	Determine the effective length factor, K, for columns BF and FJ using the alignment charts, assuming inelastic behavior in the column.




[image: image]

FIGURE 5-12Moment frame for Example 5-10



Solution

Since this is a moment frame, this implies that the sidesway is uninhibited. Therefore, the sidesway-uninhibited alignment chart in Figure 5-11 will be used.

The moments of inertia for the given column and girder sections are tabulated as follows:

[image: image]

1. Elastic behavior in the column

For elastic behavior in the column, [image: image] ;

[image: image] (given)

Column BF:

Joint B: The bottom of column BF is supported by a spread footing that provides little or no moment restraint to the column; therefore, it is assumed to be pinned. Thus,

GA = 10 (This is the practical value recommended in the AISCM as discussed previously.)

Joint F:

The members framing into joint F: Girders FE and FG, and Columns FB and FJ

[image: image]

[image: image]

Entering the alignment chart for unbraced frames (see Figure 5-13a) with a GA of 10 at the bottom of column BF and a GB of 1.14 at the top of the column, and joining these two points with a straight line, yields a K value of 1.93, as shown in Figure 5-13a.


[image: image]

FIGURE 5-13aAlignment chart for Example 5-10



Column FJ:

[image: image]

Joint F:

The members framing into joint F: Girders FE and FG, and Columns FB and FJ

[image: image]

Joint J:

The members framing into joint J: Girders JI and JK, and Column JF

[image: image]

Enter the alignment chart for moment frames (see Figure 5-13a) with GA of 1.14 at the ­bottom of column FJ (i.e., at the second floor level) and GB of 0.43 at the top of the column (i.e., at the roof level), and joining these two points on the Alignment Charts with a straight line, yields a K value of 1.25, as shown in Figure 5-13a. Note that because of the symmetry of the alignment charts, GA could be on the left vertical axis while GB could be on the right vertical axis, or vice versa. Thus, the same value of K of 1.25 is obtained with a GA of 0.43 and a GB of 1.14.

2. Inelastic behavior in the column

[image: image]

* From AISCM Table 4-13 for LRFD and Fy = 50 ksi

Column BF:

Joint B: The bottom of column BF is supported by a spread footing; therefore, it is assumed to be pinned. Thus,

GA = 10 (This is the practical value recommended in the AISCM as discussed earlier.)

Joint F:

[image: image] for Column BF or FB

[image: image] for Column FJ

[image: image]

[image: image]

Entering the alignment chart (see Figure 5-13b) for unbraced frames with a GA of 10 at the bottom of column BF and a GB of 1.13 at the top of the column, and joining these two points with a straight line, yields a K-value of 1.91, as shown in Figure 5-13b. Note that the difference between the effective length factor calculated assuming column inelasticity and that obtained previously in Part (1) of this example is negligible for this low-rise building example. Thus, the effect of inelasticity is negligible for this example. It is common in design practice to conservatively assume elastic behavior for columns in low-rise buildings.


[image: image]

FIGURE 5-13bAlignment chart for Example 5-10



Column FJ:

Column FJ is unchanged from the solution in part 1 because the stiffness reduction factor for this column is 1.0; therefore, the effective length factor will be as calculated in part 1.



5-8TORSIONAL AND FLEXURAL-TORSIONAL BUCKLING OF COMPRESSION MEMBERS


As already discussed earlier in this chapter, when a structural member (e.g., a doubly symmetric I-shape) is subjected to bending about its stronger axis, the longitudinal compression stresses induced in the compression zone of the structural member results in an out of plane bending of the member about its weaker axis causing flexural buckling. Flexural buckling is dependent on how well the structural member is laterally braced against bending about its weaker axis. Torsional buckling, on the other hand, results from the twisting or the torsional rotation of a structural member under load about its longitudinal axis. Flexural-torsional buckling involves both torsional buckling (twisting of the member) and flexural buckling (bending of the member about its weaker axis), resulting in an out-of-plane lateral displacement of the member. When a structural member subjected to axial compression load buckles, it fails in one of these three modes (i.e., flexural buckling, torsional buckling, or flexural-torsional buckling). The failure mode that results in the lowest elastic buckling stress, Fe, will control the strength of the member.

In this section, we will cover the calculation of the axial compression load capacity of singly symmetric (e.g., double angles) and unsymmetric shapes (e.g., single angles) that may fail in torsional buckling or flexural-torsional buckling. In particular, this section is applicable to the following members:


	Special doubly symmetric sections such as cruciform-shaped columns or built-up columns without slender elements. Refer to Table 5-1 for the limiting width-to-thickness ratios to qualify as a nonslender element.

	Single angles with b/t > [image: image] ; in accordance with Section E5 of the AISC Specification, the axial load capacity for single angles with b/t > [image: image] is determined from Section E4 of the AISC Specification. For ASTM A36 steel, the [image: image] limit is equal to 20, and all ASTM A36 steel angles listed in the AISCM have b/t ratios no greater than 20. Note that for single angles with b/t ≤ [image: image], the flexural-torsional buckling limit state does not need to be considered and the axial compression load capacity is calculated using the provisions of Section E3 of the AISC Specification; that is, equations (5-9), (5-14) or (5-15) are used to calculate the axial compression load capacity.

	All doubly symmetric sections where the torsional unbraced length exceeds the flexural unbraced length for buckling about the minor axis of the column.



The axial load capacity for single angles, double angles, tee-shapes (WT), and built-up compression members is calculated as follows:

The nominal axial compressive strength is

[image: image]   (5-22)

For LRFD, the design axial compressive strength is

[image: image]   (5-23)

For ASD, the allowable axial compression load is

[image: image]   (5-24)

Where,

ϕc = 0.9

[image: image] = 1.67

The elastic buckling stress, Fe, for torsional and torsional-flexural buckling failure modes are obtained using equation (5-25) through equation (5-27). These equations have been derived from elastic buckling or structural stability theory [6]. Inelastic buckling behavior is taken into account by using the Fe from these equations in equation (5-14) or equation (5-15). Note that the elastic flexural buckling stress, Fe, from equation (5-9) for the flexural buckling failure mode should also be checked. The smallest of the Fe values from equations (5-25) through (5-27), and equation (5-9) will give the elastic buckling stress, Fe, that will be used in either equation (5-14) or equation (5-15).

A.Doubly symmetric members and Z-shapes twisting about the shear center (e.g., ­doubly symmetric I-shape, cruciform shape, Z-shapes):
The critical buckling stress, Fcr, for the limit states of torsional and lateral-torsional buckling is determined using equations (5-14) or (5-15), and the elastic torsional buckling stress, Fe, is calculated from equation (5-25) or AISC Specification Equation E4-2:

[image: image]   (5-25)

B.For singly symmetric members twisting about the shear center and where the y-axis is the axis of symmetry such as WT and double angle sections, use equations (5-14) or (5-15), with the elastic torsional buckling stress, Fe, calculated from equation (5-26) or AISC Specification Equation E4-3:

[image: image]   (5-26)

Note: For singly symmetric sections where the x-axis is the axis of symmetry such as channels, replace Fey in equation (5-26) with Fex.

C.For unsymmetric members twisting about its shear center (e.g., unsymmetric built-up sections, and single angles with b/t > [image: image] (i.e., b/t > 20 for ASTM A36 steel; note that there are no hot-rolled angle sections of A36 steel in the AISCM for which this condition would apply), use equations (5-14) or (5-15), with the elastic critical buckling stress, Fe, calculated as the smallest root of the following cubic equation from equation (5-27) or AISCM Equation E4-4:

[image: image]   (5-27)

Where,



	Ag =
	Gross cross-sectional area of member, in.2



	Cw =
	Warping torsional constant, in.6 (See notes below)



	G =
	Shear modulus of elasticity of steel = 11,200 ksi



	Ix, Iy =
	Moment of inertia about the x–x and y–y axes, respectively, in.4



	J =
	Torsional constant of the member, in.4 (Note: for double angles, J = 2 × J for a single angle)



	Kx =
	Effective length factor for flexural buckling about the x–x axis



	Ky =
	Effective length factor for flexural buckling about the y–y axis



	Kz =
	Effective length factor for torsional buckling about the longitudinal axis of the member



	Lx =
	unbraced length for flexural buckling about the x-axis



	Ly =
	unbraced length for flexural buckling about the y-axis



	Lz =
	unbraced length for torsional buckling about the longitudinal axis of the member



	Lcx =
	Kx Lx = effective length for flexural buckling about the x-axis



	Lcy =
	Ky Ly = effective length for flexural buckling about the y-axis



	Lcz =
	Kz Lz = effective length for torsional buckling about the longitudinal axis of the member



	[image: image] =
	Polar radius of gyration about the shear center, in.



	[image: image] =
	Radius of gyration about the x–axis, in.



	[image: image] =
	Radius of gyration about the y–axis, in.



	[image: image], [image: image] =
	Coordinates of the shear center with respect to the centroid of the section, in




[image: image]

[image: image] = a flexural constant

[image: image]

[image: image]

[image: image]

Notes:


	For tee-shapes and double angles: Omit the term with Cw in the Fez equation and assume xo = 0.

	For doubly-symmetric I-shaped sections: Cw = [image: image], where ho is the distance between the centroids of the flanges, i.e., [image: image]

	For double angles, Cw= 2 Cw of a single angle

	The warping torsional constant, Cw for shapes made of thin rectangular plate elements with centerlines that intersect at a common point (e.g., cruciform shapes), is approximately zero and may be neglected for small plate thicknesses [3]. For sections with thick plates, Cw will not be negligible and should be calculated. Built-up members shall be connected with connectors spaced at a distance, a, such that the effective slenderness ratio, Ka/ri, of each individual component shape between the connectors does not exceed 0.75 times the governing slenderness ratio (i.e., the maximum slenderness ratio) of the built-up member, where ri is the smallest or least radius of gyration of each component part.

	The shear center of a cross-section is the point through which a load can be applied to the member without causing twist in the member. The location of the shear center [image: image] for a given cross-section can be determined using the procedures described in Ref. [2]. Shear center locations for some unsymmetric and singly symmetric shapes are shown in Figure 5-14 [3, 4].




[image: image]

FIGURE 5-14Shear centers for unsymmetric and singly symmetric shapes



D.Built-up Members:

The capacity of built-up compression members comprised of two shapes (e.g., double angles) that are connected intermittently by filler plates is impacted by the spacing of the filler plates because of the slippage from interface shear that occurs between the angles. This effect is taken into account in AISCM Section E6 using the following prescribed effective slenderness ratios which are dependent on the spacing of the connectors and how they are connected to the two shapes that comprise the built-up member.

a.For intermediate connectors that are bolted snug-tight in double angle compression members, Kl/r is replaced by (KL/r)m as follows:

 [image: image]   (5-28)

b.For intermediate connectors that are welded or connected by means of pre-tensioned bolts in double angle compression members

i. When [image: image]

[image: image]   (5-29)

ii. When [image: image]

[image: image]   (5-30)

Where,

[image: image] (see AISCM Section E6.2a)

[image: image] = Modified slenderness ratio of the built-up member

[image: image] = Slenderness ratio of the built-up member acting as a unit in the buckling direction being considered



	Lc =
	KL = effective length of the built-up member



	Ki =
	0.50 for angles back-to-back



	  =
	0.75 for channels back-to-back



	  =
	0.86 for all other cases



	a =
	longitudinal spacing between connectors, in.



	ri =
	Minimum radius of gyration of the individual component that make up the built-up member



EXAMPLE 5-11

Axial Compression Load Capacity of a WT section

Determine the nominal axial load capacity, the LRFD design axial load capacity, and the ASD allowable axial load of a WT18 × 128 section that is used as the top chord of a steel transfer truss. Assume the unbraced length between panel points is 6 ft. 4 in. Use ASTM A992 Grade 50 steel.

Solution

Fy = 50 ksi

Unbraced length, Lb = 6.25 ft = 75 inches

The section properties of WT 18×128 from AISCM Part 1 are as follows:

Ag = 37.6 in.2

d = 18.7 in.

Sx = 87.4 in.3

Zx = 156 in.3

Ix = 1210 in.4

Iy = 264 in.4

J = 26.4 in.4

Cw = 205 in.6

rx = 5.66 in.

ry = 2.65 in.

y¯ = 4.92 in.

tf = 1.73 in.

[image: image]

[image: image]

For possible flexural buckling failure mode, calculate the slenderness ratios for x-axis bending and y-axis bending, respectively:

[image: image]

[image: image] < 200 (y-y axis controls for flexural buckling)

Therefore, if the member is going to fail by flexural buckling failure, the y-axis will control. It remains to be checked to ascertain whether flexural buckling or torsional buckling will control the strength of this WT section.

Check if the flange and stem of the WT are slender or not for axial compression using the limits in Table 5-1 or AISCM Table B4.1a:

Limit for Flange of WT (Case 1 of Table 5-1 or AISCM Table B4.1a):

[image: image]

Therefore, the flange of the WT is not slender.

Limit of Stem or Web of WT (Case 4 of Table 5-1 or AISCM Table B4.1a):

[image: image]

[image: image]

Since the WT section is singly symmetric, use the equations from Section 5-8 to check the torsional buckling failure mode. The torsional elastic buckling stress will be compared to the flexural elastic buckling stress (equation (5-9)) and the smaller value will determine the axial compression strength of the WT section:

xo = 0

[image: image]

[image: image]

[image: image]

The elastic flexural buckling stress about the y-axis and the z-axis, respectively, are

[image: image]

[image: image]

[image: image]

From equation (5-26), the elastic torsional buckling stress is determined as follows

[image: image]

Since the elastic torsional buckling stress Fe is smaller than the elastic flexural buckling stresses, Fey and Fez, flexural buckling does not control, and the WT section will fail in torsional buckling. Note that Fex is much larger than Fey since the x-axis had a smaller slenderness ratio than the y-axis. Since the elastic torsional buckling stress, Fe = 126 ksi > 0.44Fy = 0.44(50) = 22 ksi, therefore the WT section buckles inelastically and therefore, use equation (5-14) to determine the critical buckling stress for the WT section as follows:

[image: image]

Next, use Section 5-4 of the text (i.e., AISCM Section E7) to determine the effective area, Ae. Only the WT stem will be checked since the flange is not a slender element.

From Table 5-1 (i.e., AISC Specification Table B4.1a), the limiting width-to-thickness ratio for the WT stem (Case 4) is

[image: image]

Using equation (5-19), we obtain

[image: image]

[image: image] = 19.6,

Therefore, from equation (5-19a) (i.e., AISC Specification Equation E7-2), de = d.

Since de = d, the reduction in area of the slender stem = [image: image].

The summation of the effective areas of all elements of the WT section is

Ae = Ag – total reduction in area = Ag – 0 = 37.6 in.2 – 0 in.2 = 37.6 in.2

The nominal axial compression strength from equation (5-18) (i.e., AISC Specification Equation E7-1) is

Pn = FcrAe = (42.35 ksi)(37.6 in.2) = 1592 kips

LRFD:

The design axial compression load capacity, [image: image]

ASD:

The allowable axial compression load is

[image: image]

Axial Compression Load Capacity of Cruciform Sections

There are two common types of cruciform shapes: the plain cruciform built-up section made up of rectangular steel plates, and the flanged cruciform sections made up of one W-section and two WT sections (see Figure 5-15). Plain cruciform shapes are sometimes used as monumental columns in atrium areas of high-rise buildings and as compression members in transmission towers. Flanged cruciform shapes are used as mega-columns in high-rise buildings when higher axial loads are needed which cannot be achieved by a single rolled section. They are also used in orthogonal moment frames where the column resists lateral load moments from moment frames in the two orthogonal directions. The possible failure modes in axial compression for cruciform sections include flexural buckling, torsional buckling and flexural-torsional buckling. To determine the strength of these sections, the elastic flexural buckling stress is calculated using equation (5-9) and the elastic torsional buckling stress is calculated using equation (5-25). The smaller of the two values will determine the elastic buckling stress that will be used in either equation (5-14) or equation (5-15) to obtain the critical buckling stress, Fcr, which is then used in conjunction with the equations for effective area from Section 5-4 (if the section has slender elements) to calculate the axial compression load capacity. As cruciform shapes gain popularity in their use, some researchers have investigated these sections numerically and experimentally [8, 9, 10], though experimental testing of these sections, especially plain cruciform sections in bending considering lateral torsional buckling, are sparse. In the next two examples, we will examine the axial compression load capacity for a plain plate cruciform shape and a flanged cruciform shape.

EXAMPLE 5-12

Axial Compression Load Capacity of a Plain Cruciform Section

A built-up plain cruciform section is made from one 24 in. by 3 in. thick plate welded to two 10.5 in. by 3 in. thick plates (see Figure 5-15a). The built-up section has an unbraced length of 18 ft. and the plates are made of ASTM A992 Grade 50 steel. Determine the nominal axial load capacity, the LRFD design axial load capacity, and the ASD allowable axial load of the section.


[image: image]

FIGURE 5-15Plain and flanged cruciform sections



Solution

t = 3 in.

h = 24 in.

Fy = 50 ksi

Unbraced length, Lb = 18 ft. = 216 inches

The section properties for the cruciform shape are calculated as follows:

Ag = (24 in.)(3 in.) + 2(10.5 in.)(3 in.) = 135 in.2

Cw for a doubly symmetric section with very thin plates is approximately = 0 in.6, but the 3 in. thick plates are not considered thin plates, so we will calculate the actual Cw for this plain cruciform section as follows [8]:

[image: image]

[image: image]

[image: image]

[image: image]

[image: image]

[image: image]

Check if the legs of the cruciform section are slender for axial compression using the limits in Table 5-1 (i.e., AISCM Table B4.1a):

Limit for leg of cruciform section (Case 3 of Table 5-1 or AISCM Table B4.1a):

[image: image]

Since the cruciform sections are not slender, that implies that local buckling does not occur, hence the gross cross-sectional area of the cruciform section is effective in resisting axial compression loads.

Since the cruciform section is doubly symmetric, use the equations from Section 5-8 to check the torsional buckling failure mode. The elastic torsional buckling stress will be compared to the elastic flexural buckling stress from equation (5-9) and the smaller value will determine the strength of the cruciform section:

For doubly symmetric sections twisting about their shear center, elastic torsional buckling stress is obtained from equation (5-25) as follows:

[image: image]

The reader can observe that the “GJ” is much larger that the value for the “ECw” term in the above equation, indicating that the effect of the torsional warping constant on the elastic torsional buckling stress is negligible for this plain cruciform section. We could have easily neglected the “ECw” term in the above equation and the difference in the torsional elastic stress would be less than 1%. The “GJ” term is dominant in this example because of the large unbraced length of 216 inches. The effect of the “ECw” term becomes more pronounced at small unbraced lengths.

The elastic flexural buckling stress is calculated using equation (5-9) or AISC Equation E3-4 as follows

[image: image]

Since the elastic flexural buckling stress (159 ksi) is smaller than the elastic torsional buckling stress (652 ksi), this means that this cruciform section will fail in flexural buckling only. Therefore, use Fe = 159 ksi in equations (5-14) or (5-15).

Since Fe = 159 ksi > 0.44Fy = 0.44(50) = 22 ksi, therefore this WT section will buckle inelastically, hence use equation (5-14) to determine the critical buckling stress as follows:

[image: image]

The nominal axial compression strength from equation (5-22) or AISC Specification Equation E4-1 is

Pn = FcrAg = (43.8 ksi)(135 in.2) = 5913 kips

LRFD:

The design axial load capacity for the plain cruciform section is

[image: image]

ASD:

The allowable axial load for the plain cruciform section is

[image: image]

EXAMPLE 5-13

Axial Compression Load Capacity of a Flanged Cruciform Section

A built-up flanged cruciform section is made up of one W16 × 100 welded to two WT8 × 50 as shown in Figure 5-15b. The built-up section has an unbraced length of 20 ft. and the plates are made of ASTM A992 Grade 36 steel. Determine the nominal axial load capacity, the LRFD design axial load capacity, and the ASD allowable axial load of the section.

Solution


Fy = 36 ksi

Unbraced length, Lb = 20 ft. = 240 inches

d (W16 × 100) = 17.0 in.

d (WT8 × 50) = 8.49 in.

tw (for both W16 × 100 and WT8 × 50) = 0.585 inch

[image: image] (for both W16 × 100 and WT8 × 50)

Ix (W16 × 100) = 1490 in.4

Iy (W16 × 100) = 186 in.4

Ag (W16 × 100) = 29.4 in.2

Cw (W16 × 100) = 11900 in.6

J (W16 × 100) = 7.73 in.4

Ag for the cruciform section = (2 W-sections)(29.4 in.2) = 58.8 in.2

Cw for the cruciform section = (2 W-sections)(11,900 in.6) = 23,800 in.6

J for the cruciform section (2 W-sections) = (7.73 in.4) = 15.46 in.4

Ix of cruciform section = Ix (W16 × 100) + Iy (W16 × 100) = 1490 in.4 + 186 in.4 = 1676 in.4

Iy of cruciform section = Iy (W16 × 100) + Ix (W16 × 100) = 186 in.4 + 1490 in.4 = 1676 in.4

[image: image]

[image: image]

Check the flanges of the W16 × 100 and WT8 × 50 to determine if they are slender, using the limits in Table 5-1 (i.e., Case 1 of AISCM Table B4.1a):

[image: image]



Check the web of the W16 x 100 and the stem of the WT8 x 50 - Case 5 of Table 5-1 or AISCM Table B4.1a:

[image: image]

[image: image]

Since the flanges of the W16 × 100 and the stem of the WT8 × 50 are not slender, local buckling is not applicable for this flanged cruciform section, hence the gross area of the cruciform section is effective in resisting axial compression loads.

Since the cruciform section is doubly symmetric, use the equations from Section 5-8 to check the torsional buckling failure mode. The elastic torsional buckling stress will be compared to the elastic flexural buckling stress from equation (5-9) and the smaller value will determine the strength of the cruciform section. For doubly symmetric sections twisting about their shear center, the elastic torsional buckling stress is obtained from equation (5-25) as follows:

[image: image]

The reader can observe that for this flanged cruciform section at the 20 ft. unbraced length, the “GJ” term is of the same order of magnitude as the “ECw” term in the above equation, indicating that the effect of the torsional warping constant on the elastic torsional buckling stress is significant in this case. As the unbraced length decreases, the effect of the “ECw” term will become even greater to the point that it will become much larger than the “GJ” term. For example, at an unbraced length of 10 ft., the “ECw” term is almost three times as large as the “GJ” term. Conversely, as the unbraced length becomes larger, the effect of the “ECw” term will decrease significantly. For example, at an unbraced length of 50 ft., the “ECw” term will become almost negligible with a value of approximately 10% of the “GJ” term.

The elastic flexural buckling stress is calculated using equation (5-9) or AISC Equation E3-4 as follows

[image: image]

Since the elastic flexural buckling stress (141.7 ksi) is greater than the elastic torsional buckling stress (87 ksi), this means that this cruciform section will fail in torsional buckling. Therefore, use Fe = 87 ksi in equations (5-14) or (5-15).

Since Fe = 87 ksi > 0.44Fy = 0.44(36) = 15.84 ksi, therefore the cruciform section will buckle inelastically, hence, use equation (5-14) to determine the critical buckling stress:

[image: image]

The nominal axial compression strength from equation (5-22) or AISC Specification Equation E4-1 is

Pn = FcrAg = (30.3 ksi)(58.8 in.2) = 1782 kips

LRFD:

The design axial compression load capacity for this flanged cruciform section is, [image: image]

ASD:

The allowable axial compression load of the flanged cruciform section is

[image: image]

EXAMPLE 5-14

Axial Load Capacity and Allowable Axial Load of a Built-up Member – Double Angles

Determine the axial compression capacity (LRFD) and the allowable axial load (ASD) of a 12-ft. long double L5 × 5 × ½ of A36 steel that is used as a plane truss web member. The double angles are welded to [image: image]" gusset plates at the ends and to [image: image]" filler plates at 4 ft. on centers.

Solution

The cross-sectional properties for double angles with [image: image] separation from AISCM Table 1-15 are:

[image: image]

Cw = 2Cw of single angle = (2)(0.744) = 1.49 in.6

Check flexural buckling about the x-axis:

[image: image]

Use equation (5-9) to calculate the elastic buckling stress:

[image: image] = [image: image] = 32.3 ksi

[image: image] = 0.44(36 ksi) = 15.8 ksi

Therefore, use equation (5-14) to calculate the critical buckling stress:

[image: image] (36 ksi) = 22.6 ksi

That is, Fcrx = 22.6 ksi

The nominal axial compression strength for flexural buckling about the x-axis is

Pn = AgFcr = (9.58 in.2) (22.6 ksi) = 216.5 kips

LRFD Method:

The design axial compressive strength based on flexural buckling about the x-axis is

[image: image]

ASD Method:

The allowable axial compression load is

[image: image]

Check flexural-torsional buckling about the y-axis (i.e., the axis of symmetry):

For flexural-torsional buckling about the y-axis, the longitudinal spacing of the connectors, a, has to be considered.

Unbraced length, L = 12 ft. = 144 inches.

The longitudinal spacing of the filler plate connectors, [image: image] = 4 ft = 48 inches.

ri = rmin = rx= 0.98 in.

[image: image]

Therefore, use equation (5-30) and the equivalent slenderness ratio is

[image: image]

where [image: image] = [image: image] = [image: image]

Ki= 0.5 (for angles back-to-back)

[image: image]

[image: image] = [image: image] = [image: image] = 24.5

≤ [image: image] = 0.75(94.1) = 70.6 OK.

Therefore, the built-up member will act as one unit and there will be no “compound buckling.” Per Section E6 of the AISC Specification, “compound buckling” is a failure mode that includes both the global buckling failure mode of the member and the localized component buckling mode that occurs between intermediate connectors. [1]. The equivalent slenderness ratio for buckling about the y-axis is calculated as

[image: image]

The elastic buckling stress about the y-axis, [image: image] = [image: image] = 59.4 ksi

[image: image]

[image: image]

From equation (5-26), the equivalent critical buckling stress based on the limit states of torsional and flexural-torsional buckling is calculated as

[image: image]

[image: image]

[image: image], which indicates inelastic buckling, therefore, equation (5-14) is used to calculate the critical buckling stress as follows:

[image: image]

The nominal axial compression strength is

Pn = AgFcr = (9.58 in.2) (27.1 ksi) = 259.6 kips

LRFD Method:

The design axial compressive strength based on flexural buckling about the x-axis is

[image: image]

ASD Method:

The allowable axial compression load based on flexural buckling about the x-axis is

[image: image]

The design strength for the flexural-torsional buckling mode is 234 kips for the LRFD method, and an allowable load of 155 kips for the ASD method. These values are higher than the corresponding values of 195 kips axial design compressive strength for the LRFD method and 130 kips allowable axial compression load for the ASD method obtained previously for the flexural buckling failure mode about the x-axis. Therefore, the flexural buckling failure mode will control the failure strength of this double angle member, and the design axial compression capacity and the allowable axial compression loads, respectively, are as follows:


	The axial design compressive strength, [image: image] = 195 kips. (for LRFD)

	The allowable axial compression load, [image: image] = 130 kips. (for ASD)



For the LRFD method, the calculated axial load capacity of 195 kips compares well with the axial load capacity obtained from AISCM Table 4-8, where we find that [image: image] = 195 kips for an effective length, KL = 12 ft. Similarly, for the ASD method, the calculated allowable axial compression load of 130 kips compares well with the allowable load of 130 kips from AISCM Table 4-8. Thus, the use of the AISCM tables yields exactly the same design capacities as was calculated using the very cumbersome equations presented earlier. The reader is thus encouraged to use the AISCM load capacity tables whenever possible because of their efficiency and ease of use.

EXAMPLE 5-15

Axial Compression Load Capacity of a Single Angle with All Legs Connected to the Supports

Determine the axial compression capacity (LRFD) and the allowable axial compression load (ASD) of a 6 ft. long single L 3 × 3 × ¼ of A36 steel assuming all legs of the angle are connected to the end supports and thus participate in resisting the axial load (i.e., the load is applied concentrically). Assume the effective length factor, K = 1.0.

Solution

The cross-sectional properties for L 3 × 3 × ¼ from AISCM Table 1-7 are: [image: image]

Check Flexural Buckling about the Weakest Axis (i.e., The Axis with the Largest Slenderness Ratio):

[image: image]

[image: image]

[image: image] (largest value controls) < 200 OK.

[image: image], therefore, the failure mode is inelastic buckling.

Since the slenderness ratio is largest for bending about the z-axis, the single angle will fail by buckling (bending) about the z-axis.

Check Local Buckling (see Table 5-1):

The leg length to thickness ratio, [image: image]

[image: image]

Therefore, use equation (5-9) to calculate the elastic flexural buckling stress,

[image: image] = [image: image] = 18.9 ksi

[image: image] = 0.44(36 ksi) = 15.8 ksi, indicating inelastic buckling.

Therefore, use equation (5-14) to calculate the critical buckling stress,

[image: image] (36 ksi) = 16.2 ksi

The nominal axial compression strength is

Pn = AgFcr = (1.44 in.2) (16.2 ksi) = 23.3 kips

LRFD Method:

The design axial compression strength is

[image: image]

ASD Method:

The allowable axial compression load is

[image: image]

These values compare well with the axial load capacities from AISCM Table 4-11, where we obtain exactly the same LRFD axial compression load capacity of 21 kips for an unbraced length, Lc = KL = 6 ft. Similarly, the allowable axial compression load for the ASD method from AISCM Table 4-11 is 14 kips which is exactly the same value obtained in this example using the equations presented previously.



5-9SINGLE ANGLE MEMBERS UNDER ECCENTRIC COMPRESSION LOADS


Where the ends of single angle members are milled and the axial load introduced with base plates at the ends of the angle such that the two legs of the angle participate in transferring the load, as was the case in Example 5-15, the axial compression load will be applied uniformly to the angle. When a single angle is concentrically loaded, the equations presented in Section 5-3 or AISCM Section E3 will apply (i.e., use equations (5-9) and (5-14) or (5-15)).

However, for some situations, the axial compression load on a single angle is applied predominantly through only one leg of the angle (e.g., through a gusset plate connected to only one leg of the angle, as may occur in trusses), which results in significant eccentricity of the axial loading. In these cases, in lieu of designing the angle for biaxial bending plus axial loads using the interaction equations presented in Chapter 8, Section E5 of the AISC Specifications provides a simplified procedure to account for the load eccentricity by using an effective slenderness ratio for the single angle for buckling about the x-axis; the effective slenderness ratios for different angles with different support conditions are presented in equations (5-28) through (5-35). These equations can only be used if certain conditions are met and they were derived on the presumption that significant restraint to the bending about the y-axis (i.e., the axis perpendicular to the connected leg of the angle) is provided to the angle at the supports [1]. Therefore, only the bending and buckling about the x-axis is considered in the equations. Once the effective slenderness ratio is determined, the axial compression load capacity of the single angle can then be determined as follows:


	Axial load capacity for single angles with b/t ≤ [image: image] (= 20 for ASTM A36 steel) where b is the larger leg length:
Flexural torsional buckling need not be considered when b/t ≤ [image: image] per Section E5 of the AISC Specification. Use equations (5-9) and (5-14) or equation (5-15) with the effective slenderness ratio, KL/r, obtained from equations (5-28) through (5-35).

	Axial load capacity for single angles with b/t > [image: image] (i.e., b/t > 20 for ASTM A36 steel), where b is the larger leg length:
Use equation (5-27) from Section 5-8 of the text with the appropriate slenderness ratios about the x-, y-, and z-axes, and calculate the axial load capacity using equations (5-14) or (5-15).
To be able to neglect the effect of the eccentricity of axial compression load for single angles and therefore be able to use the effective slenderness equations for single angles that are presented below, the following conditions must be satisfied, otherwise, the angle cannot be analyzed or designed using equations (5-28) through (5-35); for such cases, the eccentricity of the axial compression load must be considered, and the angle will have to be designed for combined biaxial bending plus axial compression load using the column interaction equations presented in Chapter 8 (see Section E5 of the AISC Specification):




	The single-angle member is loaded at both ends in compression through the same one leg.

	The single angle is connected to its supports by welding or bolting with a minimum of two bolts, thus providing some end restraint.

	The single angle is subjected to only axial compression load with no intermediate transverse loads between its supports.

	The slenderness ratio of the single angle, Lc /r 200.

	For unequal leg angles, the ratio of the lengths of the long leg to the short leg is less than 1.7.



Equivalent Slenderness Ratios of Single Angles:

The equivalent slenderness ratios of single angles that satisfy the five conditions presented above are calculated for different angles and support conditions using the following equations:

1.For equal leg angles or unequal leg angles that are connected through the longer leg, and that are individual members or web member of plane trusses, with adjacent web members attached to the same side of the gusset plate or chord, use equations (5-28) and (5-29) (i.e., AISC Specification Equations E5-1 and E5-2) to determine the equivalent slenderness ratio:

a.[image: image]  (5-28)

b.[image: image]  (5-29)

2.For unequal leg angles that are connected through the shorter leg and with the ratio of lengths of the long leg to the short leg less than 1.7 (i.e., [image: image] ), and that are individual members or web member of plane trusses, with adjacent web members attached to the same side of the gusset plate or chord, use ­equations (5-30) and (5-31) to determine the equivalent slenderness ratio:

a.[image: image]  (5-30)

b.[image: image]  (5-31)

3.For equal leg angles or unequal leg angles that are connected through the longer leg, and that are web members of box or space trusses, with adjacent web members attached to the same side of the gusset plate or chord, use equations (5-32) and (5-33) (i.e., AISC Specification Equations E5-3 and E5-4) to determine the equivalent slenderness ratio:

a.[image: image]  (5-32)

b.[image: image]  (5-33)

4.For unequal leg angles that are connected through the shorter leg and with the ratio of the lengths of the long leg to the short leg less than 1.7 (i.e., [image: image] ), and that are web members of box or space trusses, with adjacent web members attached to the same side of the gusset plate or chord, use equations (5-34) and (5-35) to determine the equivalent slenderness ratio:

a.[image: image]  (5-34)

b.[image: image]  (5-35)

Where,



	L =
	Length of angle member between the work points at the truss chord centerlines, in.



	bl =
	Length of longer leg of angle, in.



	bs =
	Length of shorter leg of angle, in.



	ra =
	Radius of gyration of the angle about the geometric axis parallel to the connected leg, in.



	rz =
	Radius of gyration of the angle about the minor principal axis, in




EXAMPLE 5-16

Axial Load Capacity of a Single Angle with One Leg Connected to the Supports

Recalculate the axial load capacity of the single L3 × 3 × ¼ in Example 5-15 assuming the angle is used as a plane truss web member and is connected on the same one leg to gusset plates at each end. Assume ASTM A36 steel.

Solution

The cross-sectional properties for L3 × 3 × ¼ from AISCM Table 1-7 are:

[image: image]

[image: image]

Therefore, flexural-torsional buckling need not be considered.

Flexural buckling about the x-axis:

[image: image]

The equivalent slenderness ratio from equation (5-28) is

[image: image] < 200, OK.

Comparing the above effective slenderness ratio to the slenderness ratio corresponding to the least radius of gyration, rz, we find that

[image: image]

Therefore, the calculated equivalent slenderness ratio of 130.3 does indeed control.

Since the length of the angle leg-to-thickness ratio, [image: image],

Local buckling does not occur. Therefore, use equation (5-9) to calculate the elastic buckling stress (see AISC Specification Section E3),

[image: image] = [image: image] = 16.9 ksi

Since [image: image] = 0.44(36 ksi) = 15.8 ksi, indicating inelastic buckling failure mode.

Therefore, use equation (5-14) to calculate the critical buckling stress,

[image: image] (36 ksi) = 14.8 ksi

The nominal axial compression strength is

Pn = AgFcr = (1.44 in.2) (14.8 ksi) = 21.3 kips

LRFD Method:

The design axial compressive strength is

[image: image]

ASD Method:

The allowable axial compression load is

[image: image]

Alternatively, Table 4-14 of the AISCM can be used to obtain the critical buckling stress, [image: image]

Similarly, for the ASD method,

[image: image]

The buckling strength about the z-axis has already been calculated as 21 kips in Example 5-15, compared to 19.2 kips obtained in Example 5-16. Similarly, the ASD allowable load for Example 5-15 was calculated as 14 kips, compared to 12.7 kips obtained in Example 5-16.

In Example 5-15, all the legs of the angle were assumed to be connected to the end supports, whereas in Example 5-16, only one leg of the angle is connected to the supports. The axial compression load capacity and the allowable axial compression load calculated in Example 5-16 are smaller than those calculated in Example 5-15 because of the load eccentricity in the single angle in Example 5-16 since only one leg of the angle is connected to the support. In Example 5-15, there is no load eccentricity since all the legs of the angle are connected to the support.

Also, note that the axial compression load capacity of 19.2 kips (LRFD) calculated above differs from the axial load capacity of 13.2 kips obtained from AISCM Table 4-12 for the L3 × 3 × ¼ with KL of 6 ft. Similarly, the allowable axial compression load of 12.8 kips (ASD) calculated above differs from the allowable axial compression load of 8.97 kips obtained from AISCM Table 4-12 for the L3 × 3 × ¼ with KL of 6 ft.

The axial compression load capacities presented in AISCM Table 4-12 were derived assuming biaxial bending of the single angle without any end restraints (i.e., the angles are pinned at the supports); and the axial compression load is applied at a point located along a line that is perpendicular to, and passes through the mid-length of, the long leg of the angle with an eccentricity of 0.75t from the outside face of this long leg, where t is the thickness of the angle leg (see AISCM Figure 4-4). On the other hand, end restraints are assumed and required in order to use the equivalent slenderness ratios in equations (5-28) through (5-35) that was used in Example 5-16 (see AISCM Section E5).

If the end restraint conditions assumed and required in Section 5-9 for single angles (i.e., single angles welded to its supports or bolted with a minimum of two bolts) cannot be achieved or assured, then biaxial bending of the angle without end restraints has to be the design consideration, and AISCM Table 4-12 should be used to determine the axial load capacity of the angle in such situations. The design axial compression capacities and the allowable axial compression loads in AISCM Table 4-12 can be obtained by using the method for combined axial compression load and biaxial bending moments presented in Chapter 8 of this text.

References

[1] American Institute of Steel Construction, Steel construction manual, 15th ed., AISC, Chicago, IL, 2017.

[2] Hibbeler, R. C., Mechanics of materials, 7th ed., Prentice Hall, Upper Saddle River, NJ, 2008.

[3] Seaburg, P.A., and Carter, C.J., Torsional analysis of structural steel members, Steel Design Guide 9, AISC, Chicago, IL, 1997.

[4] Galambos, T.V.; Lin, F. J.; and Johnston, B.G., Basic steel design with LRFD, Prentice Hall, Upper Saddle River, NJ, 1996.

[5] McGuire, W., “Steel Structures,” Prentice Hall, Englewood Cliff, NJ, 1968.

[6] Chajes, A., “Principles of Structural Stability Theory,” Prentice Hall, Englewood Cliff, NJ, 1974.

[7] Weisenberger, G., “Above and Beyond”, Modern Steel Construction, July, 2017.

[8] Harris, N., and Urgessa, G., “Strength of Flanged and Plain Cruciform Members,” Advances in Civil Engineering, Vol. 2018., 2018. https://doi.org/10.1155/2018/8417208

[9] Hawileh, R.A.; Obeidah, A.A.; Abed F.; and Abdalla, J.A., “Experimental Investigation of Inelastic Buckling of Built-up Steel Columns,” Steel and Composite Structures, September, 2012. Doi: 10.12989/scs.2012.13.3.295.

[10] Dinis, P.B.; Camotim D.; and Silvestre N., “On the Local and Global Buckling Behavior of Angle, T-section and cruciform Thin-walled Members.” Thin-Walled Structures, 48, 2010, pp. 786–797.

Exercises

5-1.Determine the design strength of the columns shown in Figure 5-16 using the following methods:


[image: image]

FIGURE 5-16Details for Exercise 5-1




	Design equations; check local slenderness.

	Confirm the results from part 1 using AISCM, Table 4-14.

	Confirm the results from part 1 using AISCM, Tables 4-3 to Table 4-5, where possible.



5-2.Determine the design axial compression strength (LRFD) and the allowable compression load (ASD) of the columns shown in Figure 5-17 using the following methods:


[image: image]

FIGURE 5-17Details for Exercise 5-2




	Design equations; check local slenderness.

	Confirm the results from part 1 using AISCM Table 4-14.

	Confirm the results from AISCM Table 4-1, where possible.



5-3.A column with an unbraced length of 18 ft. must resist a factored load of Pu = 200 kips.

a.Select the lightest W-shape to support this load, consider W8, W10, W12, and W14 shapes. The steel is ASTM A992, grade 50.

b.Select the lightest square HSS shape to support this load, consider HSS6, HSS8, HSS10, and HSS12 shapes. The steel is ASTM A500, grade 46.

c.Select the lightest round pipe shape to support this load, consider Pipe 6, Pipe 8, Pipe 10, and Pipe 12 shapes. The steel is ASTM A53, Fy = 35 ksi.

5-4.A pipe column with a factored load of 80 kips has an unbraced length of 10 ft. Select the lightest shape using the following:

1.Standard pipe (STD),

2.Extra strong pipe (XS), and

3.Double extra strong pipe (XXS).

Steel is ASTM A53, grade B.

5-5.What is the maximum unbraced length permitted for a 4-in. extra strong (XS) pipe column to support a factored load of 80 kips?

5-6.A W-shape column must support service loads of D = 200 kips and L = 300 kips. The unbraced length in the x-direction is 30 ft., and in the y-direction it is 15 ft. Select the lightest W-shape to support this load.

5-7.Determine if a W8 × 28 column is adequate to support a factored axial load of Pu = 175 kips with unbraced lengths, Lx = 24 ft. and Ly = 16 ft., and pinned-end conditions. The steel is ASTM A992, grade 50.

5-8.Refer to the following floor framing plan shown in Figure 5-18 and the following assumptions:


[image: image]

FIGURE 5-18Floor framing plan for Exercise 5-8




	C-1 is a W8 × 31; Steel is ASTM A992 Grade 50

	Column unbraced length is 15-0"; K=1.0

	Floor dead load is 72 psf (includes self-weight)

	Ignore connection eccentricities



Determine the following:

a.Design axial compressive strength, in kips, for C-1.

b.The design service live load capacity of the floor in psf based on the axial strength of C-1.

c.Using the live load table in ASCE 7 assign a possible occupancy type based on part (b).

5-9.The preliminary column and girder sizes for a two-story moment frame are shown in Figure 5-19. Assuming in-plane bending about the strong axes for the columns and girders, determine the effective length factor, K, for columns CG and GK using the alignment chart and assuming elastic behavior.


[image: image]

FIGURE 5-19Detail for Exercise 5-9



5-10.Determine the following for the column shown in Figure 5-20. The steel is ASTM A992, Grade 50 and is supported at the bottom only (encased in concrete).


[image: image]

FIGURE 5-20Detail for Exercise 5-10



a.Determine the effective length factor, K and provide an explanation for your choice of the K value.

b.Find the design axial compressive strength, ϕPn, in kips. Find the service live load that the column could carry if the service dead load is 12 kips. Consider the load combination 1.2D + 1.6L only.

5-11.Find the design axial compressive strength (ϕPnx, ϕPny) in kips in the x- and y-axes for a W18 × 65. Use K = 1.2 and unbraced lengths of Lx = 30 ft. and Ly = 16 ft. Use A36 steel.

5-12.Develop a spreadsheet to determine the axial load capacity in compression for a standard wide flange column shape. The following variables are required:


	Column dimensions, bf, tf, A, rx, ry

	unbraced length of the column, Lx, Ly

	K, E, Fy

	Slenderness effects

	Submit results for a W10 × 33, Lx = 25 ft., Ly = 15 ft., K = 1.0, Fy = 36 ksi



5-13.Develop a spreadsheet to determine the axial load capacity in compression for a standard HSS square or round column shape. The following variables are required:


	Column dimensions, B or D, t, A, r

	unbraced length of the column, Lx, Ly

	K, E, Fy

	Slenderness effects

	Submit results for an HSS12 × 12 × [image: image], L = 17'-6", Fy = 46 ksi and a Pipe 4 STD, L = 15'-0", Fy = 35 ksi



5-14.Develop a spreadsheet to determine the axial load capacity in compression for a standard HSS rectangular column shape. The following variables are required:


	Column dimensions, B, H, t, A, rx, ry

	unbraced length of the column, Lx, Ly

	K, E, Fy

	Slenderness effects

	Submit results for an HSS10 × 6 × 1/2, Lx = 21'-0", Ly = 15'-0", Fy = 46 ksi



5-15.Develop a spreadsheet to determine the axial load capacity in compression for a flat plate. The following variables are required:

a.plate dimensions t, b

b.unbraced length of the plate, Lx, Ly

c.K, E, Fy

d.Local slenderness effects are ignored

e.Submit results for a [image: image] " × 3" plate, Lx = 4 ft., Ly = 1.5 ft., K = 1.0, Fy = 50 ksi


[image: image]

FIGURE 5-21Detail for Exercise 5-16



5-16.Refer to the ladder drawing in Figure 5-21 and the following loading requirements from OSHA:

Loading from OSHA 1910.27(a)(1)(i): The minimum design live load shall be a single ­concentrated load of 200 lbs.

Fy = 36 ksi

K = 1.0

Ladders rungs are assumed to be pinned

Lx = 6'-0", Ly = 1'–0"

a.Find the axial capacity of the side rail in the x-axis. Is the side rail adequate in compression?

b.Find the axial capacity of the side rail in the y-axis. Is the side rail adequate in compression?

5-17.Determine the axial compression strength in kips for the x- and y-axes of a (2)-L3 [image: image] × 3 [image: image] × [image: image] member with an unbraced length of 15 ft. The angles are separated by [image: image] " plates spaced 5'-0" on centers (o.c.). Use A36 steel and verify the results using AISCM Table 4-8.

5-18.Determine the axial compression strength in kips for the x- and y-axes of a (2)-L5 × 3 × [image: image] (LLBB i.e., long legs back to back) member with an unbraced length of 16 ft. The angles are separated by [image: image] " plates spaced 4'-0" o.c. Use A36 steel and verify the results using AISCM Table 4-9.

5-19.Determine the axial compression strength in kips for a concentrically loaded L4 × 3 × [image: image] member with an unbraced length of 8 ft. Use A36 steel and verify the results using the AISCM Load Tables.

5-20.A welded built-up 16 in. × 16 in. box column in the bottom story of a highrise building is made up of 3 in. thick steel plates (A992 Grade 50). Assuming the column has an unbraced length of 14 ft., determine the following:

a.The gross area, Ag, of the column.

b.The moments of inertia about the x-x and y-y axes, Ix and Iy, respectively,

c.The radii of gyration about the x-x and y-y axes, rx and ry, respectively.

d.Using the LRFD method, determine the axial compression strength in kips for the column.

e.Using the column load tables, select a wide flange or I-shaped column of A992 Grade 50 steel that has the same axial compression load capacity as the box column and compare the weights of both sections. Which of the column section (built-up box section or I-shape) is more economical?

5-21.The detail in Figure 5-22 consists of four-story tall diagonal struts connected to a tension tie that passes through and is connected to the reinforced concrete shear wall – the main lateral force resisting system (LFRS) in a unique 54-story building in the Midwest United States [7]. This detail is spaced at regular intervals at each transverse shear wall location and is used to support perimeter steel columns that terminate at the 4th floor level. The perimeter columns terminate at the 4th floor level because of underground rail lines within the building foot print on one side of the building, and a river on the opposite side of the building; the supported perimeter columns, in turn, support multiple floor levels starting from the 5th floor up to the roof.

a.Using the AISC Equations, calculate the axial compression load capacity (in kip) of the W36 × 925 strut with an unbraced length of 60 ft shown in Figure 5-22. Assume ASTM A913 Grade 65 steel and assume pinned supports at both ends of the strut.

b.Using the axial capacity of the diagonal strut, ϕPn, obtained from Part (a), and using the geometry in Figure 5-22, calculate the maximum factored column load, Pmax, that can be supported by the W36 diagonal strut.

c.Calculate the maximum tension force in the horizontal tension tie and determine the gross area required if the tension member fails in yielding. Neglect any bending loads. [image: image]


[image: image]

FIGURE 5-22Detail for Exercise 5-21



5-22.A built-up flanged cruciform section is to be used as a high-rise column section. The cruciform section is made up of one W16 × 100 and two WT8 × 50 as shown in Figure 5-15b. The plates are made from ASTM Grade 36 steel. Determine the nominal axial load capacity, the LRFD design axial load capacity, and the ASD allowable axial load of the section (in kips) for the following unbraced lengths: 10 ft., 30 ft., and 40 ft.

5-23.A built-up flanged cruciform section is made up of one W24 × 55 and two WT12 × 27.5 similar to that shown in Figure 5-15b. The plates are made from A992 Grade 50 steel. Determine the nominal axial load capacity, the LRFD design axial load capacity, and the ASD allowable axial load of the section (in kips) if the unbraced length is 40 ft.

5-24.For the 63 ft. super-tall perimeter column in Exercise 13-8, select an I-shape built-up column to support the axial load from the roof and 5th floor levels. Consider axial load only in the column and ignore any connection eccentricities.

5-25.Using the Internet and other sources, conduct research on at least three structural failures that have been caused by buckling (or failure by bending and axial compression) of one or more members in the structure. One such failure is the 1978 Hartford Coliseum Roof collapse. Write a minimum five-page report discussing a minimum of three collapses that were caused by buckling, explaining, with the aid of diagrams, why the structures failed by buckling and discuss ways to prevent future failures of the kind.




CHAPTER

6

Flexural Members

6-1INTRODUCTION


Flexural members occur in steel structures in the form of beams and beam-columns. Beams are primarily horizontal members subjected to only bending or flexure about their primary or strong axis due to gravity loads, whereas beam-columns (see Chapter 8) are usually vertical members that support axial compression or tension loads in addition to being subjected to flexure or bending from eccentric axial loads and/or lateral wind loads.

Beams that have no shear connectors (e.g., shear studs) at the interface between the steel beam top flange and the steel deck/concrete slab are called non-composite beams. Composite beams, on the other hand, have at least the AISC Code prescribed minimum amount of shear connectors at the interface between the steel beam top flange and the concrete slab; the shear connectors enable the concrete slab and the steel beam to engage in composite action acting in concert to support the gravity loads. Roof beams are usually non-composite since concrete slabs are typically not used for roof framing, while floor beams can either be non-composite or composite. Non-composite beams will be the focus of this chapter while composite beams will be covered in Chapter 7, and beam-columns will be covered in Chapter 8. Some common types of beams are illustrated in Figure 6-1.

Beams can be further classified by the function that they serve. A girder is a member that is generally larger in section and supports other beams or framing members. A joist is typically a lighter section than a beam—such as an open-web steel joist. A stringer is a sloping flexural member that is the main support beam for a stair. A lintel (or loose lintel) is usually a smaller section that frames over a wall opening. A girt is a horizontal flexural member that proves horizontal support to exterior cladding or siding in resisting lateral wind loads perpendicular to the face of the cladding or siding.

The basic design for beams includes checking bending, shear, deflection, and vibrations. The loading conditions and beam configuration will dictate which of the preceding design parameters controls the size of the beam.

We will now review some of the basic principles of the mechanics of flexure from mechanics of materials. When a beam is subjected to loads that causes flexure or bending, the bending stress in the extreme fiber is defined as


[image: image]

FIGURE 6-1Common beam members



[image: image]   (6-1)

and the yield moment is defined as

[image: image]   (6-2)

where



	fb =
	Maximum bending stress,



	My =
	Yield moment,



	Fy =
	Yield stress,



	M =
	Bending moment,



	c =
	Distance from the neutral axis to the extreme fiber,



	I =
	Moment of inertia, and



	S =
	Elastic section modulus.




The above formulation is based on the elastic behavior of the beam. Figure 6-2 illustrates the behavior of a simply supported steel beam as it is loaded to failure. It shows the change in stress distribution at the point of maximum moment as the load on the beam is increased until the applied moment is large enough that a plastic hinge forms at the point of maximum moment. Initially, the beam is in the elastic stage where the extreme fiber stresses at the point of maximum moment are less than the yield stress. With increasing load, the extreme fiber stresses reach the yield stress, Fy, and the section reaches the yield point. The moment at which the extreme fibers first reach the yield stress is known as the yield moment, My. This is stage “a.” Since the extreme fiber stresses cannot exceed the yield stress, any further increase in the load on the beam causes the yielding of the beam to spread from the extreme fibers towards the neutral axis of the beam. This is stage “b” where the outer parts of the critical section have yielded, but the inner parts closer to the neutral axis are still in the elastic state. As the load is further increased up to the maximum load, this causes all the fibers in the cross-section at the point of maximum moment to reach the yield stress (see stage “c” in Figure 6-2). At this stage, the yielding has spread through the whole cross-section of the flexural member at the point of maximum moment, and a plastic hinge is formed. Note that the plastic hinge has a finite width. For a simply supported beam, after the plastic hinge forms, there can no longer be any further increase in the load since with the hinge formation at the point of maximum moment, a collapse mechanism has formed. A plastic hinge forms when the entire cross section of the beam, not just the extreme fibers, has reached the yield stress, Fy. The preceding discussion assumes that the beam is fully braced against lateral torsional buckling, and therefore, lateral torsional buckling is not a design consideration. Also, it assumed that there is no local buckling of the component elements that make up the flexural member. As previously discussed in Chapter 1, the moment at which a plastic hinge is developed in a beam is called the plastic moment, Mp., and is defined as

[image: image]   (6-3)


[image: image]

FIGURE 6-2Stress distribution in bending members



where

Mp = Plastic moment, and

  Z = Plastic section modulus.

The plastic moment is the maximum moment, or nominal bending strength of a beam with full lateral stability. For standard wide flange shapes, the ratio of the plastic moment, Mp, to the yield moment, My, usually varies from 1.10 to 1.25 for strong axis bending (Zx, Sx), and 1.50 to 1.60 for weak axis bending.

The design parameters for shear and deflection will be discussed later in this chapter. A summary of the basic load effects for common beam loading conditions is presented in Table 6-1. AISCM Table 3-23 has several other loading conditions beyond what is shown here.



6-2CLASSIFICATION OF FLEXURAL MEMBERS


All flexural members are classified as either compact, noncompact, or slender, depending on the width-to-thickness ratios of the individual elements that make up the beam section.

There are also two types of elements that are defined in the AISC specification: stiffened and unstiffened elements. Stiffened elements are supported along both edges parallel to the load. An example of this is the web of an I-shaped beam because it is connected to the flanges at either end of the web. An unstiffened element has only one unsupported edge parallel to the load; an example of this is the outstanding flange of an I-shaped beam that is connected to the web on one side and free on the other.


TABLE 6-1 Summary of Shear, Moment, and Deflection Formulas

[image: image]

[image: image]



Table 6-2 gives the upper limits for the width-to-thickness ratios for the individual elements of a flexural section. These ratios provide the basis for the classification of flexural sections. When the width-to-thickness ratio is less than λp, the section is compact. When the ratio is greater than λp but less than λr, the shape is noncompact. When the ratio is greater than λr, the section is classified as slender.

The classification of flexural members with respect to the width-to-thickness ratio of its component elements is necessary because the flexural design strength or moment capacity is a function of this classification.

The width-to-thickness ratios are tabulated in part 1 of the AISCM for structural shapes, so there is usually no need to calculate this ratio.


TABLE 6-2 Limiting Width–Thickness Ratios for Flexural Elements

[image: image]

[image: image]



Source: Adapted from Table B4.1b of the AISCM.[1]. Copyright © American Institute of Steel Construction. Reprinted with permission, All rights reserved.

EXAMPLE 6-1

Classification of a W-Shape

Determine the classification of a W18 × 35 and a W21 × 48 for Fy = 50 ksi. Check both the flange and the web.

Solution

From part 1 of the AISCM,

W18 × 35 W21 × 48

[image: image]  [image: image]

[image: image]  [image: image]

Flange:

The maximum flange width-to-thickness ratios to ensure a compact flange are calculated as follows:

[image: image]

[image: image]

The maximum flange width-to-thickness ratio beyond which the flange is slender and below which the flange is noncompact is

[image: image]

[image: image]

Web:

The maximum web depth-to-thickness ratio to ensure a compact web is

[image: image]

[image: image]

Note that shapes that are noncompact for bending are denoted by subscript “f ” in part 1 of the AISCM.



6-3FAILURE MODES OF FLEXURAL MEMBERS AND DESIGN STRENGTH FOR COMPACT SHAPES


Flexural members can fail in one of the following modes and the nominal bending strength, Mn, of a flexural member is a function of these failure modes:


	Yielding of the entire cross-section at the point of maximum moment

	Lateral–torsional buckling (LTB)

	Flange local buckling (FLB) in compression

	Web local buckling (WLB) in flexural compression



Note that flexural members are also subject to elastic buckling (just like compression members) because some components of the flexural member are usually in compression due to the bending moment applied to the member. The thinner the component elements — such as the flanges and webs — are, the greater the tendency for the elements in compression to buckle. Flange local buckling and web local buckling are localized failure modes and are only of concern with shapes that have noncompact webs or flanges, which will be discussed in further detail later.

Lateral–torsional buckling occurs when the distance between lateral brace points is large enough that the flexural member (e.g., a beam) fails by lateral displacement perpendicular to the longitudinal axis, in combination with twisting of the section (see Figure 6-3). The twisting occurs because the compression flange experiences buckling due to the compression stress, while the tension flange does not experience buckling but restrains the web; as the compression flange displaces laterally, the section twists in order to maintain compatibility. Flexural members with wider flanges are less susceptible to lateral–torsional buckling because the wider flanges provide more resistance to lateral displacement. In general, adequate restraint against lateral–torsional buckling is accomplished by the addition of a brace or similar restraint somewhere between the centroid of the member and the compression flange (see Figure 6-3b). For simple-span beams supporting normal gravity loads, the top flange will be in compression, but the bottom flange could be in compression in the following scenarios: at the support of continuous beams, or beams in moment frames, or roof beams subjected to net uplift loads due to wind suction (see Chapter 3).


[image: image]

FIGURE 6-3Lateral torisonal buckling



Lateral torsional buckling could also be an issue during the erection of beams and girders. A rule of thumb used in practice indicates that beams and girders with a span-to-flange width ratio (i.e., L/b) less than 80 will be laterally stable during erection, where b is one-half the flange width of wide flange sections. Beams with L/b greater than 80 would need some form of lateral support during erection to mitigate lateral instability, and camber in a beam would exacerbate the lateral instability.

Lateral–torsional buckling can be controlled in several ways, but it is usually dependent on the actual construction details used. Beams with metal deck ribs oriented perpendicular to the longitudinal axis of the beam are considered fully braced (Figure 6-4a), whereas the girder in Figure 6-4b is not considered braced by the deck because the ribs are parallel to the girder and has very little stiffness to prevent the lateral displacement of the girder top flange. The girder in Figure 6-4c would be considered braced by the intermediate framing members and would have an unbraced length, Lb, equal to the maximum spacing between the infill beams.


[image: image]

FIGURE 6-4Lateral bracing details



In the following discussion, the bending strength of doubly symmetric compact wide flange or I-sections and channels bending about their major or strong axis is presented. The basic design equations for bending are as follows:

[image: image] for LRFD   (6-4a)

[image: image] for ASD   (6-4b)

Where,



	Mu =
	Factored moment,



	Ms =
	Service or unfactored Moment



	ϕb =
	0.9



	Ωb =
	1.67



	Mn =
	Nominal bending strength



	[image: image] =
	available bending strength



	ϕbMn =
	Design bending strength




When full lateral stability is provided for a beam, the nominal moment strength is the plastic moment capacity of the beam (Mp = FyZx, see Section 6-1). Once the unbraced length reaches a certain upper limit, lateral–torsional buckling will occur and therefore the nominal bending strength will likewise decrease. The failure mode of lateral–torsional buckling can be either inelastic or elastic. The AISC specification defines the unbraced length above which inelastic lateral–torsional buckling occurs (see Figure 6-5) as

[image: image]   (6-5)


[image: image]

[image: image]

FIGURE 6-5Moment strength with respect to unbraced length and local slenderness



Lp is also the maximum unbraced length below which the yielding failure mode dominates and at which the nominal bending strength equals the plastic moment capacity. The unbraced length, [image: image], at which elastic lateral–torsional buckling occurs is obtained by equating the stress at the transition point between inelastic and elastic lateral-torsional buckling (i.e., 0.7Fy) to the elastic lateral-torsional buckling stress, Fcr, giving

[image: image]   (6-6)

Where,

[image: image]   (6-7)

c = 1.0 (for I-shapes i.e., W-shapes, M-shapes or S-shapes),

[image: image]   (6-8)



	Fy =
	Yield strength,



	E =
	Modulus of elasticity,



	J =
	Torsional constant,



	Sx =
	Elastic section modulus for bending about the major axis (i.e., x-axis),



	Iy =
	Moment of inertia for bending about the minor axis (i.e., y-axis),



	Cw=
	Warping constant, and



	ho =
	Distance between flange centroids.




When lateral–torsional buckling is not a concern (i.e.,, when the unbraced length, Lb ≤ Lp), the failure mode is flexural yielding. The nominal bending strength for flexural yielding is

[image: image]   (6-9)

where



	Fy =
	Yield strength, and



	Zx =
	Plastic section modulus (tabulated for various sections in part 1 of the AISCM). For sections that are not listed in the AISCM, the plastic section modulus and the elastic section modulus can be calculated using the method introduced and discussed in Section 1-4.




For compact I-shapes and C-shapes when Lp ≤ Lb ≤ Lr, the nominal flexural strength is obtained by interpolation from Figure 6-5

[image: image]   (6-10)

In equation 6-10, the term 0.7Fy Sx, also denoted as Mr, accounts for the effects of residual stresses which is assumed to be 30%Fy. Thus Mr = Sx(Fy – 30%Fy) = 0.7FySx, which corresponds to the limiting buckling moment when Lb = Lr and is the transition point between inelastic and elastic lateral–torsional buckling (see the location of Mr in Figure 6-5). Mr is the moment strength of a non-compact section accounting for the 0.3Fy residual stress. The Elastic lateral torsional buckling strength for a wide flange section, Mcr, is derived from solving the differential equation for lateral torsional buckling [13] and is defined as:

[image: image]

The preceding equation for the lateral torsional buckling of doubly symmetric sections was used in earlier AISC codes. For compact I-shapes and C-shapes, when Lb > Lr, the nominal flexural strength for the lateral torsional buckling limit state is now given as

[image: image]   (6-11)

Where,

[image: image]   (6-12)

[image: image]   (6-13)

Where,



	Lb =
	Distance between points of lateral bracing,



	Mmax =
	Absolute value of the maximum moment in the unbraced segment,



	MA =
	Absolute value of the moment at the ¼ point of the unbraced segment,



	MB =
	Absolute value of the moment at the centerline of the unbraced segment,



	MC =
	Absolute value of the moment at the ¾ point of the unbraced segment,



	Rm =
	cross-section monosymmetry parameter



	 =
	1.0 for doubly symmetric members



	 =
	1.0 for singly symmetric members subject to single curvature bending



	
	[image: image] for singly symmetric members subject to reverse curvature bending



	Iy =
	moment of inertia about the principal y-axis



	Iyc =
	Moment of inertia of the compression flange about the y-axis.




For doubly symmetric shapes, Iyc is approximately equal to Iy/2. For reverse-curvature bending, Iyc is the moment of inertia of the smaller flange.

Cb is the lateral torsional buckling coefficient that accounts for the moment gradient or the non-uniform moment distribution within the unbraced length of the beam. This coefficient is also referred to as the moment gradient factor in this text. The moment strength equations in the AISC Code were derived assuming uniform moment within the unbraced length of a beam. When a flexural member is subjected to a non-uniform bending moment distribution or a moment gradient within its unbraced length, the moment capacity of the flexural member is increased, and the Cb factor, is used to account for this increase. It is conservative to assume that Cb = 1.0 for any loading condition, which implies that the applied moment is constant across the entire beam. In lieu of using equation (6-13), the value of Cb can also be obtained from Table 6-3, which is based on equation (6-13).

The variation of the nominal bending moment strength with respect to the unbraced length is shown in Figure 6-5a, which summarizes the preceding discussion of bending strength for beams. This figure shows the bending strength for both compact and noncompact shapes. The bending strength of noncompact shapes will be discussed in a later section but is indicated here for completeness.

There are three distinct zones shown in the figure, the first being where lateral–torsional buckling does not occur, and the bending strength is a constant value of Mp. In this zone, the section is fully plastic meaning that the entire cross-section at the point of maximum moment has reached the yield stress. The second and third zones show how the bending strength decreases due to inelastic and elastic lateral–torsional buckling as the unbraced length increases.

The point on the curve at which the bending strength starts to decrease (i.e., when the unbraced length, Lb, equals Lp) is indicated with a dark shaded circle. The point at which the bending strength undergoes a transition from inelastic to elastic lateral–torsional buckling (i.e., when the unbraced length, Lb, equals Lr and when the nominal bending strength, Mn, equals Mr) is indicated with an unshaded circle. The use of these AISCM moment capacity curves will be discussed in a later section.


TABLE 6-3 Values of Moment Gradient Factor, Cb, for Simple-Span Beams

[image: image]



Source: Adapted from Table 3-1 of the AISCM [1]. Copyright © American Institute of Steel Construction. Reprinted with permission. All rights reserved.

EXAMPLE 6-2

Moment Gradient Factor

Determine the moment gradient factor, Cb, for the beam shown in Figure 6-6.


[image: image]

FIGURE 6-6Detail for Example 6-2



Solution

Assuming a maximum unit moment of Mmax = 1.0 within the unbraced length, the moments at various locations can be determined by linear interpolation for this moment diagram.

From equation (6-13),

[image: image]

[image: image]

[image: image]

EXAMPLE 6-3

Bending Strength of a Wide Flange Beam

Determine the available bending strength (Mn/Ωb) and the design bending strength (ϕbMn), for a W14 × 74 flexural member of ASTM A992, grade 50 steel, assuming


	Continuous lateral support;

	Unbraced length = 15 ft., Cb = 1.0; and

	Unbraced length = 15 ft., Cb = 1.30.



Solution

From part 1 of the AISCM, the section properties for W14 × 74 are

Zx = 126 in.3

  J = 3.87 in.4

rts = 2.83 in.

Sx = 112 in.3

ho = 13.4 in.

ry = 2.48 in.

Check the compact section criteria for the W14 × 74 flexural member:

Flange:

The actual flange width-to-thickness ratio, [image: image], for W14 × 74 is 6.41.

The maximum flange width-to-thickness ratio to ensure a compact flange is

[image: image]

[image: image]

Web:

The actual web depth-to-thickness ratio, [image: image], for W14 × 74 is 25.4.

The maximum web depth-to-thickness ratio to ensure a compact web is

[image: image]

[image: image]


	Continuous lateral support, Lb = 0 (upper linear zone in Figure 6-5)
[image: image]

[image: image]

[image: image] for LRFD

[image: image] for ASD



	Lb = 15 ft. and Cb = 1.0
[image: image] < [image: image]

[image: image]

[image: image]

= 372.5 in. = 31.0 ft. > [image: image]

Note that c = 1.0 for I-shapes.

Since Lp < Lb < Lr, the nominal moment strength is found from equation (6-10):

[image: image]

[image: image]

[image: image]

[image: image] for LRFD

[image: image] for ASD



	Lb = 15 ft. and Cb = 1.3
[image: image]

[image: image]

[image: image]

[image: image]

[image: image] for LRFD

[image: image] for ASD







6-4DESIGN STRENGTH IN BENDING FOR NONCOMPACT AND SLENDER SHAPES


In the previous section, we considered the flexural strength of doubly symmetric compact wide flange sections and channel shapes. In this section, we will consider the strength of noncompact shapes; that is, doubly symmetric I-shaped members with compact webs, but noncompact or slender flanges, bending about their major axis. There are a few noncompact shapes listed in the AISCM, but there are no slender standard shapes. Furthermore, all the available sections in the AISCM have compact webs, so the web depth-to-thickness ratio does not have to be checked for standard rolled sections. Built-up plate girders can have slender flanges and slender webs, and the design strength of these sections will be covered in Chapter 13. The following list indicates the available sections that have noncompact flanges for Fy = 50 ksi (also denoted with a footnote “f ” in the AISCM): M4 × 6, W6 × 8.5, W6 × 9, W6 × 15, W8 × 10, W8 × 31, W10 × 12, W12 × 65, W14 × 90, W14 × 99, W21 × 48.

For sections with noncompact or slender flanges, the nominal moment strength, Mn, will be the smaller of the moment strengths from lateral torsional buckling (see equations (6-10) through (6-13)) and compression flange local buckling (see Section F3 of the AISC Specifications [1]). For compression flange local buckling of noncompact shapes, the nominal flexural strength is determined as follows:

For sections with noncompact flanges, the nominal moment strength is

[image: image]   (6-14a)

For sections with slender flanges, the nominal moment strength is

[image: image]   (6-14b)

Where,



	[image: image]
	and [image: image]



	h  =
	distance as defined in Table 6-2



	[image: image]
	= Width-to-thickness ratio of flange (see Table 6-2),



	bf  =
	flange width



	tf  =
	flange thickness



	λpf  =
	Limiting slenderness ratio for a compact flange (see Table 6-2), and



	λrf  =
	Limiting slenderness ratio for a noncompact flange (see Table 6-2).



	λ≤
	λpf  implies a compact flange



	λpf <
	λ ≤ λrf implies a non-compact flange



	λ> λrf
	implies a slender flange




Referring to Figure 6-5a, the limiting unbraced length for noncompact sections at which ­lateral–torsional buckling occurs is denoted as Lp′, which is greater than Lp (for compact ­sections), but less than Lr:

[image: image]   (6-15)

where

[image: image]   (6-16)

For noncompact sections, when [image: image], lateral torsional buckling controls and therefore Equation (6-11) is used to obtain the nominal moment capacity of the section. Non-compact and slender sections cannot attain the plastic moment capacity, Mp, because of elastic local buckling of the component elements of the section, but they can only attain the yield moment of the section, My. On the other hand, compact sections can develop the plastic moment capacity since they are not susceptible to local buckling. The nominal moment strength can also be expressed as a function of flange slenderness ratio, as shown in Figure 6-5b. The nominal strength, Mn, is equal to the plastic moment, Mp, for values of λ less than or equal to λpf, which is the limiting slenderness ratio for a compact flange. The nominal strength reduces linearly until the flange width-to-thickness ratio reaches, λrf, which is the limiting slenderness ratio for a non-compact flange. Beyond this limit, the flange is slender.

EXAMPLE 6-4

Bending Strength of a Noncompact Shape

Determine the design moment for a W10 × 12 beam with (1) Lb = 0, and (2) Lb = 10 ft. The yield strength Fy = 50 ksi and Cb = 1.0.

Solution

From part 1 of the AISCM, the section properties for W10 × 12 are

Zx = 12.6 in.3

 J = 0.0547 in.4

rts = 0.983 in.

Sx = 10.9 in.3

ho = 9.66 in.

ry = 0.785 in.


	Lb = 0 and Cb = 1.0:
A W10 × 12 is noncompact. Therefore, equation (6-14a) is used to determine the nominal moment capacity.

From Table 6-2, the maximum flange width-to-thickness ratio for a compact flange is

[image: image]

The maximum flange width-to-thickness ratio for a noncompact flange is

[image: image]

From AISCM Table 1-1, the actual flange width-to-thickness ratio for W10 × 12 is [image: image]

Since [image: image]

[image: image]

[image: image]

  [image: image]

[image: image] for LRFD

[image: image] for ASD



	Lb = 10 ft. and Cb = 1.0:
Determine Lp′ and Lr:

[image: image]

[image: image]

[image: image]

 [image: image]

Note that c = 1.0 for I-shapes.

[image: image]

[image: image]

Since Lb = 10 ft. > Lr, lateral–torsional buckling will control and equation (6-11) will be used to determine the bending strength:

[image: image]

[image: image]

 [image: image]

[image: image] for LRFD

[image: image] for ASD







6-5DESIGN OF FLEXURAL MEMBERS FOR SHEAR


In the design process for steel beams, shear rarely controls the design; therefore, most beams need to be designed only for bending and deflection. Special loading conditions, such as heavy concentrated loads or heavy loads on a short span beam or a heavy concentrated load close to the beam support, might cause shear to control the design of beams.

From mechanics of materials, the general formula for the shear stress in a beam is

[image: image]   (6-17)

Where,



	fv =
	Shear stress at the point under consideration,



	V =
	Vertical shear at a point along the beam under consideration,



	Q =
	First moment about the neutral axis of the area between the location of interest on the cross section and the extreme fiber at the top or bottom of the cross section



	I =
	Moment of inertia about the neutral axis, and



	b =
	width of the section at the point under consideration.




The variation in shear stress across the depth of a W-shape is shown in Figure 6-7a. Note here that the shear stress in the flange is much smaller than the stress in the web because the variable, b, in equation 6-17 would be equal to the flange width when calculating the shear stress within the depth of the beam flange, and equal to the web thickness for calculating the shear stress within the depth of the beam web. For common W-shapes, the flange width can range from 10 to 20 times the thickness of the beam web. Additionally, the distribution of shear stress in the beam flange does not occur as indicated in equation 6-17, because of the low aspect ratio as measured by the low flange thickness-to-flange width ratio [8]. Equation 6-17 is more directly applicable to steel sections with a high aspect ratio with respect to the direction of the load (e.g., a beam under gravity loads bending about its strong axis). For this reason, the AISC specification allows the design for shear to be based on an approximate or average shear stress distribution as shown in Figure 6-7b, where the shear stress is concentrated only in the vertical section of the beam, for which the aspect ratio between the beam depth, d, and the web thickness, tw, is generally high, where [image: image] or [image: image]. In the AISC specification, the shear yield stress is taken as 60% of the tension yield stress, Fy.


[image: image]

FIGURE 6-7 (a-b) Shear in a beam



The design shear strength of a beam web without tension field action, which accounts for shear yielding of the web and some post-buckling strength of the web (see Chapter 13 or Section G2 of the AISC Specifications), is defined as follows:

[image: image] for LRFD   (6-18)

[image: image] for ASD   (6-19)

Where,



	Fy =
	Yield stress,



	Aw =
	Area of the web = dtw,



	Cv1 =
	Web shear coefficient without tension field action (see below), and



	ϕv =
	1.0, except as noted below



	Ωv =
	1.5, except as noted below




Since the shear stress is concentrated in the beam web, localized buckling of the web needs to be checked. A web slenderness limit for local web buckling in rolled I-shaped members is defined as

[image: image]   (6-20)

When equation (6-20) is satisfied, local web buckling does not occur and [image: image] = 1.0 (LRFD), and Ωv = 1.5 (ASD).

Most I-shaped members that are listed in the AISCM meet the criteria in equation (6-20), except for the following shapes for Fy = 50 ksi: W12 × 14, W16 × 26, W24 × 55, W30 × 90, W33 × 118, W36 × 135, W40 × 149, and W44 × 230.

In part 1 of the AISCM, shapes that do not meet the web slenderness criteria of equation (6-20) are denoted with a superscript “v.” For the I-shaped members just listed and for all other doubly and singly symmetric shapes and channels (excluding round HSS), the shear strength reduction and safety factors, respectively, are ϕv = 0.9 (LRFD) and Ωv =1.67 (ASD).

The web shear coefficient without tension field action, Cv1, is given as follows as a function of the [image: image] ratio (see Figure 6-7c):

[image: image] (web yielding)   (6-21a)

[image: image]   [image: image]   (6-21b)

Where, kv = 5.34 for unstiffened webs.


[image: image]

FIGURE 6-7c Shear strength variation in a flexural member



For all ASTM A6 W, S, M, and HP shapes listed in the AISCM, Cv1 = 1.0, except for the ­following shapes when Fy = 50 ksi: M10 × 7.5, M10 × 8, M12 × 10, M12 × 10.8, M12 × 11.8, M12.5 × 11.6, and M12.5 × 12.4.

EXAMPLE 6-5

Shear Strength of a Steel Shape

Determine the design shear strength of the following sections, using Fy = 50 ksi for the W-shapes and Fy = 36 ksi for the C-shape:


	W16 × 26, and

	W18 × 50.

	C12 × 20.7



Solution


	W16 × 26
From AISCM, Table 1-1,

[image: image]

[image: image]

[image: image]

[image: image]

[image: image]

Since [image: image], therefore, ϕv = 0.9

Determine Cv1:

If [image: image], Cv1 = 1.0

[image: image]

For W16 × 26, [image: image] = 0.9 and [image: image] = 1.67.

From equation (6-18),

[image: image] for LRFD

From equation (6-19),

[image: image] for ASD



	W18 × 50
From AISCM, Table 1-1,

[image: image]

[image: image]

Since W18 × 50 meets the requirement of equation (6-20a), therefore, Cv1 = 1.0, [image: image] = 1.5 and [image: image] = 1.0

From equation (6-18),

[image: image] for LRFD

From equation (6-19),

[image: image] for ASD



	C12 × 20.7
From AISCM, Table 1-5,

[image: image]

[image: image]

For a C12 × 20.7 which is a channel, Cv1 = 1.0, [image: image] = 1.67 and [image: image] = 0.9 as discussed previously.

From equation (6-18),

[image: image] for LRFD

From equation (6-19),

[image: image] for ASD







6-6AISCM BEAM DESIGN TABLES


The design bending strength of W-shapes and C-shapes with respect to the unbraced length is given in AISCM Tables 3-10 and 3-11, respectively. These tables assume a moment gradient factor of Cb = 1.0, which is conservative for all cases, and yield strengths of Fy = 50 ksi for W-shapes and Fy = 36 ksi for C-shapes. These curves are similar to the curve shown in Figure 6-5, except that the AISCM beam curves or tables have the strength reduction factor, ϕ, and the safety factor, Ω, already incorporated into the design strength.

In the beam design tables or curves, the sections that are shown in bold font are the lightest and, therefore, the most economical sections available for a given group of section shapes; these sections should be used especially for small unbraced lengths where possible. For beams with large unbraced lengths, the bold font sections will no longer be the most economical or the lightest section available.

For beams with Cb greater than 1.0, multiply the moment capacity calculated using the tables and curves by the Cb value to obtain the actual design moment capacity of the beam for design moments that correspond to unbraced lengths greater than Lp. Since the moment capacity of a flexural member cannot exceed its plastic moment capacity, note that CbϕMn must always be less than ϕMp for LRFD; and [image: image] must always be less than [image: image] for ASD.

AISCM Tables 3-2 through 3-5 can be used to select the most economical beam based on section properties. AISCM Table 3-2 lists the plastic section modulus, Zx, for a given series of shapes, with the most economical in one series at the top of the list in bold font. The most economical shapes for Ix, Zy, and Iy are provided in AISCM Tables 3-3, 3-4, and 3-5, respectively.

AISCM Table 3-6 provides a useful summary of the beam design parameters for W-shapes. For any given shape, the lower part of the table provides the values for [image: image] and ϕMp; [image: image] and ϕMr; [image: image] and ϕvVn, Lp, and Lr. The upper portion of the table provides the maximum possible load that a beam may support based on either shear or bending strength.

AISCM Table 3-6 can also be used to determine the design bending strength for a given beam if the unbraced length is between Lp and Lr. When the unbraced length is within this range, the design bending strength from equation (6-10) can be simplified to

[image: image] for LRFD   (6-22a)

and

[image: image] for ASD   (6-22b)

where [image: image] and [image: image] are constants found from AISCM, Table 3-2 or Table 3-6. Note that equation (6-22) is a simpler version of equation (6-10), where [image: image].

The following examples will illustrate the use of the AISCM beam design tables.

EXAMPLE 6-6

Design Bending Strength Using the AISCM Tables (Compact Shape)

Confirm the results from Example 6-3 using AISCM, Table 3-10.

Solution

The section is W14 × 74 with Fy = 50 ksi


	Continuous lateral support, i.e., unbraced length, Lb = 0
From AISCM Table 3-10, for the given unbraced length,

ϕbMn = 473 ft.-kips  for LRFD

[image: image] = 314 ft.-kips   for ASD



	Unbraced length, Lb = 15 ft., Cb = 1.0
From AISCM Table 3-10, for the given unbraced length,

ϕbMn = 422 ft.-kips  for LRFD

[image: image] = 281 ft.-kips   for ASD



	Lb = 15 ft., Cb = 1.3
From AISCM, Table 3-10,

[image: image] Mn = 422 ft.-kips  for LRFD

[image: image] = 281 ft.-kips   for ASD;

Multiplying by Cb yields

[image: image] = [image: image] for LRFD ≤[image: image] (see AISCM Table 3-2). Since [image: image] is greater than ϕbMp, the plastic moment capacity controls for LRFD. Similarly, for ASD,

[image: image] =(1.3)(281) = 366 ft-kips for ASD ≤[image: image] (see AISCM Table 3-2).

Therefore, the design moment capacity and the allowable moment, respectively, are

[image: image] = 473 ft.-kips for LRFD

and, [image: image] = 314 ft.-kips for ASD



	Alternate Solution for Part (2) using AISCM Table 3-2:
The LRFD solution is:

[image: image]

[image: image]

[image: image] (LRFD)

Using equation (6-22a) gives

[image: image]

  [image: image]

The ASD Solution is:

[image: image]

[image: image]

[image: image]

Using equation (6-22b) gives

[image: image]

  [image: image]

All of the above values agree with the answers obtained previously for Example 6-3.





EXAMPLE 6-7

Design Bending Strength Using the AISCM Tables (Noncompact Shape)

Confirm the results from Example 6-4 using AISCM Table 3-10:

Solution

The section is [image: image].


	Continuous lateral support, i.e., unbraced length, Lb = 0
From AISCM Table 3-10, ϕbMn = 46.9 ft.-kips for LRFD,

and [image: image] = 31.2 ft.-kips for ASD

From AISCM Table 3-10, the values of Lp = 2.8 ft. and Lr = 8 ft. are obtained, which corresponds to the location of the solid, dark shaded circle, and the unshaded circle, respectively, on the moment capacity curves.



	Unbraced length, Lb = 10 ft.
From AISCM Table 3-10, for the given unbraced length,

ϕbMn = 20 ft.-kips  for LRFD

[image: image] = 13.3 ft.-kips  for ASD

All of the above values agree with the answers previously obtained for Example 6-4.





Alternate Solution

Alternatively, AISCM Table 3-6 can also be used to determine the available moment strength:

ϕbMp = 46.9 ft.-kips  for LRFD

[image: image] = 31.2 ft.-kips   for ASD

Lp = 2.87 ft.

Lr = 8.05 ft.

AISCM Table 3-6 can be used for part (1) of this example because the unbraced length is less than Lr (i.e., Lb = 0 < Lr); however, for part (2) of this example where the unbraced length, Lb = 10 ft., is greater than Lr, indicating that the lateral torsional buckling limit state controls, AISCM Table 3-6 cannot be used to determine the design moment capacity [image: image] or the allowable moment [image: image]. Therefore, only equation (6-11) or AISCM Table 3-10 can be used for part (2) of this example since lateral torsional buckling controls.

EXAMPLE 6-8

Design Shear Strength Using the AISCM Tables

Confirm the results from Example 6-5 using the AISCM Tables.

Solution


	W16 × 26
From AISCM Table 3-6,

ϕvVn = 106 kips for LRFD

[image: image] for ASD



	W18 × 50
From AISCM Table 3-6,

ϕvVn = 192 kips for LRFD

[image: image] for ASD



	C12 × 20.7
From AISCM Table 3-8,

ϕvVn = 65.8 kips for LRFD

[image: image] for ASD

All of the above values agree with the answers previously obtained for Example 6-5.







6-7SERVICEABILITY REQUIREMENTS FOR BEAMS


In addition to designing for bending and shear, beams also need to be checked for serviceability. There are two main serviceability requirements: deflection and floor vibrations. Floor vibrations is covered in Chapter 12. For beams, deflections must be limited for several reasons as discussed in Chapter 2. In addition to assuring the functionality of deflection sensitive finishes, the occupants of the structure must not perceive that the structure is unsafe because of excessive deflections. Excessive deflections will also often lead to vibration problems.

The deflection equations for common loading conditions were given in Table 6-1. The basic deflection limits are found in Section 1604 of the International Building Code (IBC) [2] and are summarized in Table 6-4. Note that only service level loads are used for serviceability considerations, as discussed in Chapter 2.

The deflection limits in Table 6-4 do not consider the effects of ponding due to rain loads, which is discussed further in Chapter 14. In some cases, a beam can be cambered upward to counteract the dead load deflection such that the beam will be in a somewhat flat position prior to the application of live or other superimposed loads. The amount of camber typically varies approximately between 75% and 85% of the actual dead load deflection in order to prevent the possibility of overcambering of the beam because the end connections provide more end restraint than the simply supported end conditions typically assumed in the deflection calculations.


TABLE 6-4 Deflection Limits for Beams

[image: image]



When designing members that support masonry, ACI 530 [18] requires a deflection limit of L/600 or a maximum of 0.3 in., where L is the beam span. When designing members that support cranes, the vertical deflection limit varies from L/600 for light cranes to L/1000 for heavy cranes [11], where the applied load is the crane lifting capacity. For lateral loads on cranes, the deflection limit is L/400, where the lateral load is taken as 20% of the crane lifting capacity.

For cantilever beams (or beams with overhangs), the length, L, that should be used in the deflection limit equations is twice the span of the cantilever (i.e., 2Lc, where Lc is the length of the cantilever), since the deflection at the end of a cantilever beam is equivalent to the midspan deflection of a simple span beam [2].

In practice, it is common to develop approximate deflection equations in order to allow for quicker selection of a flexural member based on deflection limitations.

The deflection for a uniformly loaded, simple-span beam is

[image: image]

and the maximum moment is

[image: image]

Converting the units such that the moment is in ft.-kips and the beam length is in ft., the preceding two equations can be combined as follows:

[image: image]

[image: image]

Therefore, [image: image]   (6-23)

Where,

Δ = maximum deflection, inches,

w = uniform load, kips/ft.

M = maximum unfactored moment, ft.-kips

L = span of the simply supported beam, ft.

I = moment of inertia of the beam, in.4.

Note that M in equation (6-23) is the maximum unfactored moment in ft.-kips. For the total load deflection calculation, M is the maximum unfactored moment due to dead plus live loads; for calculating the live load deflection, M in equation (6-23) is the maximum unfactored moment due to live load only. Using the two basic deflection limits of L/240 for total dead plus live load deflection, and L/360 for live load deflection, equation (6-23) can be rearranged to obtain the required minimum moment of inertia for a uniformly loaded simply supported beam in terms of the maximum moment in ft.-kips and the span of the beam, L, in ft. as follows:

For the L/240 deflection limit under dead plus live loads,

[image: image]

Therefore, [image: image]   (6-24)

Similarly, for the L/360 deflection limit under live load only,

[image: image]

Therefore, [image: image]   (6-25)

Note that [image: image] in equation (6-24) is the maximum unfactored moment (in ft.-kips) due to dead plus live loads, and [image: image] in equation (6-25) is the maximum unfactored moment (in ft.-kips) due to live load only. Equations (6-23), (6-24), and (6-25) allow for the quick selection of a steel section based on a known moment and beam span. These equations can also be used for the approximate sizing of a beam with nonuniform loads by substituting the maximum moment due to the nonuniform loads as M in the preceding equations. Note that by inspection, it is evident that when the live load is more than twice the dead load (i.e., L > 2D), the live load deflection limit (i.e., L/360) will control. When the dead load is more than half of the live load (i.e., D > ½L), then the total load deflection limit (i.e., L/240) will control.

For the case of a single concentrated load at the midspan of a simply supported beam or girder, similar equations can be developed for the quick selection of a steel section using the elastic deflection equation, [image: image], where P is in kips and the span, L, is in ft.:

For the L/240 deflection limit under dead plus live loads,

[image: image]

Solving for I yields,

[image: image]   (6-26)

Similarly, for the L/360 deflection limit under live load only,

[image: image]

Therefore, [image: image]   (6-27)

Where,

[image: image] = maximum unfactored concentrated dead plus live load on the girder, kips.

[image: image] = maximum unfactored concentrated live load on the girder, kips.

L = beam span, in ft.

For the uniformly loaded simply supported beam, the equations for the required moment of inertia in terms of the uniform load, w, on the beam can be derived using the maximum deflection expression [image: image] as follows:

For the L/240 deflection limit under dead plus live loads,

[image: image]

Solving for I gives

[image: image]   (6-28)

Similarly, for the L/360 deflection limit under live load only,

[image: image]

[image: image]   (6-29)

Where,

[image: image] = unfactored uniformly distributed dead plus live load, in kips/ft.

[image: image] = unfactored uniformly distributed live load, in kips/ft.

L = girder span, ft.

I = moment of inertia, in.4

The preceding deflection and required minimum moment of inertia equations are summarized in Table 6-5.


TABLE 6-5 Summary of Common Deflection Equations and Required Moment of Inertia*

[image: image]



^For total load deflection, M is the maximum unfactored moment in ft.-kips due to dead plus live load, P is the concentrated dead plus live load in kips, and w is the uniformly distributed dead plus live load in kips/ft.; the span, L, is in ft., and I is in in.4.

^^For live load deflection, M is the maximum unfactored moment in ft.-kips due to live load, P is the concentrated live load in kips, and w is the uniformly distributed live load in kips/ft.; the span, L, is in ft., and I is in in.4.

† Loading is based on a uniformly distributed load on a simple-span beam



6-8BEAM DESIGN PROCEDURE


The typical design procedure for beams involves selecting a member that has adequate strength in bending and adequate stiffness for serviceability. Shear typically does not control, but it should be checked. The beam or girder design process using the LRFD method is as follows:


	Determine the service and factored loads on the beam. Service loads are used for deflection calculations and factored loads are used for strength design. The weight of the beam is unknown at this stage, but the self-weight can be initially estimated and is usually comparatively small enough that a change in its value will not affect the design.

	Determine the factored shear and moments on the beam.

	Select a shape that satisfies strength and deflection criteria. One of the following methods can be used:
a.For the steel sections listed in the AISC beam design tables, select the most economical beam to support the factored moment. Then check deflection and shear for the selected shape.

b.Determine the required minimum moment of inertia using Table 6-5. Select the most economical shape based on the calculated moment of inertia and check the selected section for bending and shear.

c.For shapes not listed in the AISC beam design tables, an initial size must be assumed. An estimate of the available bending strength can be made for an initial beam selection; then check shear and deflection. A more accurate method might be to follow the procedure in step 3b.



	Check floor vibrations (see Chapter 12).



The beam or girder design process using the ASD method would follow a similar approach as the preceding, but the ASD load combinations in Section 2-3 are used.

EXAMPLE 6-9

Floor Beam and Girder Design

For the floor plan shown in Figure 6-8, design members B1 and G1 for bending, shear, and deflection. Compare deflections with L/240 for total loads and with L/360 for live loads. The steel is ASTM A992, grade 50; assume that Cb = 1.0 for bending. The dead load (including the beam weight) is assumed to be 85 psf and the live load 150 psf. Assume that the floor deck provides full lateral stability to the top flange of B1. Ignore live load reduction. Use the design tables in the AISCM where appropriate.


[image: image]

FIGURE 6-8Floor plan for Example 6-9



Solution

Since the dead load is more than half of the live load, the total load deflection of L/240 will control.

Summary of Loads (see Figure 6-9):

L = 150 psf

[image: image]

[image: image]



	Beam B1
	Girder G1



	[image: image] = 6.67 ft.
Span of the beam, L = 30 ft.
	Span of girder = 20 ft.



	[image: image]
[image: image]
	[image: image]



	[image: image]
	[image: image]
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	[image: image]



	[image: image]
	[image: image]



	Factored beam reaction = 34.2 kips
[image: image]
	[image: image]




The loading diagrams for B-1 and G-1 are shown in Figure 6-9.


[image: image]

FIGURE 6-9Loading for B1 and G1




	Design of Beam B1
We will use the AISCM beam design charts and the required minimum moment of inertia method to select a beam size.

[image: image], since the compression flange of the beam is fully laterally braced by the floor deck.

From AISCM Table 3-10, a W16 × 40 is selected as the most economical size for bending, with [image: image] = 274 ft.-kips. However, note that a W18 × 40 has the same beam weight and, therefore, virtually the same cost, but provides more strength ( [image: image] = 294 ft.-kips) and stiffness (I = 612 in.4 versus I = 518 in.4). Therefore, a W18 × 40 is initially selected.

From Table 6-5 (total load controls deflection),

[image: image]

The required moment of inertia is greater than the moment of inertia of the W18 × 40, which is 612 in.4; therefore, a new beam size needs to be selected.

From AISCM Table 1-1,

[image: image]

[image: image]

[image: image]

[image: image]

The W21 × 44 has the lightest weight of all the sections above, so this beam size is selected. Alternatively, from AISCM Table 3-3, a W21 × 44 is found to be the lightest section with a moment of inertia greater than 658 in.4 Checking the moment capacity with AISCM Table 3-10, we find that ϕbMn = 358 ft.-kips > Mu = 257 ft.-kips.

Checking shear, note that a W21 × 44 (tw = 0.35 in.; d = 20.7 in.) does not have a slender web; therefore, the design shear strength is determined from equation (6-18), with Cv1 = 1.0 and ϕv = 1.0:

[image: image]

Alternatively, the shear strength can be found from AISCM Table 3-6 (ϕvVn = 217 kips, same as above).

A W21 × 44 is selected for member B1.



	Design of Girder G1
We will use the AISCM beam design charts and the required moment of inertia method to select a girder size. From Figure 6-9, the maximum factored moment in the girder is calculated as

[image: image]

That is, the girders are assumed to be laterally braced only at the beam locations.

From AISCM Table 3-10, a W24 × 55 is selected as the most economical size for bending, with ϕbMn = 460 ft.-kips.

Check the total load deflection of the girder using the total unfactored concentrated dead plus live loads, PD+L = 47 kips. The deflection equation for a girder with two equal and symmetrically located concentrated loads [1] is:

[image: image]

As an alternate approximate check, use equation (6-23) to determine the deflection:

The total maximum unfactored moment due to PD+L = 47 kips is

[image: image]

With beam span, L = 20 ft, the deflection in inches is computed from equation (6-23) as

[image: image]

Recall that equation (6-23) was developed for the uniform load case, but the results for the concentrated loads at ½ points is close to the actual value of Δ = 0.593 in. (less than a 3% difference). Therefore, equations (6-24) and (6-25), which are also expressed as a function of the moment in a beam, could also have reasonably been used for a quick size selection based on the required stiffness or moment of inertia.

Check Shear:

From Figure 6-9, the maximum factored shear is calculated as 68.4 kips. Note that from Section 6-5, the design shear strength is determined from equation (6-18), with Cv1 = 1.0 and ϕv = 0.9 (recall that a W24 × 55 (tw = 0.395 in., d = 23.6 in.) does not meet the web depth-to-thickness ratio from equation (6-20)):

[image: image]

Alternatively, the shear strength can be found from AISCM Table 3-6 ( ϕvVn = 251 kips, same as above).

A W24 × 55 is selected for member G1.







6-9BIAXIAL BENDING AND TORSION


Biaxial bending of a flexural member occurs when there is flexure about both principal axes (i.e., the x– and y–axes) when the loads along each axis are applied directly through the shear center of the beam; the shear center is the point within a section through which loads can be applied without resulting in twisting of the member. When the applied loads do not pass through the shear center, as is often the case with singly symmetric shapes, torsion will occur. Examples of beams or girders where the loads are not applied through the shear center include crane girders, purlins for roof framing, and unbraced beams providing lateral support to exterior cladding. Each of these examples has an applied load along the x- and y- axes, but since the applied loads in each case do not always pass through the shear center, torsional stresses will occur in addition to bending stresses (see Figures 6-10 and 6-11).


[image: image]

FIGURE 6-10Biaxial bending and torsion loading




[image: image]

FIGURE 6-11Biaxial bending and torsion examples



When torsion occurs in a steel section, the effect of warping must be considered. Warping occurs primarily in open sections such as W-, C-, and L-shapes. Warping of a W-shape is a condition in which the top and bottom flanges of the cross section deflect laterally in such a way that they are no longer parallel to each other (see Figure 6-12). The torsional resistance of an open section is the summation of the torsional stiffness of the component elements of the beam section. When a closed section such as a square or circular tube or HSS is subjected to torsion, each component element of the section rotates without warping; that is, plane sections remain virtually plane after rotation. The torsional resistance of a closed section is much larger than that of an open section, since the torsional stresses can be equally distributed in a closed section. For this reason, closed sections are highly recommended when any significant torsion is to be resisted.


[image: image]

FIGURE 6-12Warping action



The general relationship between the torsional moment and the angle of twist [12] is

[image: image]   (6-30)

Where,

θ = Angle of twist, radians,

T = Torsional moment,

L = Unit length,

G = Shear modulus of elasticity = 11,200 ksi for steel, and

J = Torsional resistance constant.

The torsional resistance constant, J, is equal to the polar moment for circular sections. For rectangular sections, J is slightly less than the polar moment of inertia; for open sections, J is much less than the polar moment of inertia. The value of J for any section can be calculated [14, 15] but tabulated values for standard sections are found in part 1 of the AISCM. Since closed sections are not subject to warping, the general relationship given in equation 6-30 can be applied directly to various torsional loading conditions on closed sections. Table 6-6 provides the formulas for the rotation for closed sections subject to various torsional loads. Note that, for closed sections, the end conditions are usually assumed to be torsionally fixed, since warping in closed sections is negligible.


TABLE 6-6 Torsion Displacement Equations for Closed Sections

[image: image]

Note: T = Concentrated torsion = Pe
t = Uniformly distributed torsion = we



To account for the effects of warping in open sections, tabulated values of a warping constant, Cw, are given in part 1 of the AISCM. When a W-shaped beam is subjected to torsional loading, the supported ends of the beam are generally restrained against rotation with standard shear connections and the torsional stresses are concentrated in the beam flanges. In the middle portion of the beam span, rotation is generally unrestrained and torsional stresses are distributed to the beam web as well. A torsion bending constant, a, is suggested in Ref. [14] to determine the approximate location along the length of the beam where the effects of torsional restraint are negligible, and this constant is defined as

[image: image]   (6-31)

Table 6-7 [14] provides the approximate values of the flange moment and rotation in W-shapes. (The concept of flange moment will be discussed in the next section). Note that the end conditions for the cases shown in Table 6-7 are assumed to be torsionally fixed for cantilever beams, a requirement for equilibrium, and torsionally pinned for simple span conditions. A torsionally pinned end support does not restrain the section from warping (i.e., the section is allowed to warp), but torsional rotation is restrained at the both ends of the beam (see Figure 6-13a), whereas a torsionally fixed end support restrains the section from warping and also restrains the torsional rotation at the ends of the beam. For a W-shape to be torsionally fixed, the top and bottom flanges must have full restraint at the supported ends against rotation about its longitudinal axis; this can be achieved by welding vertical side plates - on both sides of the web and parallel to the web - to the edges of the top and bottom flanges to form a tube or closed section at the ends of the beam (see Figure 6-13b). To be effective, these side plates should extend a length equal to the beam depth from the end of the beam [16]. Figure 6-13 shows examples of torsionally pinned and torsionally fixed end conditions for W-shapes. Note that beams intended to resist torsion should preferably not be coped; coping the beam will reduce the torsional restraint provided at the end of the beam. A commonly used rule of thumb assumes that there is sufficient torsional restraint for a beam if the depth of the beam connection element (i.e., the double angles or shear plate or shear tab) is at least one-half the beam depth, and the beam is un-coped. Extended single plate shear connections should not be used if torsional restraint is required [19]. The AISC Design Guide 9 [8] provides a more detailed coverage of how to determine the torsional displacement for various loading and boundary conditions.


TABLE 6-7 Approximate Torsion Displacement and Flange Moment Equations for W-shapes

[image: image]

Adapted from Ref: [14]




[image: image]

FIGURE 6-13Torsionally pinned and torsionally fixed ends for W-shapes



In the next section, we will discuss a conservative analysis procedure for beams with either biaxial bending or bending plus torsion. There are more exact methods of torsional analysis that could be used [8] but they involve the solution of complex differential equations, and it is often desirable to use a quicker, more conservative method to expedite the design process in practice. The approach taken here resolves the torsional moment from any torsional loading on a wide flange section into an equivalent lateral force-couple acting on the top and bottom flanges in a direction perpendicular to the longitudinal axis of the flange; thus, the member is considered to be subjected to biaxial bending from the gravity loading, which results in bending about the strong axis (i.e., x-axis) plus bending about the weak axis (i.e., y-axis) of the beam caused by the lateral force-couple. For wide flange sections, the equivalent equal and opposite lateral forces acting on the top and bottom flanges of the section results in bending of the flanges about their strong axis (i.e., , about the y-y axis of the section), with both flanges bending laterally in opposite directions.

There are three cases of biaxial bending of beams that will be considered:


	Case 1: Beams where the load passes through the shear center (see Figure 6-14).

	Case 2: Beams in which the resultant load does not pass through the shear center, but the vertical component of the load does pass through the shear center. The shear center (SC) is the point through which the load must act if there is to be no twisting of the beam section. The location of the shear center is given in AISC Design Guide 9 [8]. (See Figure 6-15 for the Case 2 loading diagram.)

	Case 3: Vertical load that does not pass through the shear center (see Figure 6-16).




[image: image]

FIGURE 6-14Inclined load passing through the shear center




[image: image]

FIGURE 6-15Inclined load not passing through the shear center




[image: image]

FIGURE 6-16Vertical load eccentric to the shear center



For Case 1, where the inclined load passes through the shear center, the load can be resolved into a horizontal and a vertical component, each of which passes through the shear center. This will result in no twisting of the beam and will cause simple bending about both the x- and the y-axes.

An interaction equation is used to determine whether the member is adequate for combined bending. The biaxial bending interaction equation for the LRFD method for the Case 1 loading is given in the AISC specification as

[image: image]    (6-32)

Where,

Mux = Factored moment about the x-axis,

Muy = Factored moment about the y-axis,

Mnx = Nominal bending strength for the x-axis,

Mny = Nominal bending strength for the y-axis, and

φb = 0.9

The nominal bending strength for the x-axis has been discussed previously in this chapter. For the y-axis, lateral-torsional buckling is not a limit state, since the member does not buckle about the strong axis when the weak axis is loaded. For shapes with compact flanges, the nominal bending strength about the y-axis is

[image: image]    (6-33)

where

Mny = Nominal bending strength about the y-axis,

Mpy = Plastic bending strength about the y-axis,

Fy = Yield stress,

Zy = Plastic section modulus about the y-axis, and

Sy = Elastic section modulus about the y-axis.

For shapes with non-compact flanges (i.e., shapes that are susceptible to local buckling), the nominal bending strength about the y-axis is

[image: image]    (6-34)

Note that equation (6-34), which applies to weak axis bending, is similar in format to equation (6-14a), which applies to strong axis (x-axis) bending for sections with noncompact flanges.

For Case 2, where the inclined load does not pass through the shear center, but the vertical component does, the load is resolved into a vertical component and a horizontal component located at the top flange (see Figure 6-15). The horizontal component of the inclined load is concentrated at the top flange and is assumed to be resisted only by the top flange bending about the strong axis of the flange. Thus, the moment capacity of the beam about its weak axis (i.e., y-axis) considering only the top flange is approximately equal to one-half the bending moment capacity about the y-axis of the entire beam. The interaction equation for this case is

[image: image]    (6-35)

For Case 3, where there is a vertical load eccentric to the shear center, the load is resolved into a vertical load coincident with the shear center and horizontal forces located at the top and bottom flanges acting in opposite directions perpendicular to the longitudinal axis of the beam (see Figure 6-16).

The moment about the y-axis (i.e., , the flange bending moment) can be calculated by determining the equivalent flange force-couple, which can be taken as [image: image]. The moment about the y-axis can then be calculated once this flange force is determined and the interaction equation (6-35) is also used for Case 3 since the top and bottom flanges are bending and deflecting laterally in opposite directions. This is the warping behavior that was previously discussed, so Case 3 is equivalent to beams loaded in pure torsion. For W-shaped beams, the formulas for flange moment and rotation in Table 6-7 are recommended. Practical examples of Case 3 loading are illustrated in Figure 6-17. References [8, 9, 14, 15] provide more detailed coverage of torsion in steel design, but a simplified approach (i.e., Case 3 loading) is often used in design practice.


[image: image]

FIGURE 6-17Common torsion examples



In practice, it is common to provide adequate details that directly resists the forces arising from the torsional moment, rather than allowing any significant torsion and twist in the flexural member, since the analysis of flexural members for torsion can be quite cumbersome. The two most common methods for controlling torsion in practice are:


	providing a steel section that is closed (such as a hollow structural section); and

	providing adequate lateral diagonal bracing (i.e., kickers).



Closed sections are very effective in distributing torsional stresses around the perimeter of the section, whereas open sections, such as W-shapes, rely on the stiffness of the individual components (web and flange) that make up the section to resist torsion. The primary measure of the torsional stiffness of a member is the torsional constant, J, which is listed for each shape in part 1of the AISCM. To provide a comparative example, the torsional stiffness of a W8 × 31 is listed as J = 0.536 in.4. An HSS member of equivalent size and weight would be an HSS 8 × 8 × 5/16, which has torsional stiffness of J = 136 in.4, nearly 250 times the value obtained for the W8 × 31. The torsional stiffness constant, J, is directly proportional to the rotation, so for the same loading, the W8 × 31 would undergo a torsional rotation that is much greater than the torsional rotation of an equivalent closed or tube section.

Providing adequate lateral bracing can also help to control torsion because the addition of lateral braces will reduce the length of the member, L, used in the torsional analysis, and therefore result in a smaller torsional moment in the member (see Tables 6-6 and 6-7). Figure 6-18 shows common details that are used to control torsion.


[image: image]

FIGURE 6-18 (a-c)Details used to control torsion




[image: image]

FIGURE 6-18 (d)Details used to control torsion



 EXAMPLE 6-10

Torsion in a Spandrel Beam

Determine whether the beam shown in Figure 6-19 is adequate for combined bending loads. The floor-to-floor height is 12 ft.; the beam span is 15 ft. and is unbraced for this length on both the x- and y-axes. The loads shown are service loads. Use the LRFD method.

Solution

Since only the bottom flange of the beam is subjected to y–y axis bending, this corresponds to Case 2 biaxial bending. The beam is subjected to biaxial bending from the vertical gravity loads and the horizontal wind loads. Thus,

[image: image]

The critical LRFD load combination for these loads is 1.2D + 1.0W + 0.5L (see Section 2-3)

Vertical Load and Moment:

[image: image]


[image: image]

FIGURE 6-19Detail for Example 6-10



Horizontal Load and Moment:

[image: image]

From AISCM Table 3-10 for a W14 × 34 and an unbraced length, Lb = 15 ft, the design moment capacity about the x-axis is [image: image] ft.-kips.

A W14 × 34 has compact flanges, so the design bending strength about the y-axis is found from equation (6-33) as:

[image: image]

[image: image]

Therefore, [image: image]

[image: image]

Checking the interaction equation for Case 2 using equation (6-35),

[image: image]

Therefore, the W14 × 34 beam is adequate for torsion and the equivalent bi-axial bending.

 EXAMPLE 6-11

Torsion in a Spandrel Beam Supporting Brick Veneer

Determine whether the beam shown in Figure 6-20 is adequate for combined bending loads and torsion. The floor-to-floor height is 12 ft. and the beam span is 17 ft. The loads shown are service loads. Use a unit weight of 40 psf for the brick veneer and assume that the top flange has continuous lateral support. Use the LRFD method.


[image: image]

FIGURE 6-20Detail for Example 6-11



Solution

The loading shown is equivalent to Case 3. We will use both methods presented for Case 3 loading to compare the results.

[image: image]

The critical load combination for these loads is 1.2D + 1.6L (see Section 2-3)

Vertical Load and Moment:

[image: image]

Horizontal Load and Moment:

The moment causing torsion is Pe = (1.2)(0.48)(8 in./12) = 0.384 ft.-kips/ft.

The distance between the centroid of the top and bottom flanges is, [image: image]

The lateral force in the flanges in kips/ft. is calculated as [image: image] (flange force is applied as a uniformly distributed horizontal load)

[image: image]

From AISCM Table 3-6 for a W16 × 36 and Lb = 0 ft, [image: image]

[image: image]

[image: image]

Therefore, [image: image]

[image: image]

Check the interaction equation for Case 3 using equation (6-35):

[image: image]

Therefore, the W16 × 36 beam is not adequate for torsion and the equivalent biaxial bending.

As a comparison, we will use the approximate equation from Table 6-7 to see if the preceding approximate method of analysis for torsion was too conservative.

From part 1 of the AISCM,

[image: image]

[image: image]

[image: image]

[image: image]

From Table 6-7,

The weight of the eccentric brick veneer that is causing the torsion is,

[image: image]

[image: image]

[image: image]

[image: image]

[image: image]

[image: image]

This value of Mf is less than the value of 10.8 ft.-kips previously calculated. Checking the interaction equation for the new value of Mf gives

[image: image]

Therefore, the W16 × 36 beam is adequate for torsion and the equivalent biaxial bending.

Check Deflection:

For deflections, the combined weight of the veneer and the live load will be used, and the deflection will be compared to a deflection limit of the smaller of L/600 and 0.3 in. (the 0.3 in. deflection limit controls only for L > 15 ft.). Further, the Brick Industry Association [5] recommends a maximum deflection caused by the torsional rotation of 1/16 in., which will also be checked. The total load due to the brick veneer and the block backup wall is,

[image: image]

The vertical deflection due to the cladding is computed as

[image: image]

Check torsional rotation:

The brick veneer load causing torsion is,

[image: image]

From Table 6-7, the torsional rotation is computed as

[image: image]

[image: image]

[image: image]

Therefore, [image: image]

With reference to Figures 6-20 and 6-20b, the vertical displacement at the exterior tip of the bottom plate caused by this torsional rotation is

[image: image]

This amount of twist causes a vertical deflection that far exceeds the deflection limit of 1/16 in. and is therefore not adequate. The reader should confirm that adding lateral support at [image: image] points would decrease the torsional rotation of the lintel beam to about 0.11°, resulting in ∆v = 0.015 in. which is less than the 1/16 in. limit. Therefore, adding lateral bracing would be recommended here.

An alternate solution would be to use the more torsionally efficient HSS section for the lintel beam. As a comparison, we will now consider the torsional rotation of an equivalent closed section. An HSS16 × 8 × ¼ will be selected. From part 1 of the AISCM, J = 300 in.4. From Table 6-6, the torsional rotation is

[image: image]

Therefore, [image: image]

The vertical displacement at the exterior tip of the bottom plate caused by this rotation is

[image: image] < 1/16 in.

This displacement is more than 200 times smaller than the calculated torsion-induced displacement of the W16 × 36 lintel beam for the same span. The maximum permissible deflection is 1/16 in., or 0.0625 in. [5], so the HSS16 × 8 × ¼ would be adequate for this loading.



6-10BEAM BEARING FAILURE MODES AND DESIGN STRENGTH


In typical steel structures, steel beams and girders are connected to other steel members by some combination of gusset plates, clip angles, welds, and bolts to transfer the end reactions (see Chapters 9 and 10). In some cases, the end reaction of a beam is transferred in direct bearing onto masonry or concrete wall, or onto another steel member. When steel beams are supported in bearing, a steel bearing plate is used to spread the load out over a larger surface area. In the case of bearing on concrete or masonry, the bearing plate needs to have a sufficient plan area to distribute the bearing stress so that the bearing strength of the concrete or masonry wall is not exceeded. In the case of a steel beam or column bearing on another steel section, the bearing plate is designed to have sufficient plan area so that local buckling does not occur in the supporting steel section. Figure 6-21 illustrates these common beam bearing conditions.

The dimensions of the beam bearing plate are lb which is parallel to the longitudinal axis of the beam, and B, which is perpendicular to the beam. For practical purposes, lb is usually a minimum of 6 in. and B is usually greater than or equal to the beam flange width, bf (see Figure 6-21b). This allows for reasonable construction tolerances in placing the bearing plate and the beam. Both the plate dimension B and lb should be selected in increments of 1 in., and the plate thickness, tp, is usually selected in increments of ¼ in.

The possible failure modes for beam bearing include:


	Beam web local yielding;

	Beam web local crippling;

	Plate bending due to the bearing stress; and

	Bearing stress in the supporting concrete or masonry wall.




[image: image]

FIGURE 6-21Bearing on masonry and steel



Web yielding is the crushing of a beam web subjected to compression stress due to a concentrated load. When a concentrated load occurs at or near the end of the beam, the compression stress distribution is less than if the load were placed on the interior portion of the beam (see Figure 6-21c).

The compression stress is assumed to be dispersed or distributed longitudinally in the beam in a vertical-to-horizontal dimension ratio of 1:2.5 through the beam flange and inner radius (see Figure 6-21c). This will yield the effective width (parallel to the longitudinal direction of the beam), and multiplying this effective width by the web thickness and yield stress gives the following design capacity for web local yielding (see Figure 6-21e and AISC Specifications Section J10.2):

[image: image]

[image: image] for LRFD   (6-36a)

[image: image] for ASD   (6-36b)

Thus, the compression load is assumed to act over an effective width of the beam web (parallel to the longitudinal axis of the beam) equal to [image: image].

[image: image]

[image: image] for LRFD   (6-37a)

[image: image] for ASD   (6-37b)

Thus, for this case that occurs at the end of a beam or girder, the compression load acts over an effective length of web equal to [image: image].

Where,

ϕwy = 1.0 (i.e., resistance factor for web yielding)

Ωwy = 1.5 (i.e., safety factor for web yielding),

Rn = Nominal design strength, kips

tw = Beam web thickness,

lb = Bearing length (not less than k for beam end reactions),

d = Beam depth,

x = Distance from the end of the beam to the concentrated load (see Figure 6-21e),

k = vertical distance between the outer face of the top or bottom flange and the toe of the fillet in the web (see AISCM, part 1)

Fy = yield strength, ksi

E = 29,000 ksi

Web local crippling occurs when the concentrated load causes a local buckling of the beam web. The design strength for web crippling for wide flange sections and for HSS (with connecting surface in tension) are obtained from AISC Specifications, Section J10.3 as follows:

[image: image]

[image: image] for LRFD   (6-38a)

[image: image] for ASD   (6-38b)

[image: image]

[image: image] for LRFD   (6-39a)

[image: image] for ASD   (6-39b)

[image: image]

[image: image] for LRFD   (6-40a)

[image: image] for ASD   (6-40b)

Where,



	ϕwc =
	0.75 (i.e., resistance factor for web crippling),



	Ωwc =
	 2.0 (i.e., safety factor for web crippling),



	Qf =
	 1.0 for wide flange sections,



	Rn =
	 Nominal design strength, kips,



	tw =
	 Beam web thickness,



	tf =
	 Beam flange thickness,



	lb =
	 Bearing length,



	d =
	 Beam depth,



	x =
	 Distance from the end of the beam to the concentrated load,



	k =
	 vertical distance between the outer face of the top or bottom flange and the toe of the fillet in the web (see AISCM, part 1),



	E =
	 29000 ksi,



	Fy =
	Yield strength, ksi.




The bearing strength of the supporting concrete or masonry in crushing on the full support area is obtained from Section J8 of the AISC Specifications,

[image: image] for LRFD   (6-41a)

[image: image] for ASD   (6-41b)

When the bearing is on less than the full area of concrete support, the bearing strength is

[image: image] for LRFD   (6-42a)

[image: image] for ASD   (6-42b)

Where,



	ϕcb = 
	 0.65



	Ωcb = 
	 2.31



	Pp = 
	 Nominal design strength,



	f′c = 
	 28-day compressive strength of the concrete or masonry,



	A1 = 
	 Area of steel bearing = Blb, and



	A2 = 
	Maximum area of the support geometrically similar and concentric with the loaded area



	=
	(B + 2e)(lb + 2e). Note that the dimension e is the minimum distance from the edge of the plate to the edge of the concrete support.




The strength reduction factor given in the AISC specification for bearing on concrete is 0.65, similar to that given in the ACI Code [4].

The dimensional parameters for A1 and A2 are shown in Figure 6-22.

The strength of the bearing plate in bending also has to be checked. Using equation (6-9), the design moment strength for a plate bending about its weak axis (i.e., y-axis) is

[image: image] for LRFD   (6-43a)

[image: image] for ASD   (6-43b)


[image: image]

FIGURE 6-22A1 and A2 parameters



Where,

φb = 0.9

Ωb = 1.67,

Fy = Yield stress, and

[image: image]    (6-44)

From Figure 6-23, the maximum factored moment is

[image: image]    (6-45)

Combining equations (6-43), (6-44), and (6-45) yields

[image: image]

[image: image] for LRFD

[image: image]

[image: image] for ASD

Solving for the plate thickness, tp, yields

[image: image] for LRFD   (6-46a)

[image: image] for ASD   (6-46b)


[image: image]

FIGURE 6-23Bearing plate bending



Where,

tp = bearing plate thickness,

B, [image: image] = Bearing plate plan dimensions,

Rs = Service load reaction,

Ru = Factored reaction,

l = Moment arm for plate bending [image: image]    (6-47)

k1 = horizontal distance between the centroid of the beam web and the toe of the flange fillet (from part 1 of the AISCM),

Fy = Yield stress.

For the limit states of web yielding and web crippling, a pair of transverse stiffeners or a web doubler plate can be added to reinforce the beam section when the design strength is less than the applied loads. This topic, including the design of the stiffener and doubler plates, is covered in Chapter 11.

The design procedure for bearing plates can be summarized as follows:


	Determine the location of the load relative to the nearest end of the beam (i.e., dimension x in Figure 6-21e).

	Assume a value for the bearing plate length, [image: image].

	Check the beam for web yielding and web crippling for the assumed value of [image: image] ; adjust the value of [image: image] as required.

	Determine the bearing plate width, B, such that the bearing plate area, A1 = B [image: image], is ­sufficient to prevent crushing of the concrete or masonry support.

	Determine the thickness, tp, of the beam bearing plate so that the plate has adequate strength in bending.



 EXAMPLE 6-12

Web Yielding and Web Crippling in a Beam

Check web yielding and web crippling for the beam shown in Figure 6-24. The steel is ASTM A992, grade 50.

Solution

For W18 × 50, we obtain the following properties from AISCM Table 1-1:

[image: image]

[image: image]

[image: image]

[image: image]


[image: image]

FIGURE 6-24Detail for Example 6-12



We will now follow the steps in the bearing plate design procedure from the preceding discussion:

Step 1. x = 3′-0 > d and > d/2

Step 2. [image: image] = 6 in. (given)

LRFD Solution:

Step 3a. Web Yielding

[image: image]

[image: image]

Step 3b. Web Crippling

[image: image]

[image: image]

[image: image]

The W18 × 50 beam is adequate for web yielding and web crippling.

ASD Solution:

Step 3a. Web Yielding

[image: image]

[image: image]

Step 3b. Web Crippling

[image: image]

[image: image]

The W18 × 50 beam is adequate for web yielding and web crippling.

EXAMPLE 6-13

Beam Bearing on a Concrete Wall

A W18 × 50 beam is simply supported on 10-in.-thick concrete walls at both ends as shown in Figure 6-25. Using the LRFD method, design a beam bearing plate at the concrete wall supports assuming the following:

[image: image]

Use [image: image]

Dead load, [image: image]

Live load, [image: image]

[image: image]

Solution

For a W18 × 50, we obtain the following properties from AISCM, Table 1-1:

[image: image]

[image: image]

[image: image]

[image: image]

[image: image] in.

The factored loads and reactions at each end of the beam are

[image: image]

[image: image]

Design Steps:

1.x < 5 in., (half of the wall thickness)
Therefore, x < d and x < d/2.

2.Assume [image: image] = 6 in. (recommended practical value)


[image: image]

FIGURE 6-25Detail for Example 6-13



3a.Web Yielding

[image: image]

[image: image]

3b.Web Crippling

[image: image]

[image: image]

= [image: image]

[image: image]

4.Plate Bearing

[image: image]

From equation (6-41a), [image: image] can be conservatively taken as

[image: image]

That is, [image: image]

Solving for B yields Bmin = 3.78 in.

It is practical to use a value of B at least equal to or greater than the beam flange width.

[image: image]

Therefore, the trial bearing plate size (B × [image: image]) is 8 in. × 6 in.

5.Determine the plate thickness using equation (6-46a):

[image: image]

[image: image]

Select plate thickness in increments of ¼ in.; therefore,

Use an 8-in.wide × 6-in. long × 1-in. thick bearing plate.



6-11BEARING STIFFENERS


Bearing stiffeners are the vertical plates provided at the bearing locations of a beam when the beam does not have sufficient strength in the web to support the end reaction or concentrated load. The limit states for this condition are web local yielding, web crippling, and web sidesway buckling. The design provisions for web local yielding and web crippling were covered in the previous section, and the design of the stiffener plates for these two limit states is covered in Chapter 11.

Web sidesway buckling can occur when a concentrated compressive load is applied to a beam and the relative lateral movement between the loaded compression flange and the tension flange is not restrained at the location of the concentrated force. The concentrated compressive force could be applied at a point within the length of the beam, or the compression force could be the beam end reaction. When the loaded flange is laterally restrained by a horizontal brace, the brace should be designed for an axial tension and compression force equal to 1% of the concentrated load [1] or use the point bracing design provisions discussed in Chapter 14.

When the compression flange is restrained against rotation, the limit state of web sidesway buckling (see Section J10.4 of AISC Specification) is as follows:

When [image: image],

[image: image]   for LRFD   (6-48a)

[image: image]   for ASD   (6-48b)

For [image: image] web sidesway buckling does not apply and therefore does not have to be checked.

When the compression flange is not restrained against rotation, the limit state of web sidesway buckling is as follows:

For [image: image]

[image: image]   for LRFD   (6-49a)

[image: image]   for ASD   (6-49b)

For [image: image] the limit state of web sidesway buckling does not apply and therefore does not have to be checked.

The parameters in the preceding equations (6-48) and (6-49) are defined as follows:



	ϕ =
	0.85



	Ω =
	1.76



	h =
	Clear distance between the flanges for built-up shapes,



	 =
	Clear distance between the flanges less the fillets for rolled shapes; this is denoted as “T” for wide flange sections in part 1 of the AISCM),



	tw =
	Web thickness, h/tw (from part 1 of the AISCM, for standard sections),



	Lb =
	Largest unbraced length along either the top or the bottom flange at the load point,



	bf =
	Flange width,



	tf =
	Flange thickness,



	Cr =
	960,000 ksi when Mu < My for LRFD or 1.5Ms < My for ASD



	 =
	480,000 ksi when Mu > My for LRFD or 1.5Ms ≥ My for ASD,



	My =
	FySx,



	Fy =
	Yield stress, and



	Sx =
	Elastic section modulus,



	Mu =
	Factored moment in kips-inch from the LRFD load combination in Section 2-3,



	Ms =
	Service or unfactored total moment in kips-inch from the ASD load combination in Section 2-3.




When the stress from the concentrated compressive force is greater than the design strength of the web, either bearing stiffeners or lateral bracing are required at the location of the concentrated force. When bearing stiffeners are provided to resist the full compressive force, the limit states of web local buckling, web crippling, and web sidesway buckling do not have to be checked.

Bearing stiffeners are designed as short columns when they are provided to reinforce the web of a beam subjected to concentrated loads or the web of a beam at an end reaction. The section properties of the stiffened beam section are as shown in Figure 6-26. The AISC specification allows a portion of the web to be included in the calculation of the design compressive strength of the localized section. For bearing stiffeners at the end of a member, the section of web included has a maximum length of 12tw; for interior stiffeners, the maximum length is 25tw. The effective length factor for stiffeners is K = 0.75.


[image: image]

FIGURE 6-26Section properties for bearing stiffeners



The calculated section properties are then used to determine the design strength of the stiffener in compression. For connection elements such as bearing stiffeners, AISC Specification Section J4.4 permits the design compressive strength to be determined as follows:

[image: image],

[image: image]   for LRFD   (6-50a)

[image: image]   for ASD   (6-50b)

Where,

ϕc = 0.9,

Ωc = 1.67,

Fy = Yield stress,

Ag = Gross area of the bearing stiffener section,

K = 0.75 for bearing stiffeners,

L = h, and

r = Least radius of gyration for the bearing stiffener section.

For [image: image] the provisions from Chapter 5 apply, or AISCM, Table 4-14 can be used to determine ϕcFcr for any value of [image: image]

The limit state of bearing strength also needs to be checked, but this rarely controls the design of stiffeners. The design bearing strength for stiffeners is

[image: image]   for LRFD   (6-51a)

[image: image]   for ASD   (6-51b)

Where,

ϕpb = 0.75

Ωpb = 2.0

Fy = Yield stress

Apb = Cross-sectional area of the bearing stiffeners

The bearing stiffeners are usually welded to the flanges and the web of the beam. However, the stiffener is not required to be welded to the compression flange. For the weld connecting the stiffener to the web, the difference between the total concentrated force and the smallest design strength for web local yielding, web crippling, and web sidesway buckling can be used to determine the weld size.

 EXAMPLE 6-14

Bearing Stiffeners

Determine the design bearing strength at the end of the W18 × 50 beam shown in Figure 6-27. The steel is ASTM Grade 50.

Recall that when bearing stiffeners are provided, web local yielding, web crippling, and web sidesway buckling do not have to be checked. (Web local yielding and web crippling were checked in the previous examples.)

Solution

From AISCM, Table 1-1, we find the following properties for W18 × 50:

[image: image]

[image: image]

Section properties of the stiffened area about the web are

[image: image]

[image: image]


[image: image]

FIGURE 6-27Detail for Example 6-14



Area of stiffener plates = (2 plates)(3 in.)(3/8 in.) = 2.25 in.2

Area of effective web = (4.26 in.)(0.355 in.) = 1.51 in.2


[image: image]



[image: image]

Slenderness Ratio:

[image: image]

LRFD solution:

Since the slenderness ratio is less than 25, we can use equation (6-50a) to compute the axial compression capacity of the stiffened area about the web (with a gross area, Ag = 3.76 in.2):

[image: image]

Bearing:

The bearing area will be the area of the two stiffener plates, excluding the fillets:

[image: image]

[image: image]

The capacity in bearing is less than [image: image] of 169 kips, therefore, the bearing strength controls, so the maximum factored reaction is 110 kips.

The design of welds will is covered in Chapter 10, but the design of the weld connecting the stiffener plate to the beam web is covered here for completeness.

Weld to the web:

[image: image]

From Table 10-2,

Minimum weld size = 3/16 in.

Maximum weld size = 3/8 in. – 1/16 in. = 5/16 in.

The ultimate limit states design (LRFD) equation is

[image: image]

Where,



	  ϕRn =
	 Design weld strength (kips),



	D =
	 Weld size in sixteenths of an inch (e.g., D = 5 for a 5/16-in. weld),



	L =
	 Weld length, in.



	 =
	2h = (2)(16.06 in.) = 32.12 in.,



	Ru =
	 110 kips




Therefore, [image: image]

Solving for D gives D = 2.47; therefore, use a 3/16 in. weld to connect the stiffener plate to the beam web.

ASD solution:

Since the slenderness ratio is less than 25, we can use equation (6-50b):

[image: image] = 112 kips

Bearing:

The bearing area will be the area of the two stiffener plates, excluding the fillets:

[image: image]

[image: image] = 73.8 kips

Bearing strength controls, so the maximum service load reaction is 73.8 kips.

Weld strength is covered in Chapter 10, but the weld connecting the stiffener plate to the web will be covered here for completeness (see Section J2.2 of the AISC specification).

[image: image]

From Table 10-2,

Minimum weld size = 3/16 in.

Maximum weld size = 3/8 in. – 1/16 in. = 5/16 in.

The ASD design equation is

[image: image]

Where,

[image: image] = Allowable weld strength (kips),



	RS =
	unfactored maximum total load = 73.8 kips



	D =
	Weld size in sixteenths of an inch (e.g., D = 5 for a 5/16-in. weld),



	L =
	Weld length, in.,



	  =
	2h = (2)(16.06 in.) = 32.12 in.




Therefore, [image: image]

Solving for D gives D = 2.47; therefore, use a 3/16 in. weld to connect the stiffener plate to the beam web.



6-12OPEN-WEB STEEL JOISTS


Open-web steel joists (OWSJ) can be used in lieu of steel beams in either floor or roof framing, but they are more commonly used for roof framing. These joists are sometimes called bar joists, because at one time many were fabricated with round bars as web members. Most joists today are manufactured with double-angle members used for the top and bottom chords, and either single or double-angle web members. Some joists are manufactured with proprietary, nonstandard steel sections, and the load-carrying capacity of these sections would have to be determined from the joist manufacturers’ load tables.

The following are the main advantages of open-web steel joists when compared to rolled wide flange sections:


	They are lighter in weight than rolled shapes for a given span.

	An open web allows for easy passage of mechanical duct work and electrical conduits.

	They may be more economical than rolled shapes, depending on the span length.



The main disadvantages of open-web steel joists are as follows:


	They cannot easily support concentrated loads at locations away from the panel points (see Figure 6-28).

[image: image]

FIGURE 6-28Loading at and away from joist panel points




	The light weight of the OWSJ make them more susceptible to vibration problems when they are used for floor framing (see Chapter 12 for further discussion).

	They may not be economical for floor framing because of the closer joist spacing that is required due to the heavy floor loads.

	Future structural modifications are not as easy to accomplish with joists compared to wide flange sections.



There are many manufacturers of open-web steel joists, but the most commonly used publication for the selection of these members is the Standard Specifications and Load Tables for Steel Joists and Joist Girders, published by the Steel Joist Institute (SJI) [7].

The load tables in this catalog are identified by a designation that corresponds to a certain strength and stiffness. Many individual manufacturers will provide joists based on these load tables and the corresponding SJI specifications.

 K-Series Joists

These are the most common joists and they are used as the primary members for roof or floor framing. They are selected from the SJI catalog by a number designation (e.g., 14K1). The first number—14—represents the overall depth of the joist, and the last number—1—is the series designation. 14K3 would have more strength than the 14K1. They are listed in the catalog with a certain load-carrying capacity as a function of the span. The load-carrying capacity has two numbers listed in pounds per lineal foot. For the LRFD tables, the first, or upper, number is the total factored load-carrying capacity of the joist. The second, or lower, number (often in red font) is the service live load that will produce a deflection of L/360 for floors and L/240 for roof members. The standard joist seat depth for K-series joists is 2½ in. (see Figure 6-29a). Larger depths or inclined seats can be used for special conditions.


[image: image]

FIGURE 6-29Joist seat types



K-series joists are generally economical for spans of up to 50 ft. and vary in overall depth from 8 in. to 30 in.

 KCS-Series Joists

KCS joists are K-series joists with the ability to support a constant shear across the span (hence the CS designation). KCS joists are designed to support a constant moment across all interior panel points and a constant shear across the entire length. KCS joists are used for nonuniform loading conditions such as equipment loads or trapezoidal snowdrift loads. The designer simply needs to calculate the applied maximum shear and moment for a given special joist loading and select a KCS joist with corresponding larger or equal shear and moment capacities. The joist seat depth for KCS joists is also 2½ in.

 Type S and R Extensions

Top chord extensions (often designated as TCX) are used at perimeter conditions where a cantilever is desired. These extensions are often designed for the same load as the joist in the back span; however, two standard cantilevered sections are provided in the SJI specification—the S-type and the R-type. The S-type implies that only the upper seat angles are extended, whereas the R-type is a stronger section where the entire depth of the joist seat is extended (see Figures 6-29c and 6-29d).

 LH-Series and DLH-Series

These are long-span joists that are used for spans of up to about 130 ft. The letter D in the DLH designation indicates a deeper section than the LH-series. The designation is similar to that of K-series joists (e.g., 32LH06). The number 32 is the overall depth and the 06 is a series designation. LH- and DLH-series joists vary in depth from 18 in. to 72 in. The joist seat depth is 5 in. for LH and most DLH joists. Some of the larger DLH joists require a 7½-in. joist seat depth.

 Joist Girders

Joist girders are of open-web construction and are members that usually support steel joists. Joist girders are designed as steel trusses that support concentrated loads from the joists that frame into them. They are designated by their overall depth, the number of panel points, and the loads at each panel point (e.g., 24G-6N-15k) (see Figure 6-30). The number “24” is the overall depth, “6N” indicates the number of panel spaces, and “15k” indicates a total load of 15 kips at each panel point (factored load for the LRFD tables and service loads for the ASD tables). The seat depth for joist girders is either 7½ in. or 10 in., depending on the loading and configuration of the joist girder (see Figure 6-29b).


[image: image]

FIGURE 6-30Joist girder designation



When a required joist design does not fit one of these categories, a special joist is often designed where the designer provides a special joist loading diagram for the joist manufacturer to use in designing the joist. Examples of this would include joists with concentrated loads, joists and joist girders with nonuniform loads, and joists and joist girders that have end moments such as would be the case of joists in moment frames. See Ref. [11] for more detailed coverage of the design of joists and joist girders.

 EXAMPLE 6-15

Selection of a K-series Joist

Select a K-series using the SJI specifications to support the following loads for the framing shown in Figure 6-31.

[image: image]

Solution

[image: image]

[image: image]

LRFD Solution:

[image: image]

[image: image]

From the SJI load tables for K-series joists, the joist selections are as shown in Table 6-8.

LRFD Solution:


TABLE 6-8 Joist Selection (LRFD Method)

[image: image]

Note: 20K4 is the most economical joist for the given loads.



ASD Solution:

[image: image]

[image: image]

From the SJI load tables for K-series joists, the joist selections are as shown in Table 6-9.

ASD Solution:


TABLE 6-9 Joist Selection (ASD Method)

[image: image]

Note: 20K4 is the most economical joist for the given loads.



 EXAMPLE 6-16

Selection of a Joist Girder (LRFD Method)

Select a joist girder using the SJI specifications for member JG1 in Figure 6-31 to support a total roof dead load of 20 psf and a snow load of 40 psf.

Solution

[image: image]

Concentrated factored load at each panel point:

[image: image]

The factored load used in Table 6-9 was Pu = 12.0 kips, which is close to the actual load of Pu = 12.1 kips. In general, larger joist girder depths will lead to a lighter overall section. The actual designation for this joist girder is 28G-4N-12.1k. The largest depth joist girder was selected here, but architectural or other design constraints might dictate a shallower section.


TABLE 6-9 Joist Girder Selection (LRFD Method)

[image: image]




[image: image]

FIGURE 6-31Roof plan for Example 6-16





6-13FLOOR PLATES, RECTANGULAR PLATES, AND GRATING


Floor plates that are used in a flatwise orientation with the plate bending about its weak axis can be used as decking material for industrial applications such as a floor deck for mezzanines or similar types of structures. There are several other types of decking materials, which are generally proprietary, but only the floor plate is addressed in the AISCM (see Figure 6-32a). The selection of proprietary decking is done by using data provided by the specific manufacturer. The most common floor plate has a raised pattern and is often called a diamond plate because of the shape of the raised pattern.

A floor plate should conform to ASTM A786, which has a minimum yield stress of Fy = 27 ksi. Higher grades could be specified, such as ASTM A36, but availability should be considered. For deflection, a relatively low limit of L/100 is recommended by AISC.

AISCM Tables 3-18a and 3-18b are selection tables for floor plates of various thicknesses and superimposed surface load capacities for spans ranging from 18 in. to 7 ft. These tables are based conservatively on a simple-span condition for the floor plate. The plate is selected in 1/8-in. increments for thicknesses less than 1 in. and in ¼ in. increments for thicknesses greater than 1 in.

Another common steel product used as a decking material is bar grating (Figure 6-32b). Bar grating is made up of main bearing bars that are fairly closely spaced, usually under 2 in. (sb). The depth of the main bearing bars, db, varies from ¾ in. to 2 in. for usual applications with pedestrian and light equipment loading. For application with heavier point loads, the depth can range from above 2 inches to as high as 6 inches, and these are more commonly used in bridges with truck loading. Cross bars are added for lateral stability and their spacing commonly varies between 2 in. to 4 in. The thickness of the cross bars usually varies from between 1/8 in. to 3/8 in.

For plates that are loaded in the flat-wise direction, lateral torsional buckling is not a design consideration and thus the design moment strength is based on the plastic moment capacity about the weak (i.e., y-y) axis (see equations (6-43) and (6-44)).


[image: image]

FIGURE 6-32Various floor deck types for industrial applications



For rectangular bars or plates with a thickness, t, and a depth, d, and loaded in the edgewise direction resulting in bending about its strong (i.e., x-x) axis, the plate bending moment strength accounting for lateral torsional buckling are given as follows (see AISCM Section F11):


	For rectangular bars and plates bent about their major (i.e. x-x) axis and with [image: image], the limit state of lateral torsional buckling is not applicable; the allowable moment and design moment capacity, respectively, are calculated as follows:
[image: image]   for LRFD   (6-52a)

[image: image]   for ASD   (6-52b)


	For rectangular bars and plates bent about their major (i.e. x-x) axis and with [image: image], the allowable moment and design moment capacity, respectively, are calculated as follows:
[image: image]   for LRFD   (6-53a)

[image: image]   for ASD   (6-53b)


	For rectangular bars and plates bent about their major (i.e. x-x) axis and with [image: image], the allowable moment and design moment capacity, respectively, are calculated as follows:
[image: image]   for LRFD   (6-54a)

[image: image]   for ASD   (6-54b)




The parameters in the preceding equations (6-52) through (6-54) are as follows:

ϕb = 0.9

Ωb = 1.67

Lb = unbraced length

Cb = moment gradient factor

 d = bar or plate depth (i.e., the plate or bar dimension perpendicular to the axis of bending)

 t = bar or plate thickness (i.e., the plate or bar dimension parallel to the axis of bending)

[image: image]

[image: image]

My = yield moment for bending about the strong (i.e., x-x) axis = FySx

[image: image]

EXAMPLE 6-17

Steel Floor Plate Selection (LRFD)

Determine the required thickness of a steel plate floor deck to support a live load of 125 psf. The plate conforms to ASTM A786 and the span between the supports is 3 ft. -6 inches.

Solution

The dead load of the floor plate will have to be assumed. Assuming a [image: image] -in.-thick plate, the dead load is

[image: image]

The factored uniform load on the plate floor deck is

[image: image]

The service total load = (16 + 125) = 141 psf = 0.141 ksf = 0.141 kips/ft./ft. width

Considering a 1 ft wide strip of steel plate, the factored moment is calculated as

[image: image]

Check the strength using equations (6-43) and (6-44) since the plate is used in a flatwise orientation, and therefore lateral torsional buckling is not a design consideration; the design moment capacity is the plastic moment capacity about the weak (or y-) axis and the LRFD relation is written as follows (note that the yield strength of the steel plate, Fy = 27 ksi for ASTM A786 steel):

[image: image]

That is, [image: image]

Solving for Zy yields,

[image: image] width of plate

Since the plate is bent about its weak or minor axis, the plastic section modulus is given as

[image: image], where b = 1 ft width = 12 inches

Therefore, [image: image] 1/4-in.-thick plate

Using AISCM Table 3-18b, we find that a ¼-in.-thick plate has a factored load capacity of 245 psf, which is greater than the total applied factored load of 220 psf. It also has less weight than the assumed value of 16 psf.

Check the deflection of the plate:

[image: image]

Minimum required moment of inertia, I  (use service load for deflection),

The total service load = 16 psf + 125 psf = 141 psf = 0.141 ksf

For b = 1 ft, the total service load = 0.141 kips/ft per foot width of plate

Span of plate = 3.5 ft.

Solving for the minimum required moment of inertia, I, using the deflection equation above gives

[image: image]

[image: image]

[image: image] therefore, select [image: image]-in. plate.

Using AISCM Table 3-18a, we find that a 3/8-in.-thick plate has a service load capacity of 190 psf which is greater than the demand or applied unfactored load of 141 psf. Note that a ¼-in.-thick plate is adequate for bending, but inadequate for deflections; it has a service load capacity of only 56.4 psf for deflection considerations which is lower than the applied service load of 141 psf.

 EXAMPLE 6-18

Determine the adequacy of a bar grating to support service live loads of either 100 psf or a concentrated load of 300 lbs (these live loads are not applied concurrently). The bar grating has 1-1/2'' × 3/16'' bearing bars (i.e., d = 1.5 in. and t = 0.1875 in.) and is a style 19-W-4 spanning 5 ft. Assume the dead load including the weight of the grating is 20 psf. Use Fy = 30 ksi and limit deflections to the smaller of ¼-in. or L/360. The concentrated load is assumed to spread out over a width of 12 inches. Use the ASD method.

Solution

The designation 19-W-4 is commonly used in the industry to identify grating. The ‘19’ indicates the spacing, sb, of the bearing bars in 16ths of an inch, which in this case would be 19/16 in. or 1.19 in. The ‘4’ represents the spacing of the cross bars in inches. This 4 in. spacing is the unbraced length, Lb of the main bearing bars.

Section properties of one bar (depth, d = 1.5 in. and thickness, t = 0.1875 in.):

[image: image]

[image: image]

[image: image]

Section properties per lineal foot, with the spacing of the bearing bars, sb = 19/16 in. = 1.19 in.:

[image: image]/ft. width

[image: image]/ft. width

[image: image]/ft. width

Check if lateral-torsional buckling is a factor (see equations (6-52) through (6-54)):

Lb = 4 in. (unbraced length of the main bearing bars)

d = 4 in.

t = 0.1875 in.

[image: image]

[image: image]

Therefore, use equation (6-53b) to compute the allowable moment as follows:

[image: image]

Determine the applied moments per unit width:

Uniform loads:

wD = (20 psf)(1ft) = 20 plf

wL =(100 psf)(1ft) = 100 plf

Span of plate, L = 5 ft.

[image: image]

Concentrated load plus uniform dead load:

P = 300 Ibs (this concentrated load is spread out over a 1 ft. width of grating)

wD = 20 plf

Span of plate, L = 5 ft

[image: image]

[image: image]

Therefore, the grating is adequate for bending.

Check deflection:

wL =100 plf

The deflection due to the uniform live load is

[image: image]

The deflection due to the concentrated live load is

[image: image]

The uniform live load deflection controls, so

[image: image]

The maximum allowable deflection is the larger of ¼-in. or L/360 = (5 ft.)(12)/360 = 0.167 in. (controls). Since 0.091in. < 0.167 in., therefore the grating is adequate for deflection. Note that the 12 in. width of spread assumed for the concentrated load may be unconservative. In design practice, an effective spread width of twice the spacing of the main bearing bars is recommended for concentrated loads; this assumes the concentrated load will be spread over three main bearing bars.



6-14CANTILEVERED BEAM SYSTEMS


The typical framing system for gravity loads can be made more economical if the girders along the column lines could be framed in such a way that they cantilever over the columns and allow some of the bending moment that would occur at midspan of the girder to be distributed to the girder over the supports, thus potentially allowing for smaller girders sizes.

Consider the beams shown in Figure 6-33, both with uniform loading and with different support conditions. In the simple span case (Figure 6-33a), a series of simply supported beams support a uniform gravity load and thus each beam has a maximum bending moment at midspan varying to a zero moment at the supports. While this type of framing is common and reasonable, the second case shows an alternate framing system that reduces the maximum positive moment in the beams. In this second case (Figure 6-33b), the beams are cantilevered over the supports some distance to allow balancing of the maximum positive and negative bending moments. In the simple span case, the maximum moment in the beam is 18 kips-ft., whereas a cantilevered system reduces this maximum positive moment down to 13.8 kips-ft., which could lead to a smaller beam size. This framing system - also called the “Gerber roof framing system” - is often used in the roofs of one-story buildings where the top of the column cap plate is underneath the bottom flange of the roof beam to allow the beam to cantilever over the top of the column (see Figure 6-34) and thus obviate the need for an expensive moment connection for the beam. Note that the columns in cantilevered framed roof construction have to be properly braced to ensure lateral stability in the direction perpendicular to the beams or girders framing over the columns. The free end of the cantilever or overhang (preferably the tension flange) should also be laterally braced, in addition to laterally bracing the compression flange (i.e., bottom flange) of the beam or girder at the column supports. The girder must be laterally supported at the column supports to prevent torsional rotation or twisting of the girder about its longitudinal axis. A perpendicular beam framing into the girder at the column line can be used to achieve this lateral bracing, and preferably, stiffener plates should be provided in the girder on both sides of the web at the column support.


[image: image]

FIGURE 6-33a Loading and moment diagram for simple span beams




[image: image]

FIGURE 6-33b Loading and moment diagram for cantilevered beams




[image: image]

FIGURE 6-34Loading and moment diagram for cantilevered beams (Gerber System)



Similarly, during demolition or deconstruction of structures with cantilevered construction, the engineer of record should ensure that the lateral stability of the structure is not compromised at any stage of the demolition process. Several tragic collapses have occurred in these types of structures during demolition because of faulty sequencing of the demolition process that left the structure unstable and consequently led to collapse.

Table 3-22b in the AISC Manual is a design aid that provides dimensions and design moments for idealized framing systems that use cantilevered construction. This table assumes equal spans and equal spacing between load points, or uniformly loaded conditions. The following example illustrates the use of this design aid.

 EXAMPLE 6-19

Cantilevered beam system

Determine the ideal cantilever distance “x” for the 3-span beam shown in Figure 6-35 and draw the shear and moment diagrams. Use AISCM Table 3-22b.


[image: image]

FIGURE 6-35Loading and moment diagram for cantilevered beams



Solution

The following are obtained from AISCM Table 3-22b for the uniformly loaded case:

L = 24 ft.

b = x = 0.125L = (0.125)(24 ft.) = 3 ft.

P = (250 plf)(24 ft.) = 6000 lb.

M2 = 0.096PL = (0.096)(6000)(24) = 13,781 ft.-lb.

M3 = 0.063PL = (0.063)(6000)(24) = 9,000 ft.-lb.

RC = 0.438P = (0.438)(6000) = 2625 lb.

RD = 1.063P = (1.063)(6000) = 6375 lb.

RDm = (250)(24)/2 = 3000 lb.

Note that the cantilever distance value obtained from AISCM Table 3-22b is an ideal value, but other values could be used depending on the actual conditions. For example, if the beam spans were not equal, then an iterative process would likely be needed to arrive at the optimal cantilever distance. However, the values obtained from the AISCM tables would prove to be close to what is ideal, so the use of this table can be helpful in the initial layout of cantilevered framing systems.



6-15FLEXURAL STRENGTH OF WT-SECTIONS AND DOUBLE ANGLES


WT and double angle sections are often used as the top and bottom chords of trusses (see Figure 6-36). WT sections are typically used in long span roof trusses spanning over large column-free areas, or in transfer floor trusses supporting discontinued columns over large column-free areas, such as auditoriums, ballrooms, exhibition halls, and atrium areas. Trusses with double angle chord members are used to support lighter loads over shorter spans. When used as top chords, the WT and double angle sections are subjected to both axial compression forces and flexure due to the roof or floor uniform loads; when used as bottom chords, they are subjected to combined axial tension plus bending; the bending moment is due to dead loads from the ceiling, and mechanical and electrical equipment. The bottom chords of trusses may also support the dead and live loads from suspended catwalks and from theater stage rigging loads. The axial tension and compression capacity of WT sections and double angles can be determined using the methods presented in Chapters 4 and 5, but the flexural strength of the sections will be discussed here.


[image: image]

[image: image]

FIGURE 6-36WT section and double angles as top and bottom chords in trusses



For WT sections and double angles bending about the axis (i.e., X-X axis) that is perpendicular to the axis of symmetry (i.e., Y-Y axis), the potential limit states are as follows:


	The limit states of yielding (where the section attains the plastic moment, Mp),

	The limit state of lateral torsional buckling,

	The limit state of flange local buckling,

	The limit state of local buckling of the stem of the WT section and the legs of the double angles.



The moment capacity will depend on whether the flanges of the WT and the legs of the double angles are in tension or compression (see Figure 6-37 for the loading configuration). The nominal moment strength for each of these limit states are as follows (see Section F9 of the AISC Specifications):


	Yielding Limit State
For stems of WT section in tension, that is, when the flange of the WT section is in compression (e.g., Figure 6-37c), the nominal moment strength for bending about the X-X axis is

[image: image]   (6-55)


[image: image]

FIGURE 6-37Loading configurations for WT and double angles



For web legs of double angles in tension, that is, when the two flange legs of the double angle are in compression (e.g., Figure 6-37d), use equation (6-55) to determine the nominal moment strength.

For stems of WT section in compression, that is, when the flange of the WT is in tension (e.g., Figure 6-37a), the nominal moment strength is

[image: image]   (6-56)

For web legs of double angles in compression, that is, when the two flange legs of the double angles are in tension (e.g., Figure 6-37b), the nominal moment strength is

[image: image]   (6-57)

Note that the latter two cases above where the WT stem or the double angle stem legs ((e.g., Figure 6-36(a)) are in compression (i.e., the flange is in tension) is more critical than the first two cases.



	Lateral-torsional Buckling Limit State
A.For webs of WT section and web legs of double angles in tension (e.g., Figures 6-37c and 6-37d):

(i) When the unbraced length of the compression flange, Lb ≤ Lp, the WT section and the double angles will not fail by lateral torsional buckling, so the limit state of lateral torsional buckling is not applicable for this case.

(ii) For [image: image], the nominal moment strength is

[image: image]   (6-58)

(iii) For [image: image], the nominal moment strength is [image: image]   (6-59)

Where,

[image: image]   (6-60)

[image: image]   (6-61)

[image: image]   (6-62)

[image: image]   (6-63)

d = depth of WT section or width of web leg of the double angles in tension

B.WT stems and web legs of double angles in compression within the unbraced length, Lb; that is when flange of the WT and the two flange legs of the double angles are in tension (e.g., Figure 6-37a and 6-37b).

(i) For WT stems in compression:

The nominal moment strength is calculated as follows,

[image: image]   (6-64)

Where, Mcr is obtained from equation (6-62) and B is obtained from equation (6-67).

(ii) For web legs of double angles in compression, the nominal moment strengths are calculated as follows:

[image: image]   (6-65)

[image: image]   (6-66)

Where, Mcr is obtained from equation (6-62),

[image: image]   (6-67)

[image: image]   (6-68)

d = depth of WT section or width of web leg of the double angles in compression





3a.Local Buckling of the WT flange

A.For WT sections with compact flange in compression due to bending (see Table 6-2), flange local buckling does not occur, so flange local buckling is not applicable.

B.For WT sections with non-compact flange in compression due to bending (see Table 6-2), the nominal moment strength is

   [image: image]   (6-69)

C.For WT sections with a slender flange in compression due to bending:

[image: image]    (6-70)

Where,

Sxc = elastic section modulus of the WT section with reference to the compression flange, in.3

[image: image]

[image: image] = [image: image] = the slenderness limit for a compact flange from AISCM Table B4.1b

[image: image] = [image: image] = the slenderness limit for a non-compact flange from AISCM Table B4.1b

3b.Local Buckling of the flange legs of double angles

A.For compact flange legs of double angles that are in compression due to bending (see Table 6-2), local buckling of the legs does not occur, so leg local buckling is not applicable.

B.For double angles with non-compact flange legs in compression due to bending (see Table 6-2), the nominal moment strength is:

[image: image]   (6-71)

C.For double angles with slender flange legs in compression due to bending (see Table 6-2), the nominal moment strength is:

[image: image]   (6-72)

Where,

Sc = elastic section modulus of the double angles about the axis of bending with respect to the toe in compression, in.3

[image: image]   (6-73)

b = full width of the double angle leg in compression, in.

4a.Local Buckling of WT stems

The nominal moment strength is

[image: image]   (6-74)

Where,

Sx = elastic section modulus, in.3

Fcr = critical stress calculated as follows:

[image: image]   (6-75)

[image: image]   (6-76)

[image: image]   (6-77)

4b.Local Buckling of the web legs of double angles

For this failure mode, the strength of the double angles is assumed to be equal to the strength of two single angles.

A.For compact web legs of double angles that are in compression due to bending, local buckling of the legs does not occur, therefore, local buckling of the web legs is not applicable.

B.For double angles with non-compact web legs in compression due to bending (see Table 6-2), the nominal moment strength is:

[image: image]   (6-71)

C.For double angles with slender web legs in compression due to bending (see Table 6-2), the nominal moment strength is:

[image: image]   (6-72)

Where,

Sc = elastic section modulus of the double angles, in.3

[image: image]   (6-73)

b = full width of the double angle leg in compression, in.

EXAMPLE 6-20

WT Section in Bending

Calculate the nominal moment capacity, Mn, of a WT18 × 128 section that is used as the top and bottom chords of a steel transfer truss (see Figure 6-36c). The WT section is made of ASTM A992 Grade 50 steel and has an unbraced length of 6 ft. 3 in. Calculate the LRFD design moment capacity, ϕMn, and the ASD allowable moment, Ma.

Solution

Fy = 50 ksi

Unbraced length, Lb = 6 ft. 3 in. = 75 inches

The section properties for WT18 × 128 from AISCM Part 1 are as follows:

d = 18.7 in.

Sx = 87.4 in.3

Zx = 156 in.3

Iy = 264 in.4

J = 26.4 in.4

rx = 5.66 in.

ry = 2.65 in.

[image: image]

[image: image]

At the top chord of a transfer truss (see Figure 6-36c), the flange of the WT will be in compression between the panel points (see Figures 6-36c), but the flange will be in tension at the panel points due to the continuous top chord.

At the bottom chord of the transfer truss, the flange of the WT will be in tension between the panel points (see Figure 6-37a) and in compression at the panel points due to the continuous bottom chord.


	Yielding Limit State
For stems of WT section in compression, [image: image] = (50 ksi)(87.4 in3) = 4370 in.-kips

For stems of WT section in tension, that is when the flange of the WT section is in compression (e.g., Figure 6-36b),

[image: image]



	Lateral-torsional Buckling Limit State
For stems or webs of WT section in tension:

[image: image]

[image: image]

Since the maximum unbraced length of the compression flange of the WT section, [image: image] the WT section will not fail by lateral torsional buckling, therefore, the limit state of lateral torsional buckling is not applicable for the case when the webs of the WT section are in tension.





B(i).WT stems in compression within the unbraced length, Lb:

[image: image]

3a.Local buckling of the WT flange

A.For WT sections with compact flange in compression due to bending, flange local buckling does not occur, so flange local buckling is not applicable.

The slenderness limit for a compact flange from AISCM Table B4.1b (Case 10) or Table 6-2 is

[image: image]

Since WT flange is compact, flange local buckling is not applicable.

4a.Local Buckling of WT stems

Calculate the design parameters from equations (6-75) through (6-77).

[image: image]

[image: image]

The smallest value of all the nominal moment capacities, Mn, calculated (i.e., 6992 in.-kips; 4370 in.-kips; and 4370 in.-kips) is used.

Therefore, Mn = 4370 in.-kip

LFRD Solution:

The design moment capacity, [image: image]

ASD Solution:

The allowable moment is

[image: image]



6-16FLEXURAL STRENGTH OF SQUARE AND RECTANGULAR HSS, AND BOX-SHAPED SECTIONS


Hollow structural sections (HSS) and box-shaped sections are commonly used as columns and beam-columns in various structural systems due to their higher torsional rigidity and their greater lateral torsional stability compared to open sections such as I-shapes and channels. HSS members are also frequently used as lintels over large spans where the lintel beam is laterally unbraced between supports. When used as lintels, HSS members are subjected to torsional moments and torsional rotation or twist from the eccentricity of the supported loads (e.g., the block or cold form steel backup wall is usually centered on the lintel while the brick veneer or cladding is usually eccentric with respect to the longitudinal axis of the lintel beam). Built-up box sections can also be used as flexural members in a transfer arch to support loads from existing columns in a structural retrofit where the existing column may need to be cut off below a particular level to provide adequate headroom [21]. As discussed earlier in this chapter, closed sections such as HSS and box-shaped members are far more effective at resisting twist and torsion than open sections such as W-shapes and channels.

Whenever possible, the thickness of the flanges and the webs of built-up box sections should be chosen so that a compact section is assured (see Table 6-2 or AISCM Table B4.1b (Cases 19 and 21)). Therefore, for built-up box sections, a compact web is assured when [image: image] and a compact flange is assured when [image: image], where h is the clear height of the web and b is the clear width of the flange.

The design strength in flexure of HSS and box-shaped members is covered in Section F7 of the AISC Specifications [1] as follows:


	Yielding Limit State
The nominal moment strength is

[image: image]   (6-78)

Where Z = plastic section modulus about the axis of bending



	Flange Local Buckling Limit State
a.For compact HSS or box-shaped sections (see Table 6-2), the limit state of flange local buckling does not occur and is therefore not applicable

b.For sections with non-compact flanges, the nominal moment strength is

[image: image]   (6-79)

Where,

S = elastic section modulus about the axis of bending

b = width of the compression flange of the HSS or box-section as defined in Table 6-2

c.For sections with slender flanges, the nominal moment strength is

[image: image]   (6-80)

Where,

Se = effective elastic section modulus about the axis of bending determined using the effective width, be, of the compression flange, where,

[image: image]   (6-81)

[image: image]   (6-82)



	Web Local Buckling Limit State
a.For compact HSS or box-shaped sections (see Table 6-2), the limit state of web local buckling does not occur and is therefore not applicable

b.For sections with non-compact webs, web local buckling may occur; the nominal moment strength is

[image: image]   (6-83)

Where,

h = depth of the web of the HSS or box-section as defined in Table 6-2

c.For sections with slender webs, web local buckling will occur; the nominal moment strengths are obtained as follows:

1. For compression flange yielding:

[image: image]   (6-84)

2. For compression local buckling:

[image: image]   (6-85)

Where,

[image: image]   (6-86)

Rpg is obtained from equation (13-7) where,

[image: image]

[image: image]

Note: There are no listed hollow structural sections (HSS) in the AISCM that have slender webs, so part 3(c) would only apply to built-up box sections.



	Lateral Torsional Buckling Limit State
a.When Lb ≤ Lp, the HSS or box-shaped section in flexure reaches its plastic moment capacity because lateral torsional buckling does not occur and is therefore not applicable.

b.When Lp ≤ Lb ≤ Lr, the nominal moment strength is

[image: image]   (6-87)

c.When Lb > Lr, the nominal moment strength is

[image: image]   (6-88)

Where,

[image: image]   (6-89)

[image: image]   (6-90)

Ag is the gross cross-sectional area of the HSS or box-shaped section.





As discussed previously, Lp is the unbraced length limit below which the flexural failure mode of the HSS and box-shaped sections will be yielding, and Lr is the unbraced length limit above which the failure mode is elastic lateral torsional buckling; between Lp and Lr, the failure mode is inelastic lateral torsional buckling. Square HSS and square box-shaped sections are not susceptible to lateral torsional buckling. Only rectangular HSS or rectangular box-shaped sections with high web depth-to-thickness ratios bending about their strong axis are susceptible to lateral torsional buckling [1]. Note that for built-up sections where the flange and web thickness are both equal (i.e., tf = tw = t), the torsional constant, J, is given as [22]:

[image: image]

Where,

[image: image]

b, h = clear dimensions of the flange and web of the box section, respectively (see Table 6-2)

t = flange and web wall thickness

Other section properties for a built-up box section with the mean width or center to center dimension between the webs equal to bm, and a mid-depth or center to center dimension between the top and bottom flanges equal to dm are given as follows [22]:

Moment of inertia for bending about the strong axis, [image: image]

Elastic section modulus for bending about the strong axis, [image: image]

Moment of inertia for bending about the weak axis, [image: image]

Elastic section modulus for bending about the weak axis, [image: image]

Cross-sectional area, [image: image]
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Exercises

6-1. Draw a design moment, [image: image], versus unbraced length, Lb, curve for a W21 × 50 beam for ASTM A992 Grade 50 steel. Include the following points and calculations:

a.Web and flange slenderness ratios

b.Lp and Lr

c.Design moments for Lb < Lp; Lp < Lb < Lr; and Lb = 15 ft.

6-2. Determine the design moment for a W14 × 22 beam with (a) Lb = 0 and (b) Lb = 14 ft. The yield strength is Fy = 36 ksi and Cb = 1.0.

6-3. Determine the following for the cantilever beam shown below in Figure 6-38. The steel is ASTM A36. Assume Cb = 1.0 and the unbraced length, Lb = 4'-0''.


[image: image]

FIGURE 6-38Details for Exercise 6-3



a.Determine the maximum load, Pu, that could be applied based on shear.

b.Determine the maximum load, Pu, that could be applied based on bending strength.

c.Determine the maximum load, Ps, that could be applied based on deflection (compare with the L/240 limit).

d.Draw the ϕbMn vs. Lb curve for this beam showing the following points:

i.ϕbMp

ii.ϕbMr

iii.Lp

iv.Lr

v.ϕbMn at Lb = 4'-0"

6-4. Determine the maximum value of “P” (service load) that can be applied to the cantilever beam below in Figure 6-39 considering bending strength and deflection only. Use the following parameters:

ASTM A36 steel

Beam is W12 × 35

Lb = L = 12 ft.

Cb = 1.0

δallowable = L/720

All loads are live, use load factor of 1.6.

Ignore self-weight

Loads shown are service level.


[image: image]

FIGURE 6-39Details for Exercise 6-4



6-5. For the beam diagram shown in Figure 6-40, find the maximum value of “P” in kips based on:

a.Shear strength, ϕvVn

b.Bending strength, ϕbMn

c.Deflection using a limit of L/400

The value of “x” is variable, and the beam has full lateral stability. Use A36 steel and the beam is a W21 × 62.


[image: image]

FIGURE 6-40Details for Exercise 6-5



6-6. For the floor framing shown in Figure 6-41, select the most economical W-shape for beam B1 and girder G1. The floor dead load is 75 psf (including the weight of the framing) and the live load is 80 psf. Use ASTM A992, grade 50 steel. Check bending, shear, and deflection. Assume that beam B1 has full lateral stability and girder G1 is braced at the beam joints.


[image: image]

FIGURE 6-41Floor plan for Exercise 6-6



6-7. Determine the most economical size for the wide flange beams supporting the floor loads shown in Figure 6-42 based on bending and deflection. Provide calculations for the minimum required section modulus and moment of inertia. The loads shown are service loads and the steel is ASTM A992, grade 50. Assume Cb = 1.0 and Lb = 0. Limit the live load deflection to L/360 and the total load deflection to L/240.


[image: image]

FIGURE 6-42Details for Exercise 6-7



6-8. Determine whether the beams shown in Figure 6-43 are adequate for the given loads considering bending, shear, and deflection. The loads shown are service loads and the steel is ASTM A36. Limit the live load deflection to L/360 and the total load deflection to L/240.


[image: image]

FIGURE 6-43Details for Exercise 6-8



6-9. Determine the maximum factored loads that can be applied to the beam shown in Figure 6-44 based on web crippling and web yielding. The steel is ASTM A992, grade 50.


[image: image]

FIGURE 6-44Detail for Exercise 6-9



6-10. Determine whether the following is adequate for the joint shown in Figure 6-45. The beam is ASTM A992, grade 50 and the bearing plate is ASTM A36. The concrete strength is f′c = 3.5 ksi.


[image: image]

FIGURE 6-45Detail for Exercise 6-10



6-11. Design a bearing plate using ASTM A572, grade 50 steel for a factored reaction of Ru = 65 kips in the beam shown in Figure 6-46. Check web crippling and web yielding in the beam. Use f′c = 3 ksi.


[image: image]

FIGURE 6-46Detail for Exercise 6-11



6-12. The beam shown in Figure 6-47 is a W10 × 22, made from ASTM Grade 36 steel with a simple span between A and B and cantilevered to C. Determine the following:

a.The design strength in web crippling and web yielding in kips at point B.

b.Based on the answer from part (a), what is the maximum possible value of Pu in kips?

c.For a factored applied load of Pu = 40 kips, design the bearing plate thickness for point B. Use Grade 36 steel. Ignore the strength of the concrete and ignore the results from parts (a) and (b).


[image: image]

FIGURE 6-47Detail for Exercise 6-12



6-13. For the details shown in Figure 6-48, determine if the bearing plate shown is adequate in bearing and bending. The steel is ASTM A36 and the concrete strength, f′c = 4,000 psi.


[image: image]

FIGURE 6-48Detail for Exercise 6-13



6-14. Select the most economical open-web steel joist J1 for the floor framing plan shown in Figure 6-49 and select the most economical W-shape for member G1. The dead load is 65 psf and the floor live load is 80 psf. Consider bending, deflection, and shear. The steel is ASTM A992, grade 50. Assume that the unbraced length, Lb, is 3 ft. for member G1.


[image: image]

FIGURE 6-49Floor plan for Exercise 6-14



6-15. Select the most economical open-web steel joist J1 for the roof framing plan shown in Figure 6-50 and specify a joist girder for member JG1. The dead load is 25 psf and the flat-roof snow load is 60 psf.


[image: image]

FIGURE 6-50Roof plan for Exercise 6-15



6-16. For the roof framing plan shown in Figure 6-51, the service dead load is 27 psf. Consider the load combination as 1.2D + 1.6S only. Load designations shown are factored.

a.Determine the service snow load capacity in psf of the roof based on the strength of J1.

b.Determine the service snow load capacity in psf of the roof based on the strength of JG1.

c.What is the service snow load capacity of the roof based on (a) and (b)?


[image: image]

FIGURE 6-51Roof plan for Exercise 6-16



6-17. For the floor framing plan shown in Figure 6-52, the service dead load is 80 psf. Consider the load combination to be 1.2D + 1.6L only. Load designations shown are factored.

a.Determine the service live load capacity in psf of the floor based on the strength of J1.

b.Determine the service live load capacity in psf of the floor based on the strength of JG1.

c.What is the service live load capacity of the floor based on (a) and (b)?


[image: image]

FIGURE 6-52Floor framing plan for Exercise 6-17



6-18. Determine the service live load capacity of the floor shown in Figure 6-53 based on the capacity of B1 and G1. Consider the strength of B1 and G1 in bending and deflection only using a deflection limit of L/240 for total loads. Use the following:

Steel is grade 50.

B1 is a W16 × 36 and is braced continuously.

G1 is a W16 × 40 and is braced at one-third points.

Floor dead load is 85 psf and includes the self-weight.


[image: image]

FIGURE 6-53Floor plan for Exercise 6-18



6-19. For the beam diagram shown in Figure 6-54:

w = 500 plf

L = 25 ft.

a.Draw the shear and moment diagrams for beams ABCDEF assuming x = 3.5 ft.

b.Determine the value of “x” using AISCM, Table 3-22b.

c.Draw the shear and moment diagrams for beams ABCDEF using the value of “x” from part (b). Use the coefficients from AISCM, Table 3-22b directly for this part.

d.What value of “x” should be used in the final design? Justify your recommendation based on the above analysis.


[image: image]

FIGURE 6-54Details for Exercise 6-19



6-20. Determine the maximum span allowed for a ¼-in.-thick floor plate with a superimposed live load of 100 psf for strength and deflection. Compare the results with AISCM, Tables 3-18a and 3-18b. The plate conforms to ASTM A786.

6-21. Develop a spreadsheet to determine the design bending strength of a wide flange (WF) shape for any unbraced length. Submit the output for a W12 × 26 using Fy = 50 ksi and Lb = 18 ft.

The following calculations are to be included:


	ϕMp, ϕMr for any Lb

	Lp, Lr



6-22. Develop a spreadsheet to determine the design bending strength of a channel shape for any unbraced length. Submit the output for a C12 × 30 using Fy = 36 ksi and Lb = 12 ft.

The following calculations are to be included:

ϕMp, ϕMr for any Lb, Lp, Lr

6-23. A series of non-composite floor beams spaced at 7 ft. on centers are simply supported over a span of 56 ft. above an auditorium and supports a floor dead load of 90 psf (includes the self-weight of framing) and a live load of 50 psf. The compression flange of the beam is fully laterally braced by the floor deck. Due to ceiling height limitations, the beam depth is limited to a maximum of 20 inches.

a.Select a beam size that will satisfy the bending moment, shear, and deflection criteria (live load deflection limit = L/600) if the beam will be cambered upwards an amount equal to the dead load deflection. Assume ASTM A992 Grade 50 steel.

b.Determine the required upward camber in inches that would be specified on the structural drawings.

6-24. Calculate the nominal moment capacities, Mn, of the following beams at the given unbraced lengths. Assume the moment gradient factor, Cb, is 1.0:

a.W18 × 35, Lb = 0 ft.

b.W24 × 55, Lb = 0 ft.

c.W24 × 55, Lb = 5 ft.

d.W24 × 55, Lb = 13.9 ft.

e.W21 × 50, Lb = 13.6 ft.

6-25. Two lintel beams above the bay windows in an existing building are used to support 8 ft. height of masonry walls consisting of nominal 8 in. thick block backup wall that weighs 55 psf and nominal 4 in. thick brick veneer that weighs 40 psf. The lintel beams are W18 × 45 that spans 60 ft. and W16 × 26 that spans 30 ft. Investigate the structural adequacy of these lintel beams to support the masonry loads. What is the limit state that controls the behavior of these beams? For this exercise, ignore the eccentricity of the masonry loads on the lintel beams.

6-26. A 20 in. wide × 34 in. deep built-up box section has flange and web thicknesses of 1-in. Determine the moment capacity about the strong axis assuming an unbraced length of 30 ft. Assume ASTM A992 Grade 50 steel and use the LRFD method.

6-27. Two roof girders are spaced at 32 ft. apart and span 150 ft. between column supports (assume simple supports). The roof supports HSS 12 × 6 × 1/4 trellis framing without a deck or glass roofing and bending about their strong axis. The trellis beams are spaced at 6 ft. on centers, and supported on top of the roof girders and cantilevers 5 ft. beyond the girders at both ends.

a.Assuming a snow load of 30 psf on the trellis framing and assuming a roof dead load of 10 psf, check if the HSS trellis framing are adequate. Assume ASTM A500 Grade B for the HSS.

b.What is the lightest W44 section that can be used for the girder to satisfy both the strength and deflection criteria? Assume a total load deflection limit of span/240 with maximum upward camber of 3 inches. Assume ASTM A992 Grade 50 steel.

c.Check the HSS trellis framing. Assume ASTM A500 Grade C.

d.Due to the long length of the girder in this execise, the girder will be shipped to the site in four equal segments that will be joined together in the field with bolted splices. Using the methods from Chapter 11, design the bolted splice.

6-28. A series of W44 × 290 floor girders spaced at 25 ft. on centers spans 20 ft. between column supports and cantilevers 20 ft. beyond the column. Assume the load on the girders can be modeled as a uniformly distributed load. Check the typical interior girder for the followings loads:

D = 110 psf (does not include the girder self-weight)

L = 150 psf


	Assume the top of the girders between the columns (i.e., compression flange) is fully laterally braced, and assume the bottom flange of the girders in the cantilever (i.e., compression flange) is also fully laterally braced.

	Use ASTM A992 Grade 50 steel.

	Use a deflection criteria for both total load and live load of span/360.



Hint: Recall that the deflection criteria for cantilevers uses a different span length than the deflection criteria between simple supports.

6-29. Conduct internet research on the 1988 “Supermarket Roof Collapse - Burnaby, B. C., Canada” and write a minimum five-page report explaining, with the aid of free-body diagrams, the reasons for the collapse and the lessons learned. How has this collapse influenced structural steel design practice?




CHAPTER

7

Composite Beams

7-1INTRODUCTION


In steel-framed building construction, the floor deck system can be made of wood, steel, or concrete. With wood-framed floor decks, the steel beams are usually spaced farther apart, with the wood joists or trusses spanning between the steel beams. Steel floor decks can be either bar grating or a flat steel plate (see Chapter 6), with the supporting steel beams spaced at closer intervals. The most commonly used floor system in steel framed structures is a concrete slab on metal deck.

The concrete floor slab on metal deck supported on steel beams can occur in various forms, with some of the more common ones shown in Figure 7-1. A corrugated metal deck (Figure 7-1a) is commonly used in steel building construction. The metal deck acts as a form for the wet concrete and can also provide strength to the floor deck system. A reinforced concrete slab without the corrugated metal deck (see Figure 7-1b) can also be used as the floor deck; this system, which requires formwork, is more commonly used in bridge construction. In the past, steel floor beams and columns were commonly encased in concrete as shown in Figure 7-1c. The steel framing was encased in concrete, with the concrete providing adequate fireproofing for the steel beams. Currently, it is generally more economical to spray the steel beams, and sometimes the corrugated metal deck, with a lightweight fireproofing product. Steel framing encased in concrete is not commonly used today in construction except for some concrete structures where the long span necessitates using a steel girder encased in concrete and with steel studs to make possible composite action between the concrete and steel. The focus in this chapter will be on concrete floor slab on a composite metal deck supported by steel framing with steel shear studs welded to the top of the beam (through the metal deck) and the top of the girder to facilitate composite action between the concrete slab and the steel beam or girder (See Figure 7-1d).

The corrugated metal deck used in floor construction serves several purposes: it acts as a formwork for the wet concrete, and the protrusions in the inside face of the deck engage the hardened concrete creating composite action between the concrete and the steel deck in resisting the floor loads as it spans between the beams. A form deck acts as a form for the wet concrete, but must have reinforcing in the concrete in order to provide adequate strength to span between supporting beams, since a form deck usually does not have enough strength to support more than the weight of the concrete (see Figure 7-1e). The reinforcement in the slab is usually a welded wire fabric (WWF). A composite deck (see Figure 7-1d) is usually strong enough to support more than just the weight of the concrete and is often used in composite construction. The concrete slab supported by a composite deck often has a layer of WWF reinforcement to control shrinkage cracking in the slab. Additional top reinforcement is needed over (and perpendicular to) the girders to mitigate the potential cracking of the top of the slab over (and parallel to) the girders. Common thicknesses of metal deck are shown in Figure 7-1f.


[image: image]

FIGURE 7-1a-e Types of composite beams




[image: image]

FIGURE 7-1f Corrugated metal deck in a steel beam



A slab system with a form deck does not usually have headed studs to engage the concrete with the steel beam (see Section 7-2 for a further discussion on headed studs); therefore, the beams are designed as non-composite, which means that the beams support the full weight of the concrete slab and the superimposed dead and live loads without any contribution from the concrete slab or steel deck. By contrast, a composite slab system (i.e., concrete slab on corrugated composite metal deck) usually has headed studs welded to the top flange of the steel beams and girders and is designed as a composite system. The composite action between the concrete and the steel beams is made possible by the headed studs resisting the horizontal interface shear forces between the concrete slab and the steel beam or girder; the hardened concrete and the steel beam or girder act together in unison to the resist the gravity load moments while the shear is resisted solely by the steel beam or girder. In unshored composite construction, which is more common, the steel beams act as non-composite beams (see Chapter 6) in resisting the gravity dead and construction live loads during the construction phase when the concrete is still wet. For the evaluation of floors for human induced vibrations, the floor system with a metal deck and concrete slab is always analyzed as if composite action occurs even if headed studs or other shear connectors are not used (see Chapter 12 for more discussions).


[image: image]

FIGURE 7-2a Steel beams and girders with composite metal deck and steel studs (Courtesy of Magnusson Klemencic Associates)




[image: image]

FIGURE 7-2b Slippage at the interface between a steel beam and a concrete deck



In a concrete slab on a composite metal deck floor system supported by steel framing, greater economy is achieved if the floor deck and steel framing can be made to act in concert to resist gravity loads using shear connectors. The combination of dissimilar materials to form an equivalent singular structural element is called composite construction and can occur in various forms. Our focus in this chapter will be on the combination of concrete in composite metal floor deck on top of steel beams and girders. Figure 7-2a shows composite beams and girders with composite metal floor deck and steel studs under construction.

In order for steel beams and the floor deck to work together in resisting gravity loads, there needs to be an adequate horizontal force transfer mechanism at the interface where the two materials meet to prevent slippage between the surfaces (see Figure 7-2b). This force transfer is accomplished by using shear connectors, which usually are headed studs, but they can also be channels or some other types of deformed connectors. Headed shear studs are almost exclusively used in bridge and building construction due to their ease of installation, and the focus will be on these types of shear connectors in this chapter.



7-2SHEAR STUDS


Headed shear studs should conform to ASTM A29 and the mechanical requirements for Type B studs in the American Welding Society (AWS) Code, Section D1.1. These studs are welded to the top flange of a steel beam or girder, and spaced at regular intervals to adequately transfer the horizontal shear at the interface between the steel beam and the metal deck plus the concrete slab (see Figure 7-3). For steel beams, the studs are welded through the metal deck to the beam top flange, while for the girders, the studs are welded directly to the top flange of the girder. For beams supporting corrugated metal deck and concrete slab, the spacing between the studs coincides with multiples of the spacing between the ribs of the decking. More than one row of shear connectors can be provided, but there are some dimensional limitations (e.g., the width of the beam or girder flange) that often limit the use of multiple rows of studs (We will discuss these limitations in detail later in this chapter).

The number of shear connectors provided will determine how much of the concrete slab is engaged or acting in compression in combination with the steel beam (which will be in tension for the most part) to resist the flexural moments on the beam. The shear is assumed to be resisted solely by the steel beam or girder. Where 100% of the concrete slab in compression in a floor system is not engaged in composite action with the steel beam or girder and thus requires a smaller number of shear connectors, this system is called partially composite construction. A fully composite system is one in which enough shear connectors are provided to completely engage the entire cross-sectional area of the concrete slab in compression. In this case, there is an upper limit to the number of studs that can be provided because adding more studs beyond this limit will not contribute to the strength of the composite floor system.


[image: image]

FIGURE 7-3Headed studs



In building construction, the floor framing members that are oriented perpendicular to the direction of the span of the slab system are usually referred to as beams, and the floor framing members that support the beams and that are oriented parallel to the span of the slab system are called girders (see Figure 7-4). In floor systems with corrugated metal deck, the deck ribs will laid out perpendicular to the longitudinal axis of the steel beams, and parallel to the longitudinal axis of the girders.


[image: image]

FIGURE 7-4Floor beams and girders



The AISC Specification requirements [1] for headed stud placement are summarized below and illustrated in Figure 7-5.


[image: image]

FIGURE 7-5Dimensional requirements for headed studs




	Except for corrugated metal deck, the minimum lateral cover around headed studs is 1 in.

	The maximum stud diameter, Ds, is 2.5tf (tf is the beam flange thickness); if the studs are located directly over the beam web, then this provision does not apply. For studs placed in formed steel deck, the maximum stud diameter is limited to 3/4 in.

	The minimum stud spacing along the longitudinal axis of the beam is 6Ds (Ds is the stud diameter).

	The maximum stud spacing along the longitudinal axis of the beam must be less than 8Ycon, or 36 in. (Ycon is the total slab thickness).

	The minimum stud spacing across the flange width is 4Ds.

	The minimum stud length is 4Ds.

	For formed steel deck, the rib height, hr, must be less than or equal to 3 in.

	For formed steel deck, the minimum rib width, wr, must be greater than 2 in., but shall not be taken as less than the clear width across the top of the deck.

	For formed steel deck, the studs should extend at least 11/2 in. above the top of the deck, with at least 1/2 in. of concrete cover over the top of the stud.

	For formed steel deck, the deck must be anchored to the supporting steel beams at intervals not exceeding 18 in. The anchorage can be provided by some combination of spot welds (also called puddle welds), mechanical connectors, or welding the headed stud through the deck.



The number of shear studs that are provided is a function of the required strength of the composite section, which will be discussed later. When studs are placed in corrugated metal deck, it is ideal to place the stud in the middle of the deck rib. However, the deck ribs are usually reinforced in the center, thus forcing the stud to be offset within the deck rib (see Figure 7-6). Studs should be placed on the side of the deck rib closest to the end of the beam because more load can be transmitted to the stud through the concrete due to the additional concrete cover (see Figure 7-6 and Ref. [4]). This is called the strong position of the stud (see also Figure 7-2a). Note that the direction of Vh in Figure 7-6 is the direction of the horizontal interface shear flow under gravity loads. When studs are located in the deck rib in the weak position, the shear strength is decreased by about 25% to 33%.


[image: image]

FIGURE 7-6Weak and strong stud positions



When shear studs are required by design, the number of studs required between the point of maximum moment and the nearest point of zero moment (i.e., within the shear span) is denoted as Ns. For the case of a uniformly loaded beam (see Figure 7-7a), the maximum moment occurs at midspan and therefore a total of Ns studs are provided on each side of the beam centerline.


[image: image]

FIGURE 7-7Stud placement



For a girder with two symmetrically placed concentrated loads (Figure 7-7b), a total of Ns studs are provided between each end of the girder and the location of the nearest concentrated load. The middle third of the beam has a constant moment (i.e., zero shear) and therefore does not require shear studs; however, a nominal number of shear studs are commonly provided in practice at the discretion of the designer, to account for slight variations in loading that may create a small moment gradient (and therefore some shear) in this region. A common layout of studs in this region is to add studs at 24 in. on center. When three or more symmetrically placed concentrated loads are present, the moment diagram approaches the uniformly loaded case and the stud spacing is uniform along the girder length (see Figure 7-7a).

For beams with nonsymmetrical loads, a total of Ns studs are still provided between the point of maximum moment and the nearest point of zero moment (see Figure 7-7c). This creates a situation in which the required stud layout is not symmetrical about the beam centerline; thus, in some cases the designer will add more studs so that the spacing is uniform to avoid errors in the field placement of the studs. There is an additional provision for concentrated loads, which requires that the number of studs placed between a concentrated load and the nearest point of zero moment shall be sufficient to develop the moment at the concentrated load. This is illustrated in Figure 7-7c, where a total of N1 studs are provided between the point of maximum moment, M1, and the nearest point of zero moment. A total of N2 studs are required between the location of the concentrated load, where the moment is M2, and the nearest point of zero moment. In this case, M1 is the maximum moment in the beam and M2 is the moment at the concentrated load.



7-3COMPOSITE BEAM STRENGTH


In order to analyze a composite beam section made of different materials (i.e., steel and concrete), we need to develop an equivalent model to determine the behavior of the composite section under loads. Figure 7-8a shows the typical composite beam section, with a steel beam and a concrete deck. In order to analyze this composite section, we need to transform the concrete section into an equivalent steel section using principles from mechanics of materials because the modulus of elasticity, and therefore the behavior of the two materials, are different under loading.


[image: image]

FIGURE 7-8Transformed composite beam section



Once the concrete section is transformed into an equivalent steel section, the section properties of the composite beam can be determined. The area of concrete is transformed by dividing the area of the concrete by the modular ratio, n, defined as follows:

[image: image]   (7-1)

Where,



	n =
	Modular ratio,



	Es =
	Modulus of elasticity for steel (29 × 106 psi),



	Ec =
	Modulus of elasticity for concrete



	 
	[image: image]   (7-2)



	wc =
	Unit weight of the concrete, lb./ft.3, and



	[image: image] =
	28-day compressive strength of the concrete, ksi, and it is permitted to be between 3000 psi and 10,000 psi (see AISC Specifications Section I1.3).




Note: ACI 318 defines the modulus of elasticity for concrete, Ec, as [image: image] with [image: image] is in pounds per square inch; however, AISC has adopted an approximate value (see equation (7-2)) where the [image: image] is in units of kips per square inch or ksi. The AISC value will be used in this chapter for consistency. The area of the concrete section (Figure 7-8a) is then transformed into an equivalent steel section (Figure 7-8b) by dividing the area of the concrete by the modular ratio:

[image: image]   (7-3)

where



	Act =
	Transformed concrete area, and



	Ac =
	Concrete area



	 
	= btc.



	b =
	effective width of the concrete slab



	tc =
	thickness of the concrete slab above the top of the metal deck




Once the concrete slab is transformed into an equivalent steel section, the section properties of the composite section can be determined, but this would depend on the location of the plastic neutral axis (PNA). Since we now have a homogeneous section, the PNA is the axis of equal area; that is, the cross-sectional area above the PNA equals the area below the PNA. There are three possible cases that must be considered, each corresponding to the location of the plastic neutral axis (PNA) of the composite section. For positive bending, the composite section area below the PNA is in tension and the area above the PNA is in compression. We will first look at the horizontal strength of the shear connectors. The horizontal shear due to the compression force above the PNA is assumed to be resisted by the shear connectors. This horizontal shear is taken as the lowest of the following three failure modes:

Crushing of the concrete:

[image: image]   (7-4)

Tensile yielding of the steel beam:

[image: image]   (7-5)

Strength of the shear connectors:

[image: image]   (7-6)

where



	[image: image] =
	Force in the shear connectors,



	[image: image] =
	28-day compressive strength of the concrete, ksi



	Ac =
	Concrete area



	 
	= btc,



	As =
	Area of the steel beam,



	Fy =
	Minimum yield stress in the steel beam (shall not exceed 75 ksi per AISC Specification Section I1.3),



	Qn =
	Nominal strength of the shear connectors between the points of maximum positive and zero bending moment.




The nominal strength of a single shear stud (see AISC Specification Section I8) is

[image: image]   (7-7)

where



	Asa =
	Cross-sectional area of the shear stud,



	Rg =
	Reduction coefficient for corrugated deck (see Table 7-1)



	  =
	1.0 for formed concrete slabs (no deck),



	Rp =
	Reduction coefficient for corrugated deck (see Table 7-1)



	  =
	1.0 for formed concrete slabs (no deck), and



	Fu =
	Minimum tensile strength of the shear connector



	  =
	65 ksi for ASTM A29 (see AWS D1.1 for the mechanical requirements of Type B headed steel stud anchors [1]).



The shear stud strength, Qn, can also be determined from AISCM Table 3-21.

The number of shear connectors provided is a function of how much of the concrete slab needs to be engaged in composite action with the steel beam to provide the required moment design strength. In many cases, it is economical to provide only enough shear studs to resist the applied moments such that the concrete slab is only partially engaged in composite action, resulting in what is termed partially composite action.

For any composite condition, the section properties can be determined using the parallel axis theorem from mechanics of materials [9]. Recall from mechanics of materials that the location of the neutral axis of a composite shape is given by equation (7-8).


TABLE 7-1 Reduction Coefficients Rg and Rp

[image: image]

Source: Adapted from Ref [1]. Copyright © American Institute for Steel Construction. Reprinted with permission. All rights reserved.



Notes:



	wr =
	Average width of the deck rib



	hr =
	Deck rib height



	emid-ht =
	Horizontal distance from the face of the shear stud to the mid-height of the adjacent deck rib in the direction of the load




[image: image]   (7-8)

The composite moment of inertia, which is called the transformed moment of inertia here since the concrete slab will be transformed into an equivalent steel section, is defined as

[image: image]   (7-9)

The transformed section properties calculated using the full slab depth assumes that there is full- or 100% composite action between the concrete slab and the steel beam, and that enough shear connectors are provided across the concrete-steel interface to achieve this condition. For this to be the case, the shear strength of the shear connectors, ΣQn, must be equal to or greater than the compression force in the slab. When the strength of the shear connectors is less than the maximum compression force in the slab, a partially composite section results and the section properties are reduced. The commentary in Section I of the AISCM gives the reduced section properties for the partially composite condition as

[image: image] (7-10)

where



	Is =
	Moment of inertia of the steel section,



	Itr =
	Moment of inertia of the fully composite section,



	Cf =
	the compression force in the concrete slab



	
	= the smaller of 0.85 [image: image] Ac and FyAs (i.e., [image: image] from equations (7-4) and (7-5)), and
[image: image]




The reduction term [image: image] in equation (7-10) represents the degree of composite action of a section. The degree of composite action should not be less than 50% to ensure ductile failure of the shear connection, and to obviate the need to investigate the ductility requirements of the shear connection (see Section I8 of the Commentary to the AISC Specifications). However, this requirement is not mandatory and the AISC Specifications allows a minimum degree of composite action as low as 25%, but to ensure ductile failure of the shear connection, the beam span must not exceed 30 ft. or the shear stud capacity must be at least 16 kips per ft. on average along the shear span (i.e., equivalent to 3/4 in. diameter studs at 12 in. maximum on centers). The ductility or slip capacity of the shear connectors is their ability to deform under the interface horizontal shear loads without fracturing, and this allows the interface shear load to be uniformly distributed among the shear connectors within the shear span (i.e., between the point of maximum moment and the nearest point of zero moment) [1]. Composite action should be ignored and the beam treated as a non-composite member when the degree of composite action is less than 25% because of excessive slippage at the concrete-steel interface. Equation (7-10) cannot be used for [image: image] values less than 25%.

The width of the concrete slab that is effective in the composite section is a function of the beam spacing and the length of the beam. The effective slab width on each side of the beam centerline (see Figure 7-9) is the smallest of


	1/8 of the beam span,

	1/2 of the distance to the adjacent beam, or

	The edge of the slab distance (for edge beams).



For formed-steel deck, the effective thickness of the concrete slab is reduced to account for the deck ribs. When the deck ribs are oriented perpendicular to the beam, the concrete below the top of the deck (i.e., the concrete within the deck flutes) is neglected. When the deck ribs are oriented parallel to the beam (i.e., the girder), the concrete below the deck ribs may be included in the composite girder analysis. The effective concrete slab thickness is usually taken as the average thickness for this case (see Figure 7-10).


[image: image]

FIGURE 7-9Effective slab width




[image: image]

FIGURE 7-10Effective slab depth



We will now consider the bending strength of a composite section. There are three possible locations of the plastic neutral axis (PNA)): within the concrete slab, within the beam flange, and within the beam web. With partial-composite action, the PNA is usually located within the steel section (in the beam flange or web). This is because a partially composite section engages a smaller amount of the concrete slab in compression; therefore, any additional cross-sectional area needed for compression is provided by the upper portion of the steel beam. A fully composite or 100% composite section on the other hand utilizes the steel member fully in tension.

PNA located within the concrete slab depth:

When the PNA is within the concrete slab depth (Figure 7-11), the nominal moment can be determined by taking a summation of moments as follows:


[image: image]

FIGURE 7-11PNA is within the concrete slab



[image: image]   (7-11)

where



	T =
	Tension force in the steel,



	Cc =
	Compression force in the concrete, and



	y =
	Distance between T and C (see Figure 7-11).



The depth of the compression stress block is

[image: image] (7-12)

where



	As =
	Area of the steel section,



	Fy =
	Yield stress,



	[image: image] =
	28-day compressive strength of the concrete, and



	b =
	Effective slab width. (Note that this symbol is used interchangeably with beff in this text to define the effective slab width). The effective width accounts for the effect of shear lag in the compression zone of the composite beam. Shear lag indicates that the distribution of the normal compression stress due to bending over the full width of the slab tributary to the beam or girder is not uniform. The effective width is the equivalent or reduced width of slab across which the normal compression stress is assumed to be uniform.



The equations for the design moment capacity and the allowable moment, respectively, are given as

[image: image] for LRFD   (7-13)

[image: image] for ASD   (7-14)

Where,



	hr =
	Deck thickness (height of the deck ribs),



	tc =
	Concrete thickness above the deck, and



	d =
	Beam depth.



	[image: image] =
	0.9



	[image: image] =
	1.67



	Ycon =
	total slab thickness = hr + tc.




PNA located within the thickness of the steel beam top flange:

When the PNA is within the top flange (Figure 7-12), the compression force in the concrete slab is at its maximum value. Therefore,


[image: image]

FIGURE 7-12PNA is within the flange of the steel beam



[image: image]   (7-15)

where Cc is the compression force in the concrete slab and Ac is the area of concrete. The compression force in the top flange of the steel beam is

[image: image]   (7-16)

Where,



	bf =
	Beam flange width, and



	Y1 =
	Distance from the PNA to the top of the top flange of the steel member.




To determine the tension in the bottom portion of the beam, Tb, we assume that the entire beam has yielded in tension and we subtract the portion that is in compression:

[image: image]   (7-17)

For equilibrium, the summation of horizontal forces yields

[image: image]   (7-18)

Combining equations (7-15) through (7-18) yields an expression for Y1:

[image: image]

[image: image]   (7-19)

Where,

Y1 is the distance from the top of the top flange to the PNA.

The available moment can be determined by summing moments about the PNA, which yields

[image: image] for LRFD   (7-20)

[image: image] for ASD   (7-21)

where,



	Y2 =
	the distance from the top of the beam top flange to the centroid of the concrete compressive force (Cc) = [image: image]



[image: image] = 0.9

[image: image] = 1.67

PNA located within steel beam web:

When the PNA is located within the web of the steel beam, a similar analysis can be carried out to determine Y1 (see Figure 7-13). The compression force in the slab, Cc, is found from equation (7-15). The compression force in the beam flange is


[image: image]

FIGURE 7-13PNA is within the web of the steel beam



[image: image]   (7-22)

where tf is the beam flange thickness.

The compression force in the upper part of the beam web is

[image: image]   (7-23)

where tw is the beam web thickness.

The tension force in the bottom portion of the beam is

[image: image]   (7-24)

For equilibrium, the summation of horizontal forces yields

[image: image]   (7-25)

Combining equations and solving for Y1,

[image: image]

[image: image]   (7-26)

The nominal moment can be determined by summing moments about the PNA, which yields

[image: image]

[image: image]   (7-27)

For LRFD, the design moment capacity is:

[image: image]   (7-28)

For ASD, the allowable moment capacity is:

[image: image]   (7-29)

Where,

[image: image] = 0.9

[image: image] = 1.67

Several examples will follow to illustrate how to calculate the section properties, the nominal bending strength, the design moment capacity (for LRFD), and the allowable moment (for ASD) for each possible PNA location.

EXAMPLE 7-1

Transformed Section Properties: Full-Composite Action

For the composite section shown in Figure 7-14, determine the transformed moment of inertia. Assume that the section is fully composite and that the concrete has a density of 145 pcf and a 28-day concrete strength of 3.5 ksi.


[image: image]

FIGURE 7-14Detail for Example 7-1



Solution

From AISCM Table 1-1, the section properties of [image: image] are

A = 6.49 in.2

d = 13.7 in.

I = 199 in.4

Transforming the concrete section into an equivalent steel section,

[image: image]

[image: image]

[image: image]

[image: image]

[image: image]

[image: image]

Using the top of the concrete slab as the datum, we develop Table 7-2.


TABLE 7-2 Transformed Section Properties

[image: image]



[image: image] [image: image]

[image: image]

[image: image]

[image: image]

[image: image]

EXAMPLE 7-2

Design Bending Strength of a Composite Section

Determine the design bending strength of the composite section given in Example 7-1, assuming full-composite action and ASTM A992 steel.

Solution

Since there is full-composite action, the compressive force in the concrete is the smaller of 0.85[image: image] (crushing of the concrete) and FyAs (tensile yielding of the steel beam).

[image: image]

[image: image]

[image: image]

[image: image]

Tensile yielding in the steel controls, which means that only a portion of the concrete slab is required to develop the compressive force. Figure 7-15 shows the stress distribution in the slab.


[image: image]

FIGURE 7-15Stress distribution for Example 7-2



From equation (7-4), the effective slab depth can be determined as follows:

[image: image] [image: image]

[image: image]

Therefore, [image: image]

The moment arm between the tensile and compressive forces is

[image: image]

[image: image]

The design bending strength (for LRFD) and the allowable bending moment (for ASD) are found using equation (7-11) as follows:

For LRFD:

[image: image]

For ASD:

[image: image]

EXAMPLE 7-3

Transformed Section Properties: Partial-Composite Action

Determine the section properties and design moment capacity of the composite section given in Example 7-1 assuming that (8)- 3/4″ASTM A29 headed studs (Type B with Fu = 65 ksi) are provided between points of maximum and zero moments in the deck profile shown in Figure 7-16. Assume that studs are placed in the “strong” position within the deck flutes or ribs.


[image: image]

FIGURE 7-16Metal deck profile for Example 7-3



Solution

From AISCM Table 1-1, the section properties for W14 × 22 are as follows:

[image: image]

[image: image]

[image: image]

[image: image]

[image: image]

[image: image]

The horizontal force in the shear connectors ([image: image]) is the smaller of the following three values:

[image: image]

[image: image]

[image: image]

[image: image]

[image: image]. This will now be calculated.

From Table 7-1, for one row of shear studs, deck ribs perpendicular to the beam,

[image: image]

[image: image] (“strong” position of the stud in the deck rib)

[image: image]

[image: image]

[image: image]

[image: image]

Therefore, [image: image]. Since there are 8 studs between the point of maximum moment and the nearest point of zero moment, therefore, Ns = 8, and

[image: image]

[image: image]

Therefore, C = 172 kips

The degree of composite action is found from the reduction term in equation (7-10), with Cf being 324.5 kips (the smaller of equations (7-4) and (7-5)):

[image: image]

This section is at least 25% composite, so we can proceed to calculate the reduced section properties:

The effective moment of inertia (see equation (7-10)) is

[image: image]

[image: image]

Recall that the transformed moment of inertia, [image: image], from Example 7-1 was calculated as 766.6 in.4 Note that [image: image] = 172 kips represents the maximum horizontal force that can be transferred through the concrete slab-steel beam interface.

Since SQn < AsFy, this indicates that the steel beam is not fully yielded in tension, therefore, some portion of the steel beam will be in compression in addition to the compression in the concrete slab. Therefore, there is a compressive force within the beam section and hence the PNA lies somewhere within the beam depth. Using equation (7-4), the effective slab depth can be determined by equating the compression force in the concrete to the shear capacity of the shear studs (i.e., [image: image] ):

[image: image] [image: image]

[image: image]

Therefore, [image: image]

Assuming that the PNA is within the beam flange, Y1 is determined from equation (7-19):

[image: image]

[image: image]

[image: image] [image: image]

The design bending strength (for LRFD) and the allowable bending moment (for ASD) are then determined from equations (7-20) and (7-21), respectively, as follows:

The distance from the top of the steel beam top flange to the centroid of the concrete compression force is

[image: image]

For LRFD:

[image: image]

[image: image]

[image: image]

[image: image]

For ASD:

[image: image]

[image: image]

[image: image]

[image: image]

EXAMPLE 7-4

PNA in the Slab

Determine the design moment strength for the beam shown in Figure 7-17. The concrete has a 28-day compressive strength of 4 ksi; use Fy = 50 ksi for the steel beam. Assume full-composite action.


[image: image]

FIGURE 7-17Detail for Example 7-4



Solution

From AISCM Table 1-1, the section properties for W24 × 55 are

A = 16.2 in.2

d = 23.6 in.

I = 1350 in.4

Determine the location of the PNA starting with equation (7-12):

[image: image]

The design bending strength (for LRFD) and the allowable bending moment (for ASD) are found from equations (7-13) and (7-14) as follows:

For LRFD:

[image: image]

[image: image]

For ASD:

[image: image]

[image: image]

EXAMPLE 7-5

PNA in the Beam Web

Determine the design moment strength for the beam shown in Figure 7-18. The concrete has a 28-day strength of 4 ksi; use Fy = 50 ksi for the steel beam. Assume 25% composite action.


[image: image]

FIGURE 7-18Detail for Example 7-5



Solution

From AISCM Table 1-1, the section properties for W18 × 35 are

[image: image]   [image: image]

[image: image]   [image: image]

[image: image]   [image: image]

[image: image]

[image: image]

[image: image] (controls)

Assuming 25% composite action, Cc = (0.25)(515) = 129 kips < 680 kips or 515 kips.

Therefore, Cc = 129 kips.

Since [image: image] therefore, the PNA is in the steel beam web.

[image: image]

Therefore, [image: image]

[image: image]

Recall that [image: image] is the vertical distance between the top of the top flange of the steel beam or girder and the centroid of the concrete compression stress block, while Y1 is the distance from the PNA to the top of the steel beam top flange. Use equations (7-26) and (7-27) to determine Y1 as follows (if Y1 is greater than tf, then PNA is, in fact, in the beam web as assumed):

[image: image]

[image: image]

Since Y1 is greater than the beam flange thickness (Y1 = 4.80 in. > tf = 0.425 in.) the PNA cannot be located within the steel beam flange; it, therefore, must be within the depth of the beam web. The design bending strength (for LRFD) and the allowable bending moment (for ASD) are then found from equations (7-28) and (7-29) as follows:

For LRFD,

[image: image]

[image: image]

[image: image]

[image: image]

[image: image]

For ASD,

[image: image]

[image: image]

[image: image]

[image: image]

[image: image]



7-4SHORING OF COMPOSITE BEAMS


Before discussing the deflection of composite beams, we need to look at the concept of shored versus unshored construction. Shoring can be provided under the beams and girders in order to allow the concrete floor to cure and reach its design strength prior to imposing any load on the steel beams (see Figure 7-19a). Once the shores are removed, the beam will have an instantaneous deflection due to the weight of the concrete floor slab, but at this time, the composite action of the steel beam with the hardened concrete has already developed and thus, the load will be jointly supported by the steel beam and the concrete slab acting compositely. With unshored construction, the weight of the wet concrete is superimposed on the steel floor beams – while it is still non-composite - prior to the concrete curing, thus causing the beams to deflect under the weight of the concrete. In unshored construction, the steel beam alone – acting as a non-composite beam – supports the construction phase dead and live loads. The construction phase dead load will include the weight of the wet concrete including any concrete ponding loads (i.e., additional concrete weight) arising from the deflected profile of the beam, while the construction phase live loads includes the weight of the construction crew and equipment on the slab during the concrete pour (Table 2-13). Recommended construction live loads are: 20 psf for very light duty (frequently used for slab construction); 25 psf for light duty; 50 psf for medium duty; and 75 psf for heavy duty construction (see ASCE 37-14 [10]). Most designers use a construction live load of 20 psf for the construction phase design check [5]. (Recall that construction live loads were previously discussed in Chapter 2.)

The instantaneous deflection of the beams when shored construction is used will not be as much as it is in the unshored scheme since the beam in the former case will be in a composite state and thus have greater flexural stiffness from the get-go before it begins to resist any loads.

From a design standpoint, there is no conclusive data that favors either form of construction. From a construction standpoint, the unshored scheme is usually preferred because it avoids the labor required to install and remove the shores. However, the disadvantage of unshored construction is that because the beams deflect under the weight of the freshly poured concrete, additional concrete will have to be poured to achieve a flat floor surface, and this could result in concrete ponding. As discussed in Chapter 2, concrete ponding occurs when the deflected shape of a beam loaded with wet concrete allows additional concrete to accumulate, (see Figure 7-19b). This creates a situation where the builder must account for additional volume of concrete that must be placed and the designer must account for the extra concrete weight, as previously discussed in Chapter 2. For common floor framing systems, the additional concrete volume required to account for ponding can range from 10% to 15% (see Figure 7-19c). One way to mitigate concrete ponding is to camber the beams. It would be ideal to camber the beams by an amount equal to the beam deflection due to the wet concrete, but this is not recommended because if there is too much upward camber in the beam, then the slab might end up being too thin at the middle of the beam and there would not be enough concrete cover for the headed studs (see Figure 7-19d) that is needed for fire and corrosion protection, and for bonding of the stud with the surrounding concrete. For this reason, most designers provide camber that is equivalent to 75% to 85% of the calculated deflection due to the dead load of the concrete. This reduction accounts for the possibility of overestimating the dead load, as well as the fact that the calculated deflection assumes pinned supports and does not account for any partial restraint at the beam supports. Beams that are less than 25 ft. long should not be cambered, and the minimum camber should be at least 3/4 in. These limits ensure economy in fabrication and cambering processes.

With unshored construction, the beams must be designed to support the concrete slab, as well as the temporary construction dead and live loads present while the slab is being placed. In floor systems with a formed-steel deck, the floor deck is usually adequate to fully brace the top flange of the beams against lateral–torsional buckling because the deck is oriented in its strong orthogonal direction, with the ribs perpendicular to the beam. However, the floor deck is usually not adequate to provide lateral stability to the girders because the deck is oriented in its weak orthogonal direction, with the deck ribs parallel to the girder. In this orientation, the lateral load that causes lateral torsional buckling in the girder will be perpendicular to the deck ribs, and the axial load capacity of the deck is smallest in this direction since the deck will simply crumble under this axial load. The designer must therefore consider the unbraced length of the beams and girders during slab construction phase loading. The compression flange of the beams is assumed to be fully braced by the deck; the girders are laterally braced only at the locations where the infill beams frame into the girder.


[image: image]

FIGURE 7-19Shored and unshored beams



For shored construction, the advantages are that all of the strength and deflection checks are based on the composite condition and the strength of the steel beam alone is not a factor when the concrete is still wet. Aside from the fact that added labor and material will be required for shored construction, one key disadvantage is that cracks are likely to occur over the supporting girders and sometimes over the beams as well. One way to mitigate this occurrence is to add reinforcement over the beams and girders to control the cracking (see Figure 7-20). Even with unshored construction, cracking is somewhat common over the supporting girders, so steel reinforcement (rebar) is often added over (and perpendicular to) the girders in either construction scheme.


[image: image]

FIGURE 7-20Crack control over beams and girders




[image: image]

FIGURE 7-21Shoring to allow some deflection and minimize ponding



Another way to mitigate cracking over the beams and girders in a shored scheme is to place the shoring in such a way that some amount of deflection in the beams will occur, while minimizing the amount of ponding. Figure 7-21 shows one recommended shoring placement that allows some deflection and minimizes ponding. In this scheme, shores are placed under the girders at the points where a beam intersects, and at a distance of L/5 from the ends of the beam.

EXAMPLE 7-6

Construction Phase Loading

For the floor framing shown in Figure 7-22, determine the following, assuming ASTM A992 Grade 50 steel and a slab weight of 75 psf including concrete ponding load (neglect the self-weight of the framing):


[image: image]

FIGURE 7-22Floor framing for Example 7-6




	Required camber in the W18 × 35 beam for an unshored scheme,

	Required camber in the W18 × 71 girder for an unshored scheme,

	Adequacy of the W18 × 35 beam for construction phase loading

	Adequacy of the W18 × 71 girder for construction phase loading.



Assume very light construction without any motorized vehicles on the floor

Solution

Recall from Chapter 2 that the recommended construction live load for very light construction without motorized vehicles on the floor during construction is 20 psf.

The following load combinations are applicable for LRFD for the Construction Phase:

[image: image]

[image: image]

Therefore, the factored design floor load (construction phase), [image: image]

Uniform load on beam in kips/ft. and kips/in. (construction phase):

Tributary width of the beam = 9 ft.

[image: image]

[image: image]

Concentrated loads on the girder (construction phase):

Span of the beam = 33 ft.

The beam reactions on the typical interior girder for the construction phase are calculated as follows:

[image: image]

[image: image]

[image: image]

Camber

For the required camber, 75% of the slab weight will be assumed. The moment of inertia of the W18 × 35 beam and the W18 × 71 girder are 510 in.4 and 1170 in.4, respectively (see part 1 of the AISCM). For deflection calculations, the reader can use the deflection equations presented in AISCM Tables 3-22 or 3-23.

The camber for the beam under a uniform unfactored dead load of 56.25 Ib/in. is

[image: image]

[image: image] Use a 7/8-in. camber.

The camber for the girder under two equal and symmetrically located unfactored concentrated load of 22.3 kips is

[image: image]

[image: image]

With no camber required, the construction phase deflection will have to be added to the deflections caused by the superimposed dead and live loads to obtain the total load defection. Recall that the minimum recommended camber (if provided) is 3/4 in. and the minimum recommended beam span is 25 ft. for cambered beams.

Construction Phase Strength

The factored bending moment due to construction phase loading for the beam is

[image: image]

The factored bending moment due to construction phase loading for the girder is

[image: image]

The unbraced length of the beam = 0 ft. (since the beam is fully braced by the deck)

The unbraced length of the girder = the spacing between the beams = 9 ft

From AISCM Table 3-10, the design bending strength of the beam and girder, respectively, are

[image: image]

[image: image]

Therefore, the infill beams and the girders are adequate for the construction phase loading.



7-5DEFLECTION OF COMPOSITE BEAMS


Composite beams have a larger moment of inertia than non-composite beams of the same size once the concrete slab cures and reaches its required strength because of the interaction between the concrete slab and the steel beams and girders made possible by the shear studs. The designer must first consider whether or not the slab is shored (see Section 7-4). For shored construction, all of the deflection will occur “post-composite” and will be a function of the transformed moment of inertia. For unshored construction, the weight of the concrete will cause an initial deflection based on the moment of inertia of the non-composite steel beam; then any live load and superimposed and sustained dead load deflections will be based on the transformed moment of inertia (i.e., the moment of inertia of the composite section).

When a composite beam is subjected to sustained loads, the concrete slab will be in a constant state of compression and is susceptible to creep. Creep is the deformation that occurs slowly over a period of time due to the constant presence of compression loads or stresses. It is difficult to quantify the amount of creep in a composite section, but designers estimate this deflection by using a modular ratio of 2n to 3n instead of the n value calculated in equation (7-1). The AISCM recommends a modular ratio of 2n for calculating long-term deflections due to creep [3]. The creep deflection due to sustained dead loads is not significant in typical steel buildings. Creep should be accounted for when there is a large amount of sustained live load. A more detailed coverage of this topic is found in Ref. [6].

In Section 7-3, we discussed the calculation of the transformed moment of inertia, Itr, for a composite section, as well as the effective moment of inertia, Ieff, for a partially composite section. In many cases, the terms Itr and Ieff are used interchangeably to describe the stiffness of a composite section. In this text, we will use the term Ieff to describe the moment of inertia for either a fully composite or partially composite section (in equation (7-10), note that Ieff = Itr for a fully composite section). Previous editions of the AISC specification had recommended a reduction factor of 0.75 for the effective moment of inertia, but this reduction factor has been removed from the current edition of the AISC Specifications.

Alternatively, in lieu of using the transformed moment of inertia, the AISC Specifications allows the use of the lower-bound moment of inertia tabulated in the lower-bound elastic moment of inertia table (Table 3-20 in the AISCM). The lower-bound moment of inertia (ILB) is the moment of inertia at the ultimate limit state, which is less than the moment of inertia at the serviceability limit state, where deflections are usually calculated. Thus, the lower bound moment of inertia yields a conservative estimate of the actual deflections. To obtain ILB from AISCM Table 3-20, look for a Y2 value from the ultimate design stage and for a Y1 value corresponding to ΣQn, obtained in the ultimate design stage. The ILB obtained is then used to calculate the deflection.

The deflection limits for beams are found in the International Building Code (IBC), Section 1604.3. Composite beams are normally used as floor members, and from the IBC Table 1604.3, live load deflection is limited to L/360 and the total load deflection is limited to L/240. For shored construction, the deflection limits are as follows:

[image: image]   (7-30)

[image: image]   (7-31)

where

ΔLL = Live load deflection,

ΔTL = Total load deflection (dead plus live load), and

 L = Beam span.

For unshored construction, the live load deflection limit is as indicated in equation (7-30), but the total load deflection must also account for the construction phase deflection. Therefore, for unshored construction,

[image: image]   (7-32)

where



	ΔSDL =
	Superimposed dead load deflection (post-composite dead load),



	ΔLL =
	Live load deflection, and



	ΔCDL =
	Construction phase dead load deflection less any camber (pre-composite dead load).




Note that ΔSDL and ΔLL will be a function of the composite moment of inertia (from equation (7-24)) and ΔCDL will be a function of the moment of inertia of the steel beam only (i.e., non-composite moment of inertia). Note also that the construction dead load, ΔCDL, can be minimized by specifying a camber. More stringent deflection limits than used in this section may be specified if the floor supports deflection sensitive elements such as operable partition walls or sensitive equipments (see Section 2-15).

Floor vibrations are an additional serviceability consideration for composite as well as non-composite floor members, and this topic is covered in Chapter 12.



7-6COMPOSITE BEAM ANALYSIS AND DESIGN USING THE AISCM TABLES


The analysis process presented in the previous sections can be tedious when performing calculations manually, which is why most composite beam designs are carried out with the aid of a computer program. As an alternative, there are several design aids in the AISCM that can be used. AISCM Table 3-19 is used to determine the design bending strength of a composite section, and AISCM Table 3-20 is used to determine the moment of inertia, ILB. Both tables are a function of Y1 (location of the PNA), Y2 (location of the compression force in the slab), and ΣQn (magnitude of the compression force, which is a function of the number of shear studs between the point of maximum moment and the nearest point of zero moment).

Referring to Figure 7-23, there are seven possible locations of the PNA, starting from the top flange of the steel beam to some point within the web of the beam. If it is found that the PNA is above the top of the beam flange, then the values obtained from PNA location 1 are conservatively used. Full-composite action occurs at PNA location 1 (i.e., ΣQn = AsFy), whereas PNA location 7 represents 25% composite action. As previously discussed in Section 7-3, the minimum degree of composite action is 25% (i.e., ΣQn = 0.25AsFy) and this was recommended in previous editions of the AISC Specifications for all composite beams, but due to the non-ductile failures of the shear studs that have been observed in long span composite beams with low percentages of composite action, a 50% minimum degree of composite action is now recommended, but not mandatory, in the current AISC Specifications, [1]. A minimum of 25% degree of composite action is allowed under the conditions discussed in Section 7-3. If the degree of composite action is lower than 25%, the beam should be treated as a non-composite beam (see Chapter 6).


[image: image]

FIGURE 7-23PNA location for using AISC tables



The examples that follow illustrate the use of composite beam design tables in the AISCM.

EXAMPLE 7-7

Composite Beam Deflections

Determine whether the composite beam in Example 7-3 is adequate for immediate and long-term deflections, assuming the following conditions:

[image: image]

[image: image]

[image: image]

[image: image]

[image: image]

Solution

Loads to Beam:

[image: image]

[image: image]

[image: image]

From Example 7-3,

[image: image]

[image: image]

The moment of inertia used for long-term deflections is

[image: image]

As an alternate check, recall from Example 7-3 that Y1 = 0.305 in., Y2 = 4.64 in., and ΣQn = 172 kips. From AISCM Table 3-20, we find that ILB = 496 in.4 (by interpolation). Recall that the lower bound moment of inertia is the value of the moment of inertia at the ultimate limit state, which is conservative.

Construction Phase Deflection:

[image: image]

[image: image]

If this beam were to be cambered, we would take 75% of the construction phase dead load deflection as the camber, as follows:

[image: image] Use 3/4-in. camber.

The construction phase deflection would then be reduced by 3/4 in.:

[image: image]

A construction phase deflection of 1.03 in. would require the addition of more concrete in the floor slab due to ponding in order to achieve a flat floor surface, so a camber of 3/4 in. will be specified. The post-composite deflection using [image: image] is

[image: image]

[image: image]

[image: image]

[image: image]

[image: image]

[image: image]

The deflection limits are found from equations (7-30) and (7-31):

[image: image]

[image: image] OK. for live load deflection

[image: image]

[image: image]

It can be seen by inspection that the 3/4-in. camber is needed to meet the total load deflection limit.

We must also consider the long-term deflection to account for creep effects. To do this, the effective moment of inertia must be recalculated using a modular ratio of 2n. From Example 7-1, n = 8.87; therefore, use n = 2(8.87) = 17.74:

[image: image]

[image: image]

Using the top of the concrete slab as the datum, we develop Table 7-3.


TABLE 7-3 Composite Beam Section Properties

[image: image]



[image: image]

[image: image]

[image: image]

Accounting for the partial-composite behavior (see Example 7-3), the effective moment of inertia is

[image: image]

The ratio of the effective moment of inertia used for total loads versus that used for sustained loads is

[image: image]

This ratio can be used to calculate the actual sustained load deflection. The amount of sustained live load specified for this example is 20% of the total live load, and the remaining 80% is assumed to be transient. The total sustained load deflection then is

[image: image]

[image: image]

This is less than the L/240 = 1.43 in. calculated previously, so the section is adequate for long term deflections due to sustained loads.

EXAMPLE 7-8

Composite Design Strength Using the AISCM Tables

Determine the design strength of the beam in Example 7-2 using AISCM Table 3-19.

Solution

From example 7-2,

[image: image]

a = 1.36 in.;

therefore,

[image: image]

From AISCM Table 3-19 (by linear interpolation), the design moment strength and the allowable bending moment, respectively, can be obtained as follows:

For LRFD:

[image: image]Mn = 272 ft.-kips

For ASD:

[image: image]

EXAMPLE 7-9

Composite Design Strength Using the AISCM Tables

Determine the design strength of the W14 × 22 beam in Example 7-3 using AISCM Table 3-19.

Solution

From Example 7-3, for the W14 × 22 beam

[image: image]

[image: image]

[image: image]

[image: image]

From AISCM Table 3-19 (by linear interpolation), the design moment strength and the allowable bending moment, respectively, can be obtained as follows:

For LRFD:

[image: image]Mn = 227 ft.-kips

For ASD:

[image: image]

EXAMPLE 7-10

Composite Design Strength Using the AISCM Tables

Determine the design strength of the W18 × 35 beam in Example 7-5 using AISCM Table 3-19.

Solution

From Example 7-5, for the W18 × 35 beam

[image: image]

[image: image]

[image: image]

From AISCM Table 3-19 (by linear interpolation), the design moment strength and the allowable bending moment, respectively, can be obtained as follows:

For LRFD:

[image: image]Mn = 368 ft.-kips

For ASD:

[image: image]



7-7COMPOSITE BEAM DESIGN PROCEDURE


There are several factors that must be considered in the design of composite floors. One key constraint is that the required floor structure depth is usually specified early in the design stage. In some cases, the depth of the steel beams will be limited if the floor-to-floor height of a building is limited. The beam spacing, another factor that should be considered early in the design stage, is generally a function of the slab strength, but tighter beam spacing could be required to minimize the steel beam depth. The slab design is mainly a function of the beam spacing (i.e., thinner slabs can be used with smaller beam spacing and thicker slabs are required for larger beam spacing). The fire rating of the floor structure must also be considered. Many occupancy categories will require that a floor structure have a certain fire rating, usually measured in hours. The Underwriters Laboratory (UL) has tested several floor assembly types and assigned ratings for each assembly type. (Fireproofing is covered in Chapter 14). It is generally more economical and desirable to obtain the required fire rating by selecting a concrete slab with enough thickness so that the steel beams and steel deck do not have to be fireproofed.

In order to determine the most economical floor framing system for any building, the designer may have to perform several iterations of framing schemes, considering all of the variables already noted, to determine the most suitable system. We will assume at this point that the slab spacing and the beam spacing have already been determined, so that we can proceed with the composite beam or girder design.

The following steps are given as a guide for the design of composite beams:


	Tabulate the design loads (dead load, superimposed dead load, live load, and sustained live load). Tabulate the service loads to be used for the deflection calculations, and tabulate the factored loads to be used for the strength design checks.

	Compute the maximum shear demand, Vs or Vu, and moment demand, Ms or Mu, for design, and the maximum moment demand during the construction phase, Msc or Muc, for unshored construction.

	Estimate the beam weight. Assuming that the PNA is in the concrete slab, we can use equation (7-11) to determine the allowable bending moment and the design moment capacity, respectively:
For LRFD:

[image: image]

Using [image: image] T = AsFy, and [image: image] we can solve for the required area of steel as follows:

[image: image]   (7-33)

For ASD:

[image: image]

Using [image: image], T = AsFy, and [image: image] we can solve for the required area of steel as follows:

[image: image]   (7-34)

An assumed value of the depth of the concrete compression stress block or the effective concrete flange depth, a = 0.4tc is recommended here (see Figure 7-10 for tc).

In equations (7-33 and 7-34), Ycon is the distance from the top of the steel beam to the top of the slab. Knowing the density of steel is 490 lb./ft.3 and using equations (7-33) and (7-34), we can solve for the beam weight for the LRFD and ASD methods, respectively, as follows:

For LRFD:

[image: image],   (7-35)

For ASD:

[image: image]   (7-36)

where w is in pounds per linear foot (i.e., Ib/ft.). For various assumed values of the nominal beam depth, d, in inches, the required minimum beam weight, in pounds per linear foot, is calculated, and the lightest weight beam is selected.




4.Conduct the construction phase strength and deflection check (unshored beams only):

a.Check the selected steel beam as a non-composite section to support the following loads:

•Weight of wet concrete,

•Weight of metal deck,

•Steel beam self-weight, and

•Construction live load = 20 psf (weight of workers and equipment).

b.Calculate the deflection of the non-composite beam under construction phase dead load (CDL). A percentage of this deflection can be the specified camber. It is not recommended to camber steel beams or girders when the span is less than 25 ft. or if the construction phase dead load deflection is less than 3/4 in.

5.Calculate AsFy for the selected steel section, and then calculate the degree of composite action. For 100% composite action (i.e., fully composite), ΣQn = AsFy. The minimum degree of composite action of 25% (i.e., ΣQn = 0.25AsFy) can be used if the conditions discussed in Section 7-3 are satisfied; otherwise, a minimum of 50% degree of composite action should be used. This will ensure ductile behavior of the horizontal interface shear connection. Note that when the degree of composite action is lower than 25%, the beam should be designed as a non-composite beam (see Chapter 6).

6.Calculate the effective flange width, b, of the concrete slab. The effective width is the sum of the effective width on each side of the beam centerline, and it should not be greater than the following:

•1/8 of the beam span,

•1/2 of the distance to the adjacent beam, or

•The edge of the slab distance (for edge beams).

7.Calculate the actual depth of the effective concrete flange, a (this might be different from the value assumed in step 3):

[image: image]   (7-37)

8.Compute the distance from the beam top flange to the centroid of the effective concrete flange:

[image: image]   (7-38)

9.Use the value of Y2 from step 8 and the assumed value of ΣQn from step 5. Go to the composite beam selection table (Table 3-19 in the AISCM) corresponding to the beam size chosen in step 3. Determine the design bending strength of the composite section, linearly interpolating if necessary:

a.If [image: image], the beam section is adequate for LRFD

If [image: image] the beam section is adequate for ASD

b.If [image: image] (for LRFD) or if [image: image] (for ASD), the beam is inadequate, and the following options should be considered:

•Increase the degree of composite action (i.e., increase ΣQn up to ≤ AsFy).

•Use a larger beam size.

10.Check the shear strength of the steel beam:
[image: image], where ϕvVn = ϕv0.6FyAwCv1 for LRFD
[image: image], where [image: image] for ASD
Recall that for webs of I-shaped members with [image: image]
(see Chapter 6 for other values of Cv1). Alternatively, ϕvVn or [image: image] can be obtained for W-shapes from the maximum total uniform load table (Table 3-6 in the AISCM).

11.Select the shear stud spacing (see Section 7-2 and Figure 7-7). Recall that [image: image],
where Ns is the number of studs between the point of maximum moment and the nearest point of zero moment. Next, check the stud spacing and other requirements to ensure compliance with the AISC Specifications. Refer to the bulleted list of requirements in Section 7-2.

12.Check deflections. There are two methods for computing the actual moment of inertia of the composite section required in the deflection calculations:

a.Use the lower-bound moment of inertia tabulated in the lower-bound elastic moment of inertia table (see AISCM Table 3-20)

b.Determine the transformed moment of inertia and calculate Ieff from equation (7-10), which is then used to calculate the deflections.
Recall that the modular ratio used for short-term deflections is n and for long-term (sustained load) deflection, the modular ratio is 2n. Deflections are generally limited to L/360 for live loads and L/240 for total dead plus live loads.

13.Check floor vibrations (see Chapter 12).

14.Compute the reinforcement required in the concrete slab and over the girders (see Section 7-8).

EXAMPLE 7-11 (LRFD)

Composite Beam and Girder Design

Given the floor plan shown in Figure 7-24, design a typical infill beam B1 and girder G1 using the LRFD method. The floor consists of a 3.5-in. normal weight concrete slab on 1.5-in. × 20-ga. galvanized composite metal deck with 6 × 6 − W2.9 × 2.9 WWF to reinforce the slab. Assume ASTM A992, Grade 50 steel and a concrete strength, [image: image] = 3.5 ksi. Use a floor live load of 150 psf.

Solution

For ASTM A992 steel, Fy = 50 ksi and Fu = 65 ksi.

Floor Loads:

[image: image]

[image: image]


[image: image]

FIGURE 7-24Details for Example 7-11



For 1.5-in. metal deck, deck rib width, wr = 3.5 in. > 2 in. OK, and

Deck rib depth or height, hr = 1.5 in.

Note: The above two deck parameters must be obtained from the deck manufacturer’s catalog.

For 3.5-in. concrete slab on top of deck, tc = 3.5 in. > 2-in. minimum. OK.

Stud diameter, Ds = 3/4 in. ≤ 2.5 tf. Therefore, minimum flange thickness = 0.75/2.5 = 0.3 in.

[image: image]

Assuming a 1-in. clear concrete cover over the head of the stud, we have

[image: image]

Maximum longitudinal stud spacing = Smaller of 8Ycon = 40 in. or 36 in.

Minimum longitudinal stud spacing = 6Ds = 6(¾ in.) = 4.5 in.

Minimum transverse spacing of stud = 4Ds = 4(¾ in.) = 3 in.

Design of composite beam B1:


	Composite design (Applied loads and moments):
[image: image]
[image: image]
[image: image]
[image: image]
[image: image]
[image: image]

	Factored moment, Mu = (2.28 kips/ft.) (30 ft.)2/8 = 257 ft.-kips
Factored shear, [image: image]
Service live load reaction, [image: image]
Superimposed dead load reaction, [image: image]

	Assume the depth of the concrete compression stress block or the effective concrete flange depth, a = 0.4tc = (0.4)(3.5 in.) = 1.4 in.
[image: image]
[image: image]
[image: image]
[image: image]
[image: image]
[image: image]
[image: image]
Try a W14 × 22 beam for which As = 6.49 in.2 and moment of inertia, I = 199 in.4.

	Construction phase strength and deflection check:
[image: image]
The construction phase factored total load on the infill beam is
[image: image]
[image: image] Therefore, [image: image]
The construction phase dead load on the infill beam is
[image: image]
[image: image]
The construction phase factored shear, [image: image]
The construction phase factored moment in the infill beam is
[image: image] (top flange of beam is assumed to be fully
   [image: image]
From the beam design selection table (AISCM Table 3-6 or 3-10), we obtain the design moment capacity of the non-composite beam:
[image: image]
The construction phase dead load deflection is
[image: image]
[image: image]

	AsFy for W14 × 22 = (6.49 in.2)(50 ksi) = 325 kips
[image: image]
[image: image]

	Effective concrete flange width, b, is the smaller of
(1/8)(30 ft.) + (1/8)(30 ft.) = 7.5 ft., or
(1/2)(6.67 ft.) + (1/2)(6.67 ft.) = 6.67 ft. (80 in.), (controls).

	Depth of the effective concrete flange (i.e., the depth of the compression stress block) is
    [image: image]

	Distance from the top of the steel beam top flange to the centroid of the effective concrete flange is
[image: image]

	Using the composite beam selection table (AISCM Table 3-19) with Y2 = 4.32 in. and the ΣQn = 325 kips assumed in step 5, we obtain, by linear interpolation,
[image: image]
[image: image] (Note the value of ΣQn = 325 kips corresponds to Y1 = 0.0 in AISCM Table 3-19)
If [image: image] had been much less than Mu, we would have had to increase the beam size to W14 × 26 or W16 × 26, since we are already at 100% composite action and cannot get any more composite action from the W14 × 22 beam.

	Factored shear, Vu = 35 kips.
The design shear strength is from Chapter 6 or AISCM Table 3-6:
[image: image]
[image: image]

	[image: image] Number of studs between the point of maximum moment and the nearest point of zero moment.



•Deck rib depth, hr = 1.5 in.

•Stud length, Hs = 4 in. < hr + 3 in. = 4.5 in.

•Nr = 1 (assuming a single row of studs)

•Deck rib width, wr = 3.5 in.

For metal deck ribs perpendicular to the beam and placed in the strong position, the shear stud capacity reduction factors from Table 7-1 are:
[image: image]
[image: image]
The shear stud capacity is
[image: image]
[image: image]
[image: image]
[image: image]
Therefore, Qn = 21.5 kip
Or, from AISCM Table 3-21, with the deck ribs perpendicular to the beam, and strong stud per rib, and one row of studs per deck rib, the shear stud capacity, Qn = 21.3 kip.
The number of studs between the point of maximum moment and the nearest point of zero moment is
[image: image]
Since the loading on the beam is symmetrical, the total number of studs on the beam is
[image: image]
[image: image]

[image: image]

Note: For composite beams, the actual stud spacing will depend on the spacing of the deck flutes. This implies that the final spacing of the studs will need to be less than or equal to the 11.25 in. value above, depending on the spacing of the deck flutes (i.e., the final stud spacing in a composite beam must be a multiple of the deck flute spacing). For example, if the deck flute spacing on this beam were 12 in., it would not be physically possible to place 32 studs in one row on the beam that is 30 ft. long (i.e., the beam would have no more than 30 deck flutes available). We would then have to consider two rows of studs or an increase in the beam size, since we are already at 100% composite action. For 11/2-in. composite metal deck, the usual rib spacing is about 6 in., so 32 studs could be placed in one row on this beam.

12.We will now check deflections. We need to calculate the lower-bound moment of inertia, ILB, of the composite beam using the values of Y1 = 0.0 in. and Y2 = 4.32 in. obtained from step 9. Using the lower-bound moment of inertia table for a W14 × 22 (AISCM Table 3-20), we obtain ILB = 606 in.4 by linear interpolation.

The live load deflection is

[image: image]

[image: image].

Since the beam is cambered, the total deflection, STL, which is the sum of the deflections due to superimposed dead load (wSDL = 0.014 kip/in.), live load (wL = 0.084 kip/in.), and the deflection due to the dead load not accounted for in the camber, is

[image: image]

[image: image]

[image: image]

Use a W14 × 22 beam (N = 32 and Camber, C = 1 in.)

Design of Composite Girder G1:


	Loads on the girder (see Figure 7-25):

[image: image]

FIGURE 7-25Loading for Girder G1



[image: image]

[image: image]

[image: image]

[image: image]



	Factored moment, Mu = (68.4 kips) (6.67 ft.) = 456 ft.-kips
Factored shear, Vu = 70 kips

	Assume the depth of the concrete compression stress block or the effective flange depth, a = 0.4 tc
[image: image] (see Figure 7-10)

[image: image]

[image: image]

[image: image]

[image: image]

[image: image]

[image: image]

[image: image]

Try a W18 × 35 girder; As = 10.3 in.2 and moment of inertia, I = 510 in.4



	Construction phase strength and deflection check for the girder:
[image: image]

[image: image]

[image: image]

[image: image]

From the beam design selection table (AISCM Table 3-10), we obtain the design moment capacity of the non-composite girder:

[image: image]

The construction phase dead load deflection of the non-composite girder is

[image: image] < 3/4 in.

∴No camber is required.

Since no camber is required, the calculated construction phase dead load deflection will be added in step 12 to the superimposed dead load and live load deflections to obtain the total load deflection, ΔTL.



	AsFy for W18 × 35 = (10.3 in.2) (50 ksi) = 515 kips
[image: image]

[image: image]



	Effective concrete flange width, b, for the girder is the smaller of
(1/8)(20 ft.) + (1/8)(20 ft.) = 5 ft. (60 in.), [image: image] Controls

Or (1/2)(30 ft.) + (1/2)(30 ft.) = 30 ft. (360 in.).



	Depth of the concrete flange (i.e., the depth of the compression stress block) is
[image: image]



	Distance from the top of the steel girder to the centroid of the effective concrete flange is
[image: image]



	Using the composite beam selection table for the W18 × 35 girder (i.e., AISCM Table 3-19) with Y2 = 3.55 in. and ΣQn = 515 kips, and we obtain the girder design moment capacity as
[image: image]

[image: image]


	Vu = 68.4 kips. The design shear strength is obtained from Chapter 6 or from AISCM Table 3-6:
[image: image]

[image: image]


	[image: image] Number of studs between the point of maximum moment and the nearest point of zero moment
[image: image]

From Table 7-1, for deck ribs oriented parallel to the girder, the shear stud capacity reduction factors are

[image: image]

[image: image]

The shear stud capacity is

[image: image]

[image: image]

[image: image]

= [image: image]

Therefore, [image: image]

Or, from AISCM Table 3-21, with deck ribs parallel to the girder, Qn = 21.3 kips.

The number of studs between the point of maximum moment and the nearest point of zero moment (i.e., within 6'-8'' from each end of the girder) is

[image: image]

[image: image]

The required stud spacing is too small, so either the girder size needs to be increased, since we are already at 100% composite action with the W18 × 35 girder previously chosen, or two rows of studs could be used, since that would effectively double the required stud spacing from 3.33 in. to 6.67 in., which is greater than the minimum Code-specified spacing of 4.5 in. This particular design already has a relatively high number of studs, so a larger girder size will have to be selected. Note that a rule of thumb is that one shear stud equates to 10 pounds of steel [7]. We will examine this relationship later in the design of the girder.

Revise the girder size to W18 × 46 (Ix = 712 in.4).

AsFy for W18 × 46 = (13.5 in.2)(50 ksi) = 675 kips.

Therefore, for 100% composite action, [image: image] 675 kips.

We will now do a quick check before proceeding to a more detailed design check of the W18 × 46. From AISCM Table 3-19, it can be seen that the smallest design moment capacity for a W18 × 46 at about 25% composite action (i.e., the lowest degree of composite action allowed in the AISC specifications if the beam is to be designed as a composite beam) is [image: image] = 450 ft.-kips (= Mu = 456 ft.-kips). Since a 25% degree of composite action (i.e., PNA case 7 where [image: image]) resulted in a slightly undersized girder, we will assume 40% degree of composite action for the revised W18 × 46 girder.

At 40% composite action for the W18 × 46 girder, [image: image] (40%)(675 kips) = 270 kips.

The depth of the concrete compression stress block, [image: image]

[image: image]

The actual moment capacity of the girder with [image: image] = 4.24 in. and [image: image] 270 kips is found by linear interpolation from AISCM Table 3-19 to be 532 ft. kips > Mu = 456 ft.-kips.

[image: image]

[image: image]

[image: image]

[image: image]

Since we have concentrated loads acting on the girder and the maximum moments occur at these concentrated loads, Ns is the number of studs on the beam between the concentrated load location or the point of maximum moment and the nearest point of zero moment (i.e., the shear span of the girder). Only a nominal number of studs (e.g., 4 studs or studs at 24 in. on center) are typically provided between the two concentrated loads on the girder, since the moment gradient or horizontal shear between these points is negligible. Therefore, the total number of studs provided on the girder is specified as N = 13, 4, 13. Note that for girders, the spacing of the shear studs does not have to be a multiple of the deck flute spacing (as it needs to be for beams) because the deck flutes or ribs are parallel to the longitudinal axis of the girder.



	We will now check the deflections. Using values of Y2 = 4.24 in. and Y1 = 1.61 in., in the lower-bound moment of inertia table for W18 × 46 (AISCM Table 3-20), we obtain the lower-bound moment of inertia for the composite section, ILB = 1389 in.4 Recall that the service loads on the girder are as follows:
[image: image]

Construction phase dead load deflection for the W18 × 46 (use the moment of inertia of the non-composite girder) is

[image: image]

Live load deflection (use the moment inertia of the composite girder, ILB):

[image: image]

[image: image]

Note that the superimposed dead loads and the live loads are applied after the concrete has cured and the concrete has hardened, in which case the composite moment of inertia is applicable.

[image: image]

Total load deflection (use the moment inertia of the composite girder, ILB):

[image: image]

The total initial dead load deflection, ΔCDL, is included here, since no camber was specified in step 3.

[image: image]

Use a W18 × 46 girder (N = 13, 4, 13).

See Chapter 12 for floor vibrations.

The beam size was increased to W18 × 46 in lieu of using shear studs in two rows on a smaller size beam (W18 × 35), so the difference in steel weight between the two options will now be compared. The total increase in beam weight between the second option and the first option is (46 plf − 35 plf)(20 ft.) = 220 lb. The change in the number of required shear studs is 48 − 26 = 22 studs. Given that one shear stud is equivalent to 10 pounds of steel (see Section 7-8), there is no difference in the total steel weight between the two options, but the ease of placement of the shear studs in the second option may result in some economy.



	Determine additional rebar over girders (see Figure 7-26).

[image: image]

FIGURE 7-26Rebar over G1



[image: image]

[image: image]

Effective concrete flange width of composite girder, b = 60 in. (see step 6 of the girder design); therefore, the span of the cantilevered slab on both sides of the girder is

60 in./2 = 30 in. = 2.5 ft.

Factored load on slab, wu = (1.2)(85 psf) + (1.6)(150 psf) = 0.342 kip/ft.2

Maximum negative moment in the concrete slab over the girder is, [image: image]

The approximate required area of rebar (in square inches per foot width of slab) can be derived from reinforced concrete design principles as

Area of reinforcing steel required, As ≈ Mu/4d > As min.,

Where,

   d = Effective depth of concrete slab in inches, and

Mu = Factored moment in ft.-kips/ft. width of slab.

Note: The inconsistency of the units in the equation for As has already been accounted for by the constant, “4”, in the denominator.

 d = Ycon − 1 in. cover = 5 in. − 1 in. = 4 in.,

As min = (0.0018)(12 in.)(Ycon) = (0.0018)(12 in.)(5 in.) = 0.11 in.2/ft. width of slab, and

[image: image] width of slab < As min

[image: image]

Therefore, use As = As min = 0.11 in.2/ft. width of slab.

Use #3 top bars @ 12 in. on centers (o.c.) × 7 ft. long over girder G1.

The length of the rebar is a function of the required development length of the reinforcement (see Ref. [2]). The required development length of a #3 bar is less than 24 in. past the point of maximum moment, but is also 12 in. past any point of stress, so the total length of the #3 bar is the effective slab width, 60 in. plus 12 in. for each side, or 7 ft. long. Figure 7-27 summarizes the design for Example 7-11.


[image: image]

FIGURE 7-27Floor framing design for Example 7-11








7-8PRACTICAL CONSIDERATIONS FOR COMPOSITE BEAM AND GIRDER CONSTRUCTION



	In the United States, composite beams and girders are usually unshored, with the deck and the bare steel beam supporting the dead and live loads during the construction phase. It is more expensive to shore the beams and girders, but shored construction results in smaller size beams and girders. When using computer design software, ensure that the proper design option (e.g., unshored construction) is selected.

	Camber refers to the upward bowing of the beam or girder. Steel beams can be cambered in one of two ways:
•Cold cambering: The unheated beam is forced into cambered shape by passing the beam through guides that have been set at the predetermined radius to achieve the specified camber.

•Heat cambering: Similar to cold cambering, except that the beam is heated before cambering; heat cambering is the more expensive of the two cambering methods.

Cambering of beams using local application of heat should be done at temperatures not exceeding approximately 1100-1200 degrees Fahrenheit to avoid damage to the steel member according to AISC Specification, Section M2.1.



	For uncambered beams and girders, limit the construction phase dead load deflection, ΔCDL, to L/360 to minimize the effect of concrete ponding.
Because of concrete ponding, additional volume of concrete is needed to achieve a level floor due to the deflection of the floor beams and girders. As concrete is first poured, the beams and girders deflect, resulting in more concrete being required to achieve a level floor, which in turn results in increased loading, which in turn leads to more deflections, and thus leads to even more concrete being required to achieve a level floor. This process continues until the beams and girders (if they are capable of resisting the additional loads) reach equilibrium and the floor becomes level. The more flexible the beams and girders are, the greater the effect of concrete ponding on the floor system.

	For uncambered beams and girders, add 10% to 15% more concrete dead weight to allow for the additional weight that will result from concrete ponding due to the deflection of the steel beam or girder during the construction phase (see Chapter 2).

	A camber of 80% -85% of the dead load on the floor is common, but it could be as high as 100% with more stringent concrete placement requirements. The cambering of composite beams results in less slab cracking over the girders than shoring the beams because the dead load deflection occurs before the slab is set. Shoring of the composite beams – which is not common in design practice – means that the dead load deflection will occur only after the concrete slab is cured and acting compositely with the steel beam or girder. In any case, the cracks in the slab can be controlled with top or negative steel reinforcement over the girders, parallel to the beams

	Calculation of the construction phase deflection, or the required camber, usually assumes pinned supports for the beams and girders, but some restraint against deflection is inherent in the simple shear connections typically used at the ends of the beams and girders, and thus, the actual construction phase deflection may be less than that calculated. This could lead to an overestimation of the required camber, which is not desirable.

	Overestimating the required camber could lead to problems, resulting in a floor slab with less than adequate depth at the critical sections. This could lead to inadequate cover for the shear studs at these sections. In order to avoid this situation, and to account for the restraint at the beam or girder shear connections, it is advisable to specify 75% to 85% of the construction phase dead load, ΔCDL, as the required camber. Underestimating the camber, or not cambering beams when they should have been cambered or shored can lead to costly reinforcing details, such as coverplating the beams or even the addition of columns. Due to the resulting excessive beam deflections, the concrete slab might require a self-leveling compound on top of the slab, which adds weight to the structure and thus the potential need for steel beam reinforcing.

	Metal decks usually come in widths of 2 ft. to 3 ft. and lengths of up to 42 ft. Specify 3-span decks whenever possible (i.e., decks that are long enough to span over four or more beams in order to achieve the maximum strength of the deck due to the deck continuity over the beam supports). Avoid single-span decks whenever possible because it is more susceptible to ponding and it is not as strong as the 2-span or 3-span decks.

	Stud diameters could be 1/2 in., 5/8 in., or 3/4 in., but 3/4-in.-diameter stud is the most commonly used in design practice.

	Where studs cannot be placed at the center of the deck flute, offset the stud toward the nearest end support of the beam or girder.

	If the number of studs required in the beam or girder exceeds the number that can be placed in each flute in a single row, lay out the balance of studs in double rows starting from both ends of the beam or girder. Note the reduction in the nominal horizontal shear strength of shear studs when more than one stud is placed in a deck flute (i.e., 2 or 3 rows of studs) for deck ribs perpendicular to the beams (see AISCM Table 3-21).

	If the number of studs required exceeds the number that can be placed in every second flute, place the studs in every second flute and add the remaining studs to the deck flutes in between, starting from both ends of the beam or girder. This is an alternative to uniformly spacing the studs in every flute throughout the beam or girder.

	A rule of thumb to maintain economy in the balance between adding shear studs and increasing the beam size is that one shear stud is approximately equivalent to 10 pounds of steel.

	The reactions of composite beams or girders are usually higher than those of comparable non-composite beams or girders. Steel fabricators usually design the end connections for one-half of the maximum total factored uniform load (see AISCM Table 3-6), but this is often not adequate for composite beams or girders. To account for the higher end reactions in composite beams or girders, either specify on the plan the actual reactions at the ends of the composite beams or girders, or specify that the composite beam or girder joints be designed for three-quarters of the maximum total factored uniform load.

	The effect of floor openings on the composite action of beams and girders is a function of the size and location of the openings. Ref. [8] provides an analytical approach for calculating the effective width of composite beams with floor openings. A conservative but quick approach for considering the effect of floor openings on composite beams is as follows: If the floor opening is located only on one side of the beam, the beam is considered as an L-shaped beam for calculating the effective width at the location of the opening, but the beam is still assumed to support the full tributary width of the floor on both sides of the beam (less the reduction in load due to the floor opening). In the case where there are floor openings at the same location on both sides of the beam, the beam is considered to be non-composite at that location, and the load on the beam will include the load from the tributary width on both sides of the beam (less the reduction in load due to the floor openings). It is recommended that additional reinforcement be provided in the slab at the edges of the floor openings to control cracking.

	Consider the layout of the beams with respect to the camber and the layout of the metal deck. It is ideal for the metal deck to generally lay flat across a series of beams, but this uniform position of the bottom deck surface could be interrupted and be problematic if adjacent cambered beams have different camber profiles, which might occur at a column line or at a perimeter beam (See Figure 7-28). It is also good practice not to camber floor girders since their deflections are usually smaller than the beam deflections, and the presence of a camber might have a negative impact on the overall deck layout across several cambered beams with different camber profiles, as well as complicating the connections of the cambered beams to the girders.

[image: image]

FIGURE 7-28Effect of cambered beams on the floor deck layout




	During the fabrication process, bolt holes are typically placed prior to cambering. This may be a factor for beams that frame into girders nearer to the mid-span of the girder where the camber in the girder would be the greatest. It is advisable not to camber the girders to avoid alignment issues with the bolt holes in the cambered beams.

	Consider the effect of cambered beams on the exterior façade and attachments to the spandrel beams. It is therefore good practice not to camber the spandrel or edge beams to avoid issues with the cladding connections. Beams that support cranes and cantilevered beams should also not be cambered.





7-9OTHER TYPES OF COMPOSITE CONSTRUCTION


There are other types of composite construction such as steel beams or girders encased in concrete where the steel studs are welded to the top and bottom flanges and to the web of the girder to engage the concrete in composite action. This type of construction may be used in reinforced concrete construction where there are beam or girder depth restrictions due to architectural requirements and where post-tensioned concrete beams cannot be used. The concrete encasing the steel girder also provides fire protection to the steel girder. The design of such encased composite girders is covered in Sections I3 through I6 of the AISC Specifications.

The axial load capacity of steel columns can also be increased by encasing it in concrete. Shear studs are also welded to the flanges and web of the steel column to engage the concrete in composite action. The design of encased composite steel columns is covered in Sections I2 through I6 of the AISC Specifications.
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Exercises

7-1.Determine the transformed moment of inertia for the sections shown in Figure 7-29. The concrete has a density of 115 pcf and a 28-day strength of 3 ksi. Assume full-composite action.


[image: image]

FIGURE 7-29Detail for Exercise 7-1



7-2.Determine the design strength of the composite section given in Exercise 7-1, assuming full-composite action and ASTM A992 Grade 50 steel. Confirm the results with AISCM Table 3-19.

7-3.Determine the following for the composite beam section shown in Figure 7-30. The steel is ASTM A992, Grade 50 and the concrete is normal weight (145 pcf). [image: image]


[image: image]

FIGURE 7-30Details for Exercise 7-3



a.Determine the required camber, if applicable.

b.Determine if the section is adequate for construction phase loading assuming Cb = 1.0, a uniform construction live load of 120 plf (service), and lateral support at one-third points.

7-4.Determine the following for girder G-1 shown in Figure 7-31. The steel is ASTM A992, Grade 50 and the service loads to consider are as follows: [image: image]


[image: image]

FIGURE 7-31Details for Exercise 7-4



Dead load = 90 psf

Construction live load = 25 psf

a.Determine the required camber, if applicable.

b.Determine if the section is adequate for construction phase loading. The girder is only laterally braced at midspan. Use a value for Cb = 1.0 justified by analysis.

7-5.Determine the following for the W16 × 45 composite beam section shown in Figure 7-32. The steel is ASTM A992, Grade 50 and the concrete is normal weight (145 pcf), with a 28-day strength of 3 ksi. Assume full-composite action. Consider only the loads shown in the figure.


[image: image]

FIGURE 7-32Details for Exercise 7-5



a.Determine the required camber, if applicable.

b.Determine the design bending strength in ft.-kips of the composite section. Compare results with the AISC manual (AISCM) tables. Is the section adequate for bending?

c.Determine ILB from AISCM Table 3-20. Is the section adequate for post-composite deflections (compare with L/480)?

d.Determine the number of ¾" studs required for the entire beam. Assume one stud is in deck ribs in the strong direction.

7-6.Assume the following for a W16 × 36 composite beam:

•Beam length is 20 ft. -8 in.

•There are 62 total studs on the beam equally spaced in a single row

•3.5-in. normal weight concrete on 1.5-in. composite metal deck

•Deck runs perpendicular to the beam

•Studs are in the weak location

•Tributary width of the beam is 9 ft.

•Concrete is normal weight with fc′ = 3 ksi

•Total dead load is 120 psf (includes framing and concrete)

•Fy = 50 ksi

Find:

a.The design bending strength for the composite section (use AISCM Table 3-19).

b.The design live load (service) in psf that the beam could support based on (a).

c.The live load deflection based on (b) (use AISCM Table 3-20).

7-7.Determine the following for the section shown in Figure 7-33. The concrete has a density of 145 pcf and a 28-day strength of 3.5 ksi. The steel is ASTM A992 Grade 50. Assume Qn = 21.5 kips for one stud.


[image: image]

FIGURE 7-33Detail for Exercise 7-7



a.Transformed moment of inertia.

b.Design strength, ϕbMn, assuming full-composite action.

c.Design moment, ϕbMn, assuming 40% composite action.

d.The number of 3/4-in. ASTM A29 studs (Type B with Fu = 65 ksi) required between the points of maximum moment required for 100% and 40% composite action.

Confirm the results from Parts b, c, and d using the AISCM tables.

7-8.For the beam shown in Figure 7-34, determine the effective moment of inertia and the design moment capacity for 40% composite action and compare the results with AISCM Tables 3-19 and 3-20. Use [image: image] = 3.5 ksi and a concrete density of 145 pcf.


[image: image]

FIGURE 7-34Detail for Exercise 7-8



7-9.For the floor framing shown in Figure 7-35, design the composite members B1 and G1. The floor construction is 31/2-in. normal weight concrete on 3-in. composite metal deck (61/2 in. total thickness). The steel is ASTM A992, Grade 50 and the concrete has a 28-day strength of 3.5 ksi. Design for flexure, shear, and deflection, considering dead and live loads.


[image: image]

FIGURE 7-35Detail for Exercise 7-9



7-10.For the beam loading shown in Figure 7-36, design the lightest W21 composite beam for flexural loading and deflection. The floor construction is 41/2-in. normal weight concrete on 2-in. composite metal deck (61/2 in. total thickness). The steel is ASTM A992, Grade 50 and the concrete has a 28-day strength of 3.0 ksi. Use an effective flange width of 42 inches. The service or unfactored loads are as follows:


[image: image]

FIGURE 7-36Detail for Exercise 7-10



Concentrated load, P: Dead = 1.2 kips (pre-composite)

   Dead = 2.4 kips (post composite)

   Live = 7.5 kips

Uniform load, w: Dead = 350 plf (pre-composite)

   Dead =100 plf (post-composite)

   Live = 600 plf

7-11.For the beam loading shown in Figure 7-37, design the lightest W16 composite beam for flexural loading and deflection. The floor construction is 41/2-in. normal weight concrete on 2-in. composite metal deck (61/2 in. total thickness). The steel is ASTM A992, Grade 50 and the concrete has a 28-day strength of 3.0 ksi. Use an effective flange width of 36 inches. The service or unfactored loads are as follows:


[image: image]

FIGURE 7-37Detail for Exercise 7-11



Concentrated, P: Dead = 1.0 kips (pre-composite)

   Dead = 2.0 kips (post composite)

   Live = 6.0 kips

Uniform, w: Dead = 300 plf (pre-composite)

   Dead = 300 plf (post-composite)

   Live = 750 plf

7-12.The 5th floor typical interior beam in Exercise 13-8 is a W16 × 40 composite beam with a total of 60- ¾-inch diameter studs × 4 inches long (in two rows), and with an upward camber of 1-inch; is the beam adequate for strength and deflections? Use AISCM Tables 3-19 and 3-20.

7-13.Develop a spreadsheet to calculate the transformed section properties of a beam and slab assembly with unknown beam and slab dimensions. Calculate Itr and submit your output for Example 7-1.




CHAPTER

 8

Members Under Combined Axial Load and Bending Moment

8-1INTRODUCTION TO BEAM–COLUMNS


Structural members that are subjected to combined axial load and bending moment are called beam–columns (or simply columns in practice). Beam–columns could be part of braced frames or unbraced frames (i.e., moment frames), and the design of these columns will differ depending on whether the building frame is braced or unbraced.

In this chapter, we will discuss the analysis and design of beam-columns in general, with particular applications to typical steel-framed buildings. In Chapter 5, we covered the design of compression members under concentric compression loads (i.e., without bending), which rarely exists in real-life structures due to the presence of inherent geometric imperfections. Generally speaking, most building columns are actually beam–columns because of the way they are loaded, so the majority of this chapter will focus on members subjected to combined axial load and flexure.

Braced Frames

In buildings with braced frames, the lateral loads are resisted by diagonal bracing or shear walls. Braced frames are also referred to as nonsway frames or sidesway-inhibited frames. In braced frames, the beams and girders are connected to the columns with simple shear connections that resists shear only, with practically little or no moment restraint. The moments in the columns, Mnt (i.e., no translation moments), are nonsway moments that result from the eccentricity of the beam and girder reactions relative to the centroid of the column. For these frames, the sway moment, Mlt (i.e., lateral translation moment), is zero.

Unbraced Frames or Moment Frames

Unbraced frames or moment frames (also referred to as sway frames or sidesway-uninhibited frames) resist lateral loads through bending in the columns and the beams or girders, and the rigidity of the girder-to-column moment connections. The moments in these frames are a combination of no-translation moments, Mnt, and lateral-translation moments, Mlt.

Types of Beam–Columns

The conditions under which beam–columns might occur in building structures are discussed in this section.


	Columns in Buildings with Braced Frames: In this case, the moments result from the eccentricity of the girder and beam reactions. Therefore, the moment due to the reaction eccentricity is
[image: image]

where e is the eccentricity of the girder or beam reactions as shown in Figure 8-1.


[image: image]

FIGURE 8-1Case 1 columns in braced frames




	Exterior Columns and Girts: For buildings with large story heights, the cladding system may not have the flexural capacity to span vertically between the floor levels to resist the wind load perpendicular to the face of the cladding; therefore, it may be necessary to provide beams in the vertical plane of the cladding to reduce the vertical span of the exterior cladding system. These beams, which are known as girts (see Figure 8-2), are subjected to bending in the horizontal plane due to wind loads acting perpendicular to the face of the cladding. These girts usually consist of HSS or channels with their webs parallel to the horizontal plane and their toes pointing downwards. The channel girts are often oriented this way so that debris or moisture does not accumulate on the girt. The channel girts, because of their orientation, are also subjected to weak axis bending due to their self-weight. To minimize the vertical deflection due to self-weight, sag rods are provided at regular intervals as shown in Figure 8-2. It should also be noted that the exterior columns in the plane of the cladding will be subjected to flexure from the wind pressure perpendicular to the face of the cladding due to the horizontal reactions from the girts, in addition to the axial loads on the column. Where the cladding system spans horizontally between the exterior columns, additional columns that do not support axial gravity loads may be located between the column grid lines to reduce the horizontal span of the cladding. These additional columns are called wind columns. These are discussed further in Chapter 14.

[image: image]

FIGURE 8-2Wall elevation showing exterior columns and girts
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FIGURE 8-3aLoads on top and bottom chords of trusses




[image: image]

FIGURE 8-3bBolted truss with continuous top and bottom chords (photo courtesy of Joe Messner, JGM Inc.)




	Truss Chords: The top and bottom chords of trusses (see Figure 8-3a) behave as beam-columns. These members are subjected to combined axial load and bending moment; the bending moment is caused by floor or roof loads applied directly to the top chord between the panel points of the truss, and by the ceiling and mechanical and electrical equipment loads applied directly to the bottom chord, as well as the moments induced in the top and bottom chords due to their continuity, since most trusses are built with continuous top and bottom chords (SeeFigure 8-3b). The bottom chords of long-span trusses spanning over auditoriums and theater halls may also support dead and live loads from hanging catwalks.

	Hangers with Eccentric Axial Loads: Hangers with eccentric axial loads where the structural member is subjected to combined axial tension and bending moment also behave as beam–columns, and they occur in lighter structures, such as catwalks or mezzanines (see Figure 8-4).

[image: image]

FIGURE 8-4Hanger with eccentric axial load




	Moment frames or unbraced frames: Moment frames or moment-resisting frames, consist of columns and beams or girders connected at the columns with moment connections, and they are used to resist lateral wind and seismic loads through the flexure of the girders/beams and columns. The columns in moment frames are subject to axial load plus the moment due to the lateral loads (i.e., the sway moments, Mlt) and the moment due to gravity loads (i.e., the non-sway moments, Mnt). See Figure 8-5. For high-rise buildings where column axial loads are high and moment frames may be used in both orthogonal directions, some columns or beam-columns may be part of two orthogonal moment frames (i.e., the columns that occur at the intersection of the moment frames in the two orthogonal directions). These columns will be subjected to bi-axial bending moments due to lateral loads from both orthogonal directions, in addition to axial loads. In order to increase the axial compression load capacity and the flexural capacity of these hot rolled beam-column sections about both orthogonal axes, the beam-columns that are part of orthogonal moment frames are sometimes made of flanged cruciform-shaped sections (see Figure 5-15).

[image: image]

FIGURE 8-5Moment or unbraced frames








8-2EXAMPLES OF BEAM–COLUMNS IN BRACED FRAMES


In this section, we present several examples of beam–columns in building structures that are laterally braced with braced frames or shearwalls; these include buildings braced laterally with any one, or a combination, of the following lateral force resisting systems: concrete, masonry, steel plate, or concrete filled steel composite shear walls, concentric and eccentrically braced frames such as X-braced frames, chevron braced frames (or inverted V-braced frames), and single diagonal braced frames. The connection eccentricities result in unbalanced moments in the columns due to unequal gravity load reactions from the girders or the beams framing into a column on opposite sides of the column.

Unbalanced moments occur primarily in columns in a building with braced frames due to the eccentricity of the reactions that are transferred to the column at the girder-to-column and beam-to-column connections. Thus, moments about two orthogonal axes of the column will exist in a typical building column and these moments will be more critical for corner columns and slender columns. The different types of beam-to-column and girder-to-column connections and the resulting unbalanced moments from the beam or girder reaction eccentricities are shown in Figures 8-6 through 8-9.

It should be noted that some engineers ignore these connection eccentricities and design steel columns for only axial loads because of their belief that the unbalanced moments due to the beam and girder reactions acting at these connection eccentricities will not be resisted by the column alone; but instead the moment will be distributed to all the members meeting at the girder-to-column or beam-to-column joints, because of some moment restraint provided by the beam-to-column or girder-to-column shear connections since they are not truly hinged connections. Thus, they opine that the effect of the load eccentricity will be negated by the connection restraint [1]. The AISC takes no official position on this issue but indicates that the decision as to whether or not column connection eccentricity is considered or neglected should be based on the judgment of the engineer of record (EOR) [2]. The authors recommend that column connection eccentricity be included in the design of columns since the moment restraint alluded to in the preceding discussion cannot be assured by the simple shear connections used at typical beam-to-column and or girder-to-column connections; this philosophy is followed in this text.


	Simple shear connection eccentricity (see Figure 8-6).
The majority of the connections in steel buildings are standard simple shear ­connections that consist of double angles or shear plate welded to the column and bolted to the beam or girder. The eccentricity, e, is the distance between the centroid of the column and the centroid of the bolt group in the supported beam or girder.

	Seated connection eccentricity (see Figure 8-7).

	Top-connected connection eccentricity (see Figure 8-8).

	End-plate connection eccentricity (see Figure 8-9).
For end-plate connections, the connection eccentricity for strong axis bending is taken as one-half the distance from the face of the column flange to the centroid of the column (see Figure 8-9). The eccentricity for weak axis bending for this end plate connection will be equal to one-half the web thickness for wide flange columns; this eccentricity is practically negligible for wide flange columns and therefore can be ignored in the design of columns with end plate connections. However, where a shear plate or tab connected to the column web is used, the eccentricity will be similar to that shown in Figure 8-6(b).

[image: image]

FIGURE 8-6Simple shear connection eccentricity
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FIGURE 8-7Seated connection eccentricity
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FIGURE 8-8Top-connected connection eccentricity
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FIGURE 8-9End-plate connection eccentricity








8-3BEAM—COLUMN DESIGN


The beam–column design interaction equations from Chapter H of the AISC specification [3] for doubly and singly symmetric members subject to biaxial bending and axial compression load are introduced in this section. These are normalized and versatile interaction curves that account for the unbraced length of the column; the limit states of elastic or inelastic buckling of the column under axial load; the limit states of yielding, lateral-torsional and local buckling; and moment amplification in the column due to both P-δ and P-Δ effects (see Chapter 5 and Section 8-4). The column interaction equation for large axial loads on beam-columns using the LRFD method is given in equation 8-1 (i.e., AISC equation H1-1a):

[image: image]     (8-1)

The column interaction equation for small axial loads on beam-columns using the LRFD method is given in equation 8-2 (i.e., AISC equation H1-1b):

[image: image]   (8-2)

where


	Pu =	Factored axial compression load or the required axial strength calculated using the LRFD load combinations (see Section 2-3).

	ϕcPn =	Compression design strength accounting for elastic or inelastic buckling
For compression members in braced frames, ϕcPn is calculated using an effective length factor, K, that is typically less than or equal to 1.0; K = 1.0 is commonly used in practice.
For compression members in moment frames, ϕcPn is calculated using K = 1.0 if a Direct Analysis Method (DAM) is used for the stability design of columns in moment frames. If the Effective Length Method (ELM) is used for the stability design, the effective length factor, K, is typically greater than 1.0; K = 2.1 is an approximate value that is commonly used for preliminary design in this case. K values can also be determined using the Nomograghs or alignment charts introduced in Chapter 5.



Note that the axial compression strength reduction factor, ϕc = 0.9.


	Mux =	Factored second order bending moment about the x-axis (i.e., the strong axis) of the member calculated using the LRFD load combinations and accounting for both P-δ and P-Δ effects.

	Muy =	Factored seconwd order bending moment about the y-axis (i.e., the weak axis) of the member calculated using the LRFD load combinations and accounting for both P-δ and P-Δ effects.

	ϕbMnx =	Design moment capacity for bending about the strong axis of the member ­taking into account the unbraced length and lateral-torsional buckling (see flexural member design in Chapter 6), and

	ϕbMny =	Design moment capacity for bending about the weak axis of the member ([image: image], where [image: image]).



Note that for beam–columns with axial compression loads plus bending moments, the factored moments about the x–x and y–y axes (i.e., Mux and Muy, respectively) must include the effect of the slenderness of the compression member (i.e., the so-called P-delta effects). This will be discussed in the next section. The interaction equations 8-1 and 8-2 are represented graphically in Figure 8-10. The combinations of axial compression load and moment that lie on the interaction line or between the interaction line and the vertical and horizontal axes are considered safe. Combinations of axial compression load and moment that fall outside of the interaction diagram are unsafe.


[image: image]

FIGURE 8-10Interaction diagram for steel beam-columns



For the ASD method, the corresponding interaction equations for beam-columns subject to combined axial compression plus bending are as follows [3]:

[image: image]   (8-1a)

[image: image]   (8-2a)

Where,


	Ps =	unfactored total axial compression load on the beam-column calculated using the ASD load combinations (see Section 2-3)

	Pn =	is the nominal axial compression capacity

	Ωc =	factor of safety for compression = 1.67

	Msx =	total service load moment about the x- axis on the beam-column calculated using the ASD load combinations

	Msy =	total service load moment about the y- axis on the beam-column calculated using the ASD load combinations

	Mnx =	nominal moment capacity of the beam-column about the x- axis taking into account the unbraced length and lateral-torsional buckling, as previously discussed in Chapter 6

	Mny =	nominal moment capacity of the beam-column about the y- axis as previously discussed in Chapter 6

	Ωb =	factor of safety for bending or flexure = 1.67



The AISC Manual [3] provides Table 6-2 (Allowable Strength for Members Subject to Axial, Shear, Flexural and Combined Forces) that can be used directly to obtain the axial compression and tension strengths, and the moment capacities needed in the analysis and design of beam-columns under combined axial compression or tension load and bending moments. The moment magnification factors, B1x and B1y, would still need to be calculated for beam columns with axial compression loads; note also that AISCM Table 6-2 assumes a moment gradient factor, Cb, of 1.0, and an effective area for tension rupture of 75% of the gross area of the tension member (i.e., Ae = 0.75Ag). These caveats need to be considered when using AISCM Table 6-2.



8-4MOMENT AMPLIFICATION (P-DELTA) EFFECTS


When an axial compression load is applied to a beam–column that has some initial crookedness or deflection, and that is laterally supported at both ends (i.e., nonsway – meaning the ends of the column do not displace laterally), additional moments are produced in the compression member due to the presence of the axial compression load. This is the first type of P-delta (P-δ) effect which accounts for the effect of the axial compression load acting on the deflected shape of the compression member between its end supports (see Figure 8-11a).


[image: image]

FIGURE 8-11aMoment amplification from P - δ effects



Summing the moments of the free-body diagram in Figure 8-11a about point A results in the following equilibrium equation:

[image: image]

[image: image]   (8-3)

The “WL/4” term in equation (8-3) is known as the first-order moment, while the second term is known as the P-δ moment. The total second-order moment, M, in equation (8-3) can be rewritten as

[image: image]    (8-4)

where


	B1 =	Moment amplification factor due to the column deflection between laterally ­supported ends of the column (the so-called P-δ effect). This applies to individual beam–columns in nonsway frames or braced frames, and

	Munt =	factored first-order nonsway moments.



The first-order moment, Munt, may be caused by lateral loads applied between the supported ends of the column, or due to the eccentricity of the beam and girder gravity load reactions discussed previously.

When an axial compression load is applied to a beam–column that is subjected to relative lateral sway at the ends of the member, additional moments are also produced due to the destabilizing effect of the axial load as it undergoes the lateral translation, Δ. This is the second type of P-delta (or P-Δ) effect and is applicable to beam–columns in moment frames.

Summing the moments of the free-body diagram in Figure 8-11b about point A results in the following equilibrium equation:

[image: image]

[image: image]    (8-5)


[image: image]

FIGURE 8-11bMoment amplification from P-Δ effects



The “WL” term in equation (8-5) is the first-order sway moment, while the second term is the sway P-Δ, moment. The second-order moment, M, from equation (8-5) can either be obtained directly from a second-order frame analysis that accounts for both P-δ and P-Δ effects (i.e., using the direct analysis method in Chapter C of the AISC Specification), or alternatively, the first-order moments from a first-order frame analysis can be magnified (see Appendix 7 of the AISCM). In this latter case, which uses the B2 factor to account for the P-Δ effect, the approximate second-order moment is

[image: image]    (8-6)

where


	B2 =	Moment amplification factor due to lateral deflection of the top end of the column relative to the bottom end (the so-called P–Δ effect). This magnification factor is applicable to all columns in moment frames for the story under consideration and for each global direction of displacement of the structure; and

	Mult (1st order) =	factored first-order lateral sway moments in the column. These moments are typically caused by wind or seismic lateral loads or by unbalanced gravity loads.





8-5STABILITY ANALYSIS AND CALCULATION OF THE REQUIRED STRENGTHS OF BEAM–COLUMNS


The effects of the following factors on the stability of a structure need to be considered [3]:


	Flexural deformations, and any other deformations that contribute to the displacement of the structure.

	The nonsway second-order effect (i.e., P-δ effect) due to the local displacement of the member between its end supports, and the sway second-order effects due to the inter-story lateral sway displacement of the structure and the corresponding destabilizing effect of the laterally displaced gravity loads on the global stability of the structure (i.e., P-Δ effect). The effect of the gravity loads in the columns that are not part of the lateral load resisting system (i.e., the leaning columns) on the global stability of the structure should also be considered.

	The geometric imperfections due to initial out-of-plumbness or out-of-straightness of the structure. Every structure has some initial imperfections and these effects can either be directly modeled or represented through the use of notional loads.

	Stiffness reduction due to inelasticity caused by residual stresses in the structural member. This is taken into account through the use of stiffness reduction factors.

	Uncertainty in stiffness and strength. This is taken into account through the use of stiffness reduction factors.

	The AISC Specification presents four methods that can be used for the stability analysis and design of building frames, and for the calculation of the required strengths or factored loads and moments in beam columns [3,4]. In the AISC Specifications Section C1, the direct analysis method (DAM) is presented. Three alternate methods are also presented in the AISC Specification: the effective length method (ELM) presented Appendix 7, Section 7.2; the first-order analysis method (FOAM) presented in Appendix 7, Section 7.3; and the Amplified first-order analysis method (AFOAM) presented in Appendix 8. [3,4]. These methods will be discussed in the following sections, after the introduction of leaning columns.



Leaning Columns

Leaning columns are beam–columns that are laterally braced by the moment frames or other lateral force-resisting systems in the plane of bending; these leaning columns do not participate in any way in resisting the lateral loads, but they “just go for the ride” when the structure deflects laterally. They possess no lateral stiffness but depend on the moment frames for their lateral support. In designing leaning columns, an effective length factor, K, of 1.0 is usually assumed; therefore, the axial loads on the leaning columns must be considered in analyzing the moment frames that provide lateral bracing to these columns. The effect of leaning columns is automatically considered in the direct analysis method. If the effective length method is used for the stability design, the effect of leaning columns on the moment frames could be included by designing the moment frame columns for additional axial loads in the plane of bending for which the moment frame provides lateral support to the leaning columns [3]. The additional axial load on the restraining columns is the total axial load on all the leaning columns distributed to the moment frame columns in proportion to the plan tributary area of the moment frame columns. In this chapter, the direct analysis method will be used, so the effect of the leaning columns will automatically be included in the analysis since the gravity loads on the leaning columns are included either in a rigorous second-order analysis or in the calculation of the sway amplification factor, B2.



8-6DIRECT ANALYSIS METHOD (DAM)


The direct analysis method (DAM) is the default method prescribed in the AISC specifications (AISCM Chapter C) for the analysis and design of moment frames, and it uses a direct second-order analysis method. The DAM is applicable to all structures without any limitations. It is the only rational method for designing steel structures for stability. The direct second-order structural analysis is used to obtain directly the second-order moments and axial load in a moment frame; the analysis accounts for axial, bending, and shear deformations of the members of the frame as well as the rotational deformation at the member connections, and all geometric and material nonlinearities including imperfections and inelasticity [3,4]. Both the P-δ effect (due to the lateral displacement of a member within its length) and the P-Δ effect (due to the lateral displacement between two consecutive levels of a moment frame) are taken into account in the direct second-order analysis. In the analysis, the members are modeled with nodes within the member length in order to capture the P-δ effects that occur due to the lateral deflection within the length of the compression member.

Since the design moments obtained from this second-order analysis method are actually the second-order moments, Mu, the design of the columns is carried out without any further moment magnification. This direct second-order analysis must include all of the gravity loads tributary to the moment frame that is being analyzed, including the axial loads on all leaning columns. In the direct analysis method, geometric imperfections are accounted for by direct modeling of the imperfections or by the application of a notional lateral load, which is usually a defined percentage of the factored gravity loads on the frame. Inelasticity can be taken into account by using reduced flexural and axial stiffnesses for the columns and girders. A reduced flexural stiffness of 0.8EIτb (see Chapter 5) and a reduced axial stiffness of 0.8EA can be used for all members of the moment frame including those that do not contribute to the stability of the structure (AISCM Section C2.3). See Chapter 5 for the calculation of τb.The AISC Code allows τb to be taken as 1.0 if an additional notional load of 0.001αYi is applied to the structure at each individual floor levels for all load combinations (α and Yi are defined in the following section). In the direct analysis method, an effective length factor, K = 1.0, is used for both nonsway and sway buckling in the design of all members. The use of K = 1.0 in the DAM is a significant and welcome simplification in the stability design of steel columns, especially given the inaccuracies and unrealistic assumptions associated with the calculation of the K values from the alignment charts.

Although a number of structural analysis software capable of performing a direct second-order analysis are available in practice, many engineers are more familiar with first-order structural analysis software, which is also the analysis software that students are introduced to in many undergraduate civil engineering programs. As an alternative to using the direct second-order analysis method necessary for the DAM, a simplified second-order structural analysis can be used, in conjunction with the B1 and B2 moment amplification factors in a method called the amplified first-order analysis method (AFOAM), and this will be discussed later in this chapter (see AISCM Appendix 8). Note that for the DAM that uses a direct second-order structural analysis, the moment amplification factors, B1 and B2, are set equal to 1.0.

Notional Loads

The initial geometric imperfections due to the out-of-plumbness and out-of-straightness of the structural members must be modeled when using a direct second-order analysis. The effect of the initial imperfections or out-of-plumbness in the columns can be modeled in a structural analysis software by displacing laterally (i.e., horizontally) the top end of each column a distance of L/500 relative to its bottom end, where L is the height of the column. The direct modeling of these initial imperfections for every member in the structure in the structural analysis can be cumbersome, but fortunately, the AISC code allows and specifies notional lateral loads that can be used to model and account for the effect of these initial geometric imperfections. The notional lateral load is 0.2% of the total factored gravity load at each level, based on an initial story imperfection or out-of-plumbness of L/500 (or 0.002L), which is the maximum tolerance on column plumbness that is specified in the AISC Code [3]. Note that the notional load will vary depending on the load combination and will be additive to the other lateral loads for the load combinations with gravity plus lateral loads. For the DAM, the notional lateral load applied at level i in addition to other lateral loads is given in AISCM Equation C2-1 as

[image: image]

Where,


	Yi =	Total factored gravity load, in kips, applied at level i only (for LRFD) Or total unfactored gravity load, in kips, applied at level i only (for ASD).

	α =	 1.0 for LRFD, and α = 1.6 for ASD



The notional lateral loads at each diaphragm level acts through the center of gravity of the loading area, and the notional loads should be applied in a positive or negative sense in the two global orthogonal directions so as to produce the most destabilizing effect. A simple way of accounting for the notional lateral loads in a direct second-order analysis is to apply the notional loads as lateral point loads at each level of the columns as follows [5]:


	Calculate the total factored gravity load applied at each level of each column in the structure for each load combination. Note that this axial load, Yi, is not cumulative, but it is the load applied at each level of the structure.

	Apply a notional lateral load of 0.2% of the factored column load at each level. The notional load coefficient of 0.2% is based on a maximum story out-of-plumbness ratio of 1/500 specified in the AISC code. If stricter tolerances are used (not recommended), the notional lateral load coefficient will decrease proportionally.

	The lateral point load in each column at each level is then added to the other lateral loads acting on the structure in the 3-D direct second-order analysis so as to produce the most destabilizing effect. All load combinations (gravity and lateral) and all the columns in the structure should be included. Including all the gravity load of all the columns in the structure allows the effect of the leaning columns to be included directly in the 3-D second-order structural analysis.



When the ratio of second-order lateral drift to the first-order lateral drift is less than or equal to 1.7 (i.e., the sway amplifier, B2 ≤ 1.7), the notional loads may be applied only in the gravity load combinations, and not in the load combinations that have lateral loads. In this case, there would be no need to analyze the structure for the notional loads if the lateral wind or seismic loads are larger than the notional loads. However, when B2 > 1.7, the notional loads will be additive to the lateral loads [3]. If the stiffness reduction factor, [image: image], is assumed to be 1.0 for all members, an additional notional lateral load of 0.001αYi must be used (AISCM Section C2.3(3)); this additional notional load is additive to the other lateral loads in the load combinations and the other notional loads, if any, that are used to account for geometric imperfections, and must be included in all load combinations and applied at all levels.



8-7AMPLIFIED FIRST-ORDER ANALYSIS METHOD (AFOAM) AND AMPLIFICATION FACTORS


In the direct analysis method (DAM), the P-delta effects can be accounted for through the use of a direct second-order analysis, but Appendix 8 of the AISC Specification presents an approximate method for accounting for the P-delta effects in lieu of using a direct second-order analysis. The approximate method - known as the Amplified First-order Analysis Method (AFOAM), which will be used in this text - accounts for the second-order stability effects by amplifying the required moment and axial strengths or the factored load effects obtained from a first-order structural analysis. Note that the AFOAM is a direct analysis method (DAM) except that it uses an approximate second-order analysis that accounts for P-delta effects using the moment amplification factors, B1 and B2. The B1 factor accounts for the P–δ or moment magnification effects on the column non-sway moments, while the B2 factor accounts for the P–Δ or moment magnification effects on the sway moments in the column. The equations for calculating the amplification or magnification factors, B1 and B2, according to the AISC specification, will now be presented.

Nonsway Moment Amplification Factor, B1

The nonsway moment amplification factor, B1, is calculated as follows from the AISC specification using the gross (unreduced) stiffness of the member:

[image: image]    (8-7)

Where,


	Cm =	factor that accounts for the moment variation or distribution within the column. Note that for a uniform moment, Cm = 1.0.

	Pu =	The cumulative factored axial load in the beam-column using the LRFD load combinations (see Section 2-3).

	Ps =	The cumulative unfactored axial load in the beam-column using the ASD load combinations (see Section 2-3).



The theoretical elastic buckling load of the column, Pe1, is calculated as

[image: image]    (8-8)

Where,


	Lc/r =	KL/r = Slenderness ratio about the axis of bending of the member.

	Lc =	KL

	K =	1.0 for all columns when using the DAM

	≈	1.0 for columns in braced frames when using the ELM and FOAM.
(K may be ≤ 1.0 but it is practical to use a value of 1.0 for columns in braced frames)

	EI* =	Flexural rigidity used in the analysis

	=	0.80 [image: image] EI for the DAM

	=	Gross EI for the ELM and the FOAM

	EA* =	Axial rigidity used in the analysis

	=	0.80EA for the DAM

	=	EA for the ELM and the FOAM

	A =	Gross cross-sectional area of the beam–column, in2.

	α =	[image: image]



[image: image] is a flexural stiffness reduction factor that accounts for inelasticity in the beam–column due to residual stresses and this factor was defined in Chapter 5. The AISC specification allows [image: image] to be taken as 1.0 provided an additional notional load of [image: image] is applied at all levels of the structure, and in all the load combinations.

Alternatively, Pe1x and Pe1y can also be obtained for wide flange columns or I-shapes from the bottom rows of the column load capacity tables in Section 4 of the AISCM (see AISCM, Table 4-1) as follows:

[image: image]    (8-9)

where

Lc = KL is in inches in equation (8-9),

The moment reduction coefficient, Cm, used in equation (8-7) accounts for the effect of moment gradient in the column, and is obtained as follows:

For braced beam–columns with no transverse loads between the supports, the moment distribution coefficient, Cm is given as

[image: image]    (8-10)

where

[image: image] = Absolute ratio of first-order bending moments at the ends of the member (M1 is the smaller end moment, M2 is the larger end moment)

Note: The sign of [image: image] in equation (8-10) is taken as negative (i.e., −ve) for single curvature bending of the member (see Figure 8-12a), and the sign of [image: image] is taken as positive (i.e., +ve) for double curvature bending of the member (see Figure 8-12a).

Examples of columns that are subject to double-curvature bending include exterior columns and columns in moment frames; for these columns, the maximum possible Cm value from equation (8-10) is 0.6. The exterior and interior columns at the lowest level of a building will be subjected to single curvature bending and will have a maximum possible Cm value of 0.6 if the bases of the columns are assumed to be pinned. On the other hand, interior columns above the second-floor level may be subjected to single-curvature or double-curvature bending, depending on the live load pattern on the beams and girders framing into the top and bottom ends of the column at the floor levels. The maximum possible Cm value for these interior columns is 1.0. For beam–columns with transverse loads between the supports, Cm = 1.0, as shown in Figure 8-12b. Single and double curvature bending are illustrated in Figure 8-12a.


[image: image]

FIGURE 8-12aSingle and double curvature bending




[image: image]

FIGURE 8-12bBeam-columns with transverse loads



Since several combinations of column end moments, M1 and M2, are possible, Cm can take on many different values for the same column, depending on the load combinations and live load patterns considered at floor levels at the top and bottom of the column. To simplify the determination of the Cm factor, and because the nonsway moment amplification factor, B1, is almost always equal to 1.0 for many practical cases, the suggested approximate values for Cm, presented in Figure 8-13, can be used, and these values will yield conservative results [6,7].


[image: image]

FIGURE 8-13Approximate values of Cm for beam-columns



Sway Moment and Axial Load Amplification Factor, B2, for Unbraced Frames or Moment Frames

The sway amplification factor, B2, is calculated for all columns in each story of a moment frame using the approximate AISC Specification method presented in equations (8-11a) and (8-11b). Thus, all columns in a given story will have the same sway magnification factor as follows:

[image: image]    (8-11a)

or

[image: image]    (8-11b)

where


	Pstory =	Sum of the cumulative factored gravity loads (for LRFD) supported by the story under consideration including axial loads in columns that are not part of the lateral force resisting system (i.e., the leaning columns). This gravity load is cumulative; that is, it includes loads at and above the level under consideration, and uses the LRFD load combinations.
For ASD, Pstory = Sum of the cumulative unfactored gravity loads using the ASD load combinations.

	Pe,story =	Elastic buckling strength of the story under consideration in the direction of translation



Pe,story = [image: image]    (8-12)


	α =	[image: image]

	H =	Factored horizontal or lateral shear in the story under consideration for LRFD, or unfactored horizontal or lateral shear in the story under consideration for ASD.

	L =	Story or floor-to-floor height of the moment frame,

	ΔH =	First-order interstory drift caused by the lateral shear, H, and

	[image: image] =	Allowable drift index due to the lateral loads (typical allowable values range from 1/300 to 1/240 under factored wind loads and 1/500 to 1/400 under unfactored wind loads; see ASCE 7 Table 12.12-1 for drift limits for factored seismic loads).

	RM =	[image: image]

	=	0.85 when all the columns in the story participate as part of the moment frames in resisting lateral loads

	=	1.0 if there are no moment frames in the story (i.e., braced frame)

	Pmf =	Total cumulative factored gravity load (for LRFD) or total cumulative unfactored gravity load (for ASD) in the moment frame columns in the story.



See Section 2-14 for discussions of drift limits under wind and seismic loads. For practical situations, the allowable drift index used in the calculation of the sway moment amplification factor can be assumed to be 1/500 for service lateral wind loads using the ASD load combinations from Section 2-3 (i.e., wind load = 0.6W); this inter-story drift index limit is commonly used in design practice to satisfy serviceability requirements under wind loads. Since factored gravity and lateral loads are used in equation (8-11b), the allowable drift index should be modified to the factored wind load level (1.0W). Therefore, an allowable drift index of 1/(0.6 × 500), or 1/300 of the story height, may be used at the factored wind load level for moment frames subjected to wind loads. For seismic loads, the drift index limits given in Table 12.12-1 of the ASCE 7 load specification should be used [8].

Total Factored Moment, Mu, and Factored Axial Load, Pu, in a Beam–Column (LRFD)

The total factored second-order moment and the total factored second-order axial load or the required moment and axial strengths (for LRFD) are given as

[image: image]    (8-13a)

[image: image]    (8-13b)

Where,


	Pu =	Total cumulative second-order factored axial load in the beam–column,

	Pu,nt =	Total cumulative factored first-order axial load in the beam–column with lateral translation of the structure restrained (i.e., braced condition),

	Pu,lt =	Total cumulative factored first-order axial load in the beam–column with lateral translation of the structure unrestrained (i.e., unbraced condition),

	Mu,nt =	Factored moments in the beam–column when no appreciable sidesway occurs (nt = no-translation) or when the structure is restrained against lateral translation.
The Munt moments are caused by gravity loads acting at the simple-shear beam-to-column connection eccentricities for columns in braced frames or the moments in the columns of unbraced frames when the frame is restrained against lateral translation.

	Mu,lt =	Factored lateral translation moments in the beam–column caused by any of the following:




	Wind or earthquake lateral loads on the moment frame,

	The restraining force necessary to prevent sidesway in a symmetrical frame loaded with asymmetrically placed gravity loads, and

	The restraining force necessary to prevent sidesway in an asymmetrical frame loaded with symmetrically placed gravity loads.



(“lt” = Lateral translation and “nt” = no translation )
For most reasonably symmetric moment frames, the Mu,lt moments are caused only by the lateral wind or seismic loads.

We can rewrite the equations (8-13a) and (8-13b) for both the x- and y-axes of bending as follows:

[image: image]    (8-14a)

[image: image]    (8-14b)

[image: image]    (8-14c)

Note that for braced frames, there are no lateral translation moments and no lateral translation axial loads, which implies that

[image: image], [image: image], and [image: image] for braced frames

Therefore, for braced frames,

[image: image], [image: image] and [image: image]

Note that B1x and B1y relate to bending about the individual beam–column member axes, but B2x and B2y are related to the global axes of translation of the structure and not necessarily to the axes of bending of the individual members of the structure. B2x is applicable to all load effects—shears, moments, and axial forces—produced by the story translation in the global x-direction (i.e., in the X-direction). Similarly, B2y is applicable to all load effects—shears, moments, and axial forces—produced by the story translation in the global y-direction (i.e., in the Y-direction). The sway amplification factors (B2x and B2y) should be applied to the appropriate local moments and axial loads acting on the individual moment frame columns depending on the orientation of the columns relative to the global direction of the lateral loads under consideration [3].



8-8FIRST-ORDER ANALYSIS METHOD (FOAM)


A first-order analysis is a structural analysis of a building frame where the effects of geometric nonlinearities (or P-delta effects) are not included. This method uses unreduced stiffnesses and cross-sectional areas for the columns and girders. The AISC specification allows the first-order analysis loads and moments to be used for the design of beam–columns if the following conditions are satisfied [3]:


	The gravity loads in the structure are supported by vertical columns, walls, or frames.

	The factored axial compression loads (or required compression strength) is not greater than 50% of the cross-section compressive strength (i.e., αPu ≤ 0.5 Pns) for all members whose flexural stiffnesses are considered to contribute to the lateral stiffness of the frame (α = 1.0 for LRFD). For ASD, α = 1.6, and the unfactored axial compression load multiplied by α should not be greater than 50% of the cross-section compressive strength (i.e., αPs ≤ 0.5 Pns). Pns, the cross-section compressive strength, is equal to FyA for sections without slender elements, and equal to FyAe for sections with slender elements, where Ae is the effective area of the slender element sections as presented previously in Section 5-4 of this text (i.e., see Section E7 of the AISC Specifications) That is, Pns ≤ FyA ≤ FyAe.

	The ratio of maximum second-order lateral drift to the first-order lateral drift is less than or equal to 1.5. This implies that the sway amplifier, B2 ≤ 1.5.



If these conditions are satisfied, an effective length factor, K = 1.0 is used for the design of the beam–columns, and the total member moments should conservatively be amplified by multiplying them by the nonsway moment magnification factor, B1 (see AISC Specification Appendix 7.3)

For all load combinations, an additional notional lateral load must also be applied in both orthogonal directions, in addition to any applied lateral loads. This notional load is given as

Ni = [image: image]

where


	Yi =	Total factored gravity load, in kips, applied at level i only, (for LRFD) or total unfactored gravity load, in kips, applied at level i only, (for ASD)

	α =	[image: image]

	Δ/L =	Maximum ratio of the inter-story drift (Δ) to the story height (L) for all stories in the structure,

	Δ =	First-order inter-story drift, in inches, due to factored (LRFD) load combinations or unfactored (ASD) load combinations, and

	L =	Story height in inches.



The first-order analysis method (FOAM) from AISCM Appendix 7.3 will not be used in this text.



8-9EFFECTIVE LENGTH METHOD (ELM)


This is an indirect second-order analysis method (see Appendix 7.2 of the AISC Specification) where the first-order moments are amplified by the B1 and B2 moment magnification factors as demonstrated in the previous section. The method uses unreduced stiffnesses and cross-sectional areas for the columns and girders, and the analysis is carried out (for the LRFD method) at the factored load level. This method is limited to building frames where the sway moment magnification factor, B2, does not exceed 1.50. Where B2 exceeds 1.50, the AISC specification requires that the direct analysis method (DAM) be used (see Section 8-6). For braced frames, the effective length factor, K, is taken as 1.0 for all columns, and for sway or moment frames, the effective length factor, K, which will be greater than or equal to 1.0, is determined from Figure 5-4 or the alignment charts presented in Figures 5-10 and 5-11. Also, when B2 1.1, the columns can be designed with an effective length factor, K = 1.0.

In addition, the effective length method (ELM) requires that all the load combinations with gravity loads-only must include a minimum notional lateral load of 0.002αYi applied at each level in both orthogonal directions, where Yi is the total factored gravity load applied at the story under consideration; α = 1.0 for LRFD and α = 1.6 for ASD. For the load combinations with only gravity loads, the lateral translation will be small and therefore negligible in many practical situations, even with the notional lateral load included, except for highly asymmetrical frames; so, it is reasonable to assume the nonsway case for the load combinations with only gravity loads. Thus, for the gravity-load-only combinations, the sway moment amplification factor, B2, (see equation (8-11)) can be assumed to be 1.0, and the sway moment, or lateral translation moment, Mlt, is assumed to be negligible and taken as zero.

Table 8-1 summarizes the requirements from the preceding discussions of the four methods of stability analysis prescribed in the AISC specifications (see AISCM Table 2-2 [3]).


TABLE 8-1 Summary of AISC Specification Requirements for the Stability Analysis and Design of Moment Frames*

[image: image]



* Adapted from Table 2-2 in Ref. [3], Courtesy of AISC. Copyright © American Institute of Steel Construction. Reprinted with permission. All rights reserved.

Note:


	E = Modulus of elasticity	EA = Axial stiffness

	A = Cross-sectional area	EI = Bending stiffness

	I = Moment of inertia	L = story height

	Δ = first-order interstory drift	Δ/L = maximum drift ratio for all stories



α = 1.0 for LRFD and 1.6 for ASD

† The LRFD load combinations must be used in the structural analyses for DAM and AFOAM.

** The reduced stiffness is applied to all members. The stiffness reduction factor, τb, can be taken as 1.0 if an additional notional load is applied at each level equal to 0.001 times the total gravity load applied at that level.

†† The notional load in the DAM shall be added to other lateral loads when B2/B1 > 1.7; when B2/B1 < 1.7, apply the notional load only in the gravity-only load combinations.

EXAMPLE 8-1 (LRFD)

Columns in Braced Frames

Using the LRFD method, determine the adequacy of a 20 ft. long W14 × 109 column in a building that is braced by shearwalls or diagonal braces (i.e., a Braced Frame). The column is pinned at both ends and subjected to the following factored load case obtained from a first-order structural analysis: Pu = 520 kips, Mux = 210 ft.-kips and Muy = 100 ft.-kips at the top of the column, and Mux = 105 ft.-kips and Muy = 100 ft.-kips at the bottom of the column. The moments act in the clockwise direction at the top of the column and in the counterclockwise direction at the bottom of the column, resulting in single curvature bending in the column for the given load case. Assume ASTM A992 Grade 50 steel. Use the AISC equations to determine the axial compression capacity of the column and use the actual Cm factor for the column that corresponds to the given load case.

Solution (LRFD)

The section properties for W14 × 109 from AISCM Table 1-1 are as follows:

[image: image]

From AISCM Table 3-2, the flexural properties of W14 × 109 for strong axis bending are

[image: image]

Axial Compression Capacity, ϕcPn:

[image: image]

The larger slenderness ratio controls, therefore, use [image: image]

To determine if the column will buckle in elastic or inelastic buckling, calculate the slenderness ratio at the transition point between inelastic and elastic buckling as follows:

[image: image]

Therefore, this column fails in inelastic buckling and equation (5-14) applies. The Euler critical buckling stress is

[image: image]

The critical buckling stress for inelastic buckling from equation (5-14) is calculated as

[image: image]

The nominal axial compression load capacity is

[image: image]

The design axial compression load capacity is

[image: image]

This value compares well with the design strength of 1060 kips at KL = 20 ft. obtained from AISCM Table 4-1a (i.e., the column load capacity tables), or from AISCM Table 6-2.

Moment Capacity about the x-x or Strong Axis:

The unbraced length of the column for bending about the x-x axis, Lb = 20 ft.

Since Lp < Lb < Lr, inelastic lateral-torsional buckling must be considered (see Chapter 6)

The design moment capacity for bending about the x-x or strong axis is

[image: image]

Therefore, ϕbMnx = 669 ft.-kips.

The nominal moment capacity, [image: image]

It is conservative to use a moment gradient factor, Cb = 1.0 as assumed above. The Cb factor accounts for the non-uniform moment distribution within the unbraced length of the flexural member. The actual value of Cb can be calculated using the moment gradient factor equation from Chapter 6 as follows:

 Cb = [image: image]


	Mmax =	absolute maximum moment in the member within the unbraced length

	MA =	 absolute value of the moment in the member at the quarter point of the unbraced length

	MB =	 absolute value of the moment in the member at the mid-point of the unbraced length

	MC =	 absolute value of the moment in the member at the three-quarter point of the unbraced length



With the given applied moments about the x-x or strong axis at the top and bottom of the column, and noting the linear distribution of moment between the top and bottom of the column, the moments at quarter-points within the unbraced length of the member can be calculated as follows:


	Mmax =	210 ft.-kips

	MA =	½(105 + 157.5) = 131.3 ft.-kips

	MB =	½(105 + 210) = 157.5 ft.-kips

	MC =	½(157.5 + 210) = 183.8 ft.-kips



Therefore, the moment gradient factor is calculated as

[image: image]

Therefore, recalculating the bending moment capacity about the x-x or strong axis using the actual moment gradient factor, we obtain

[image: image]

The nominal moment capacity about the x-x axis, [image: image]

Moment Capacity about the y-y or weak axis:

The design moment capacity for bending about the y-y or weak axis is

[image: image]

Therefore, ϕbMny = 348 ft.-kips.

The nominal moment capacity about the y-y axis, [image: image]

Moment Amplification or P-δ effect:

Determine the nonsway moment amplification factor, B1x, for x-x or strong axis buckling:

The unbraced length for buckling about the x-x axis, Lx = 20 ft.

[image: image]

An approximate Cmx value is typically used in this text to account for the effect of the ­non-uniform moments in columns, but since the top and bottom moments are known for this problem, the actual Cmx value for the given load case will be computed as follows:

[image: image]

[image: image]

Since the moments at the top and bottom of the column results in single curvature bending, therefore, M1/M2 = negative and,

[image: image]

The magnified factored moment about the x-x or strong axis is calculated using the larger end moment. Therefore,

[image: image]

Determine the nonsway moment amplification factor, B1y, for y-y or weak axis buckling:

The unbraced length for buckling about the y-y axis, Ly = 20 ft.

[image: image]

An approximate Cm value is typically used in this text to account for the effect of the non-uniform moments in columns in this text, but since the top and bottom moments are known for this problem, the actual Cmy value for the given load case will be computed as follows:

[image: image]

[image: image]

Since the moments at the top and bottom of the column results in single curvature bending, therefore, M1/M2 = negative and,

[image: image]

[image: image]

[image: image]

The magnified factored moment about the y-y or weak axis is calculated using the larger end moment. Therefore,

[image: image]

Column Interaction Equation:

[image: image]

Therefore, use the Column Interaction equation (8-1):

[image: image]

Therefore, the W14 × 109 column is overstressed and inadequate. A slightly larger column size such as a W14 × 120 column should easily suffice for this column, and the reader should recalculate all the variables for this column and verify that the value of the interaction equation for a W14 × 120 column will be less than or equal to 1.0.

Note that AISCM Table 6-2 (Available Strength for Members Subject to Axial, Shear, Flexural and Combined Forces) [3] could also be used to directly obtain the design strengths ([image: image]) for wide flange sections for any unbraced length that can be used directly in the beam-column interaction equations. The moment magnification factors, B1x and B1y, would still need to be calculated and applied, and note also that AISCM Table 6-2 assumes a moment gradient factor, Cb of 1.0. The values from the table would have to be modified to account for the actual values of Cb, B1x and B1y.

EXAMPLE 8-2 (ASD)

Columns in Braced Frames

Using the ASD method check the column from Example 8-1 assuming the following unfactored load case from a first-order structural analysis: Ps = 385 kips, Msx = 156 ft.-kips and Msy = 74 ft.-kips at the top of the column, and Msx = 78 ft.-kips and Msy = 74 ft.-kips at the bottom of the column. The moments act in the clockwise direction at the top of the column and in the counterclockwise direction at the bottom of the column, resulting in single curvature bending in the column for the given load case. Assume ASTM A992 Grade 50 steel. Use the AISC equations to determine the axial compression capacity of the column and use the actual Cm factor for the column corresponding to the given load case.

Solution (ASD)

The section properties of W14 × 109 from AISCM Table 1-1 are as follows:

[image: image]

From AISCM Table 3-2, the flexural properties of W14 × 109 for strong axis bending are

[image: image]

Nominal Axial Compression Load Capacity, Pn:

[image: image]

The larger slenderness ratio controls, therefore, use [image: image]

To determine if the column will buckle in elastic or inelastic buckling, calculate the slenderness ratio limit at the transition point between inelastic and elastic buckling as follows:

[image: image]

Therefore, this column fails in inelastic buckling and equation (5-14) applies. The Euler buckling stress is

[image: image]

The critical buckling stress for inelastic buckling from equation (5-14) is calculated as

[image: image]

The nominal axial compression load capacity is

[image: image]

[image: image]

The value of the allowable axial compression load, [image: image] compares with the allowable axial compression load capacity of 708 kips at KL = 20 ft. from AISCM Table 4-1a or from AISCM Table 6-2.

Nominal Moment Capacity about the x-x or Strong Axis:

The unbraced length for bending about the x-x axis, Lb = 20 ft.

Since Lb < Lb < Lb, inelastic lateral-torsional buckling has to be considered.

[image: image]

It is conservative to use a moment gradient factor, Cb = 1.0 as assumed above. The Cb factor accounts for the non-uniform moment along the length of the member. The actual value of Cb can be calculated using the moment gradient factor equation from Chapter 6 as follows:

[image: image]


	Mmax =	absolute maximum moment in the member within the unbraced length

	MA =	 absolute value of the moment in the member at the quarter point of the unbraced length

	MB =	absolute value of the moment in the member at the mid-point of the unbraced length

	MC =	 absolute value of the moment in the member at the three-quarter point of the unbraced length



With the given moments about the x-x or strong axis, we find that


	Mmax =	156 ft.-kips

	MA =	½(78 + 117) = 97.5 ft.-kips

	MB =	½(78 + 156) = 117 ft.-kips

	MC =	½(117 + 156) = 136.5 ft.-kips



Therefore, the moment gradient factor is

[image: image]

Therefore, recalculating the bending moment capacity about the x-x or strong axis, we obtain

[image: image]

Allowable Moment about the y-y or Weak Axis:

[image: image]

Therefore, the nominal moment capacity about the y-y axis, Mny= 387 ft.-kips

[image: image]

Moment Amplification or P-δ effect:

Determine the nonsway moment amplification factor, B1x, for strong (x-x) axis buckling:

The unbraced length for buckling about the x-x axis, Lx = 20 ft.

[image: image]

An approximate Cm value is typically used in this text to account for the effect of the non-uniform moments in columns in this text, but since the top and bottom moments are known for this problem, the actual Cm value for the given load case will be computed as follows:

[image: image]

[image: image]

Since the moments at the top and bottom of the column results in single curvature bending, therefore, M1/M2 = negative and,

[image: image]

[image: image]

The magnified unfactored moment about the strong (x-x) axis is calculated using the larger end moment. Therefore,

[image: image]

Determine the nonsway moment amplification factor, B1y, for y-y or weak axis buckling:

The unbraced length for buckling about the y-y axis, Ly = 20 ft.

[image: image]

An approximate Cm value is typically used in this text to account for the effect of the non-uniform moments in columns in this text, but since the top and bottom moments are known for this problem, the actual Cmy value for the given load case will be computed as follows:

[image: image]

[image: image]

Since the moments at the top and bottom of the column results in single curvature bending, therefore, M1/M2 = negative and,

[image: image]

The magnified unfactored moment about the y-y or weak axis is calculated using the larger end moment. Therefore,

[image: image]

Column Interaction Equation:

The factor of safety for compression, Ωc = 1.67

The factor of safety for bending or flexure, Ωb = 1.67

[image: image]

Therefore, use the Column Interaction Equation (8-1a):

[image: image]

Therefore, the W14 × 109 column is overstressed and inadequate. A larger column size needs to be selected, and as an exercise, the reader should verify that a W14 × 132 column would be adequate.

Note that AISCM Table 6-2 (Available Strength for Members Subject to Axial, Shear, Flexural and Combined Forces) [3] could also be used to directly obtain the nominal strengths - [image: image], [image: image], [image: image] and [image: image] – for wide flange sections for any unbraced length that can be used directly in the beam-column interaction equations. The moment amplification factors, B1x and B1y, would still need to be calculated and applied, and note that AISCM Table 6-2 assumes a Cb value of 1.0. The values from the table would have to be modified to account for the actual values of Cb, B1x and B1y.



8-10UNBALANCED MOMENTS, Mnt, FOR COLUMNS IN BRACED FRAMES DUE TO THE ECCENTRICITY OF THE GIRDER AND BEAM REACTIONS


Unbalanced moments from gravity loads occur in columns due to the unbalanced reactions from the beams and girders framing into the column (see Figure 8-14) from opposite sides. The differences in the girder and beam reactions framing onto opposite sides of a column may occur due to the following reasons:


	The differences in the span of the beams and girders framing into the column from opposite sides

	The differences in the dead and live loads on the beams and girders framing into opposite sides of a column

	The likelihood of pattern live loading on the beams and girders framing into opposite sides of a column. That is, for each orthogonal axis of a column section, the live loads on the girders or the beams framing onto one side of the column is skipped or absent or removed, while the full live load is applied on the girders and beams framing onto the opposite side of the column.



Ordinarily, live load skipping should be considered in the girders and beams framing into each column at the top and bottom of the column; however, this would result in too many potential load cases or too many possible combinations of moments and axial load on a column that would needlessly complicate the column design.


[image: image]

FIGURE 8-14Axial loads and un-balanced moments in columns



To minimize the number of load cases, the authors have chosen in this text to consider two load cases that will yield conservative results:


	Load Case 1 - which maximizes the factored cumulative axial load on the column, and

	Load Case 2 - which maximizes the unbalanced moments at each level about both orthogonal axes of the column.



This is accomplished by applying/removing the entire live load from the beams and girders framing into one or both sides of the column to achieve the maximum axial load or maximum unbalanced moment. It should be remembered that the dead load always remains on the beams and girders at all times and cannot be skipped; the pattern loading or load skipping only involves live loads. It is also assumed in this simplified column analysis that the unbalanced moment at one end of a column is not affected by the unbalanced moment at the other end (i.e., there is no moment distribution or carry over of moment from one end of a column to its other end).

In calculating the axial loads and unbalanced moments for columns in braced frames as shown in Figure 8-14, only the LRFD option is illustrated here for brevity, but the principle also applies to the ASD method. With reference to Figure 8-14, the following points should be noted:


	All loads are factored and the LRFD load combinations from Chapter 2 should be used.

	The loading conditions are illustrated for a three-story building, but the principle is applicable to any building with any number of stories or levels.

	In summing up the column axial loads, the maximum factored dead plus live loads from the floors/roof above must be included in the cumulative axial loads using the appropriate load combinations (see Section 2-3) as indicated in Table 8-2.

	The moments in Figure 8-14 are the Mu,nt moments at each floor level; it should be noted that unlike the axial loads which are cumulative (i.e., they accumulate on the column) from the roof to the lowest floor level, the moments are not cumulative but apply only at the level at which they occur (i.e., the unbalanced moment at each level of the building is independent of the unbalanced moment at any other levels). The Mu,nt moments at any floor level are caused by the unbalanced reactions from the beams and girders framing into the column at that level; these moments are the first-order moments and they will have to be amplified to account for the P-δ effects. The reader should recall that there are no sway P-Δ effects for columns in braced frames (i.e., buildings that are laterally braced with concentric or eccentric braced frames or shear walls).

	The factored axial loads at each floor level are defined as follows; note that these are not the cumulative axial loads on the column, but they are the loads contributed to the column by each individual floor/roof level:



Roof Level:

[image: image]

[image: image]

Third-Floor Level:

[image: image]

[image: image]

Second-Floor Level:

[image: image]

[image: image]

Where,


	D =	 Service or unfactored dead load,

	L =	 Service or unfactored live load,

	Lr =	 Unfactored roof live load,

	S =	 Unfactored snow load,

	R =	 Unfactored rain load,

	Proof(D+L) =	 Factored axial load on the column contributed by the roof level due to dead load plus roof live load, (S or Lr or R)

	Proof(D) =	 Factored axial load on the column contributed by the roof level due to dead load only

	P3(D+L) =	 Factored axial load on the column contributed by the 3rd floor level due to dead load plus floor live load

	P3(D) =	 Factored axial load on the column contributed by the 3rd floor level due to dead load only

	P2(D+L) =	 Factored axial load on the column contributed by the 2nd floor level due to dead load plus floor live load

	P2(D) =	 Factored axial load on the column contributed by the 2nd floor level due to dead load only




TABLE 8-2 Applicable Load Combinations for Cumulative Axial Load in Columns

[image: image]



Moment Distribution Between Columns Segments Above and Below Each Level

The distribution of the no-translation moments (i.e., moment split) between the column segments above and below a given floor level (see Figure 8-15) is a function of the following factors: the continuity of the column and the type of column splice (if any), the floor-to-floor heights, and the moments of inertia of the columns above and below the floor level. The column just below the roof level has to resist 100% of the unbalanced moment at the roof level since there is no column segment above that level with which to split or share the unbalanced moment; and, we have assumed that the typical girder-to-column or beam-to-column shear connections are incapable of resisting moment. The moment distribution or moment split to the column segments above and below each level are obtained as follows:


[image: image]

FIGURE 8-15Moment distribution in columns



Roof:

[image: image] (i.e., the column below the roof level resists all the unbalanced moment at the girder/beam-to-column connections at the roof level)

Third Floor:

The total unbalanced moment at the third floor girder/beam-to-column connections is resisted by the columns segments above and below the third floor level, and the moment is split between these column segments in proportion to the ratio of the column stiffnesses as follows:

[image: image]

To simplify the analysis, it can be assumed that the column segments above and below the 3rd floor level have the same moment of inertia; that is, Ibot (or I2) = Itop (or I3). Also, note that the column splices provide moment restraints, so the continuity of the columns at the splices is assumed. For many practical situations, there is not much loss in accuracy with the preceding assumptions. In fact, these assumptions are widely used in practice in the design of steel buildings. Therefore, the moment split between the upper and lower column segments at any floor level is inversely proportional to the length of the column segments above and below that floor level.

[image: image]

[image: image]

Second Floor:

[image: image]

Where,

M3bot = Column moment just below the third-floor level,

M3top = Column moment just above the third-floor level,

M2bot = Column moment just below the second-floor level, and

M2top = Column moment just above the second-floor level.

EXAMPLE 8-3

Design of Beam–Columns in a Braced Frame (LRFD)

The typical roof and floor plans for a three-story braced-frame building are shown in Figures 8-16 and 8-17, respectively. The beams and girders are connected to the columns with simple shear connections (e.g., double angles or shear plates). Using the LRFD method and assuming a floor-to-floor height of 10 ft., design columns C1 and C2 for the gravity loads shown.


[image: image]

FIGURE 8-16Roof plan



Roof Loads

Dead Load = 30 psf

Live Load = 35 psf (snow)

Factored Roof Load:

wu = (1.2)(30) + (1.6)(35) = 0.092 ksf

Service Roof Load:

ws(D+L) = 30 + 35 = 0.065 ksf (Dead + Snow)

ws(L) = 35 = 0.035 ksf (Snow)

Factored Roof Dead Load:

wu(D) = (1.2)(30) = 0.036 ksf


[image: image]

FIGURE 8-17Typical floor plan



Floor Loads

Dead Load = 85 psf

Live Load = 150 psf

Factored Roof Load:

wu = (1.2)(85) + (1.6)(150) = 0.342 ksf

Service Roof Load:

ws(D+L) = 85 + 150 = 0.235 ksf (Dead + Live)

ws(L) = 150 = 0.150 ksf (Live)

Factored Floor Dead Load:

wu(D) = (1.2)(85) = 0.10 ksf

Solution

The first step in the solution process is to determine the governing moments and the factored cumulative axial loads at each level of the column for the two load cases considered (i.e., Load cases 1 and 2) in Figure 8-14.


[image: image]

FIGURE 8-18Calculation of roof beam ang girder reactions




[image: image]

FIGURE 8-19Reactions of roof beams and girders framing into column C1 at the Roof level



Load Calculations for Column C1

All Loads are Factored

ROOF: Loads to Column C1 at the Roof level (See Figures 8-16, 8-18, and 8-19)

Girder and beam connection eccentricities relative to the centroid of the column:


	er girders =	21/2 in. + 1/2 Column depth

	=	21/2 in. + 1/2 (8 in.) Assuming at least a W8 column, with 8 in. nominal depth

	=	61/2 in. = 0.54 ft.

	er beams =	21/2 in. + 1/2 Column web thickness

	=	21/2 in. + 1/2 (0.5 in.) assumed

	=	2.75 in. ≈ 0.25 ft.



A W8 section is the minimum wide-flange column size typically used in design practice. Smaller column sizes are not frequently used because the flange width of these columns does not provide enough room to accommodate the double-angle connections used to connect the girders to the columns. Where the girders are connected to the columns using shear tabs or shear plates, a column size smaller than W8 × 31 may be used, provided it is adequate for resisting the applied loads and moments.

Factored Loads at the Roof Level (see Figure 8-18):

The loads on a typical interior roof beam are calculated as follows:

[image: image]

The typical interior beam reactions are:

[image: image]

The concentrated loads on the typical interior girder from the beam reactions at each load point are calculated as follows:

[image: image]

Load Case 1: The axial load is maximized by applying all the dead and live loads on the beams and girders framing into column C1 in both orthogonal directions (see Figures 8-18 and 8-19).

[image: image]

For this case, the column is designed for axial load only since the unbalanced moments due to beam and girder reaction eccentricities are zero.

Load Case 2: The unbalanced moments at the roof level are maximized by skipping the live loads on one beam and one girder framing into column C1, and keeping the full dead and live load on the other beam and girder framing into the opposite sides of column C1 (see Figures 8-18 and 8-19).

[image: image]

Note: The superscript “R” and “L” refer to the right hand side and left hand side, respectively.

[image: image]

For this load case, the column is designed for combined axial load plus bending.

The reader can observe that the column moments at the roof level are resisted solely by the column below the roof level since there is no column segment above the roof level. For the roof loads that will be cumulatively added to the floor loads below, the appropriate load factor must be applied to the live loads. Recall that the load combination 1.2D + 1.6 (Lr or S or R) applies to the column load only at the roof level. For cumulative loads at the lower levels, the applicable load combination that maximizes the live loads at the floor levels is 1.2D + 1.6L + 0.5 (Lr or S or R) or 1.2D + 1.6L + 0.5 S, since snow load is more critical than rain or roof live load for this example problem. Therefore, the contribution from the roof level to the cumulative column axial loads at the lower levels (i.e., third- and second-floor levels) is calculated as follows:

Using the 1.2D + 1.6L roof beam and girder reaction values from Figure 8-19, we calculate

[image: image]

Note that the “0.5” and “1.6” coefficients in the preceding equation are the load factors (see Section 2-3 of the text).

THIRD FLOOR: Loads to Column C1 at the Third Floor: (See Figures 8-17, 8-20, and 8-21)


[image: image]

FIGURE 8-20Calculation of floor beam and girder reactions at the 3rd floor level




[image: image]

FIGURE 8-21Reactions of floor beams and girders framing into column C1 at the 3rd floor level



Girder and beam connection eccentricities relative to the centroid of the column:


	e3 girders =	21/2 in. + 1/2 Column depth

	=	21/2 in. + 1/2 (8 in.) assuming at least a W8 column

	=	61/2 in. = 0.54 ft.

	e3 beams =	21/2 in. + 1/2-in. Column web thickness

	=	21/2 in. + 1/2 (0.5 in.) assumed

	=	2.75 in. ≈ 0.25 ft.



Factored Loads at the 3rd Floor Level (see Figure 8-20):

[image: image]

Moment Split in the Column segments above and below the 3rd floor level:

[image: image]

Load Case 1: The axial load is maximized by applying all dead and live loads on the beams and girders framing into column C1 in both orthogonal directions (see Figures 8-20 and 8-21).

[image: image]

For this load case, design the column for axial load only since the unbalanced moments due to the beam and girder eccentricities are zero (Note that there would have been unbalanced moments in column C1 if the spans of the beams framing into opposite sides of the column web and/or the spans of the girders framing into the two flanges of the column were unequal).

Load Case 2: The moments at this floor level are maximized by skipping the live loads on one beam and one girder framing into column C1, and keeping the full dead and live loads on the other beam and girder framing into the opposite sides of column C1 (see Figures 8-20 and 8-21).

[image: image]

The unbalanced moment at the 3rd floor level (M3) will be distributed between the column segments above and below the 3rd floor level in a ratio inversely proportional to the length of the column segments above and below the 3rd floor level. Therefore, the load and moments on the column just below the 3rd floor level for load case 2 are calculated as

[image: image]

The column will be designed for this combined axial load and bending moment.

The “0.5” factor in the preceding moment equations is the moment distribution or moment split factor between the column segments below and above the 3rd floor level.

SECOND FLOOR: Loads to Column C1 at the Second Floor: (See Figures 8-17, 8-22, and 8-23)


[image: image]

FIGURE 8-22Calculation of floor beam and girder reactions at the 2nd floor level




[image: image]

FIGURE 8-23Reactions of floor beams and girders framing into column C1 at the 2nd floor level



Girder and beam connection eccentricities relative to the centroid of the column:


	e2 girders =	21/2 in. + 1⁄2 (Column depth)

	=	21/2 in. + 1/2 (10 in.) assuming W10 column, with 10 in. nominal depth

	=	7.5 in. = 0.63 ft.

	e2 beams =	21/2 in. + 1/2 (Column web)

	=	21/2 in. + 1/2 (0.5 in.) assumed

	=	2.75 in. ≈ 0.25 ft.



Factored Loads at the 2nd Floor Level (see Figure 8-22):

[image: image]

Moment Split in the Column segments above and below the 2nd floor level:

[image: image]

This implies that 50% of the unbalanced moment at the 2nd floor girder/beam-to-column shear connections (M2) will be resisted by the column segment below the 2nd floor level, and 50% of the unbalanced moment is resisted by the column segment above the 2nd floor level.

Load Case 1: The axial load is maximized by applying all dead and live loads on the beams and girders framing into column C1 in both orthogonal directions (see Figures 8-22 and 8-23).

[image: image]

[image: image]

For this load case, design the column for axial load only.

Load Case 2: The moments at this floor level are maximized by skipping the live loads on one beam and one girder framing into column C1, and keeping the full dead and live loads on the other beam and girder framing into the opposite sides of column C1 (see Figures 8-22 and 8-23).

[image: image]

The unbalanced moment at the 2nd floor level will be distributed between the column segments above and below the 2nd floor level in a ratio inversely proportional to the length of the column segments above and below the 2nd floor level. Therefore, the load and moments on the column segment just below the second floor for load case 2 are calculated as

[image: image]

The column will be designed for this combined axial load and bending moment. The “0.5” factor in the preceding moment equations is the moment distribution or moment split factor between the column segments below and above the 2nd floor level.

The summary of the factored loads and the factored first-order moments for column C1 are shown in Table 8-3.


TABLE 8-3 Summary of Factored Loads and First-Order Moments for Column C1 (LRFD)

[image: image]



The cumulative factored axial loads and the unbalanced factored moments at each floor/roof level for Column C2 will now be calculated:

Load Calculations for Column C2

All loads are factored.

ROOF: Loads to Column C2 at the Roof Level: (See Figures 8-16, 8-24 and 8-25)


[image: image]

FIGURE 8-24Calculation of roof beam and girder reactions




[image: image]

FIGURE 8-25Reactions of roof beams and girders framing into column C2



Girder and beam connection eccentricities relative to the centroid of the column:


	er girders =	21⁄2 in. + 1⁄2 (Column depth)

	=	21⁄2 in. + 1⁄2 (8 in.) assuming minimum W8 column

	=	61⁄2 in. = 0.54 ft.

	er beams =	21⁄2 in. + 1⁄2 (Column web thickness)

	=	21⁄2 in. + 1⁄2 (0.5 in.) assumed

	=	2.75 in. ≈ 0.25 ft.



Factored Loads at the Roof Level (see Figure 8-24):

The loads on a typical interior roof beam are calculated as follows:

[image: image]

The typical interior beam reactions are:

[image: image]

The concentrated loads on the typical interior roof girder from the roof beam reactions at each load point are calculated as follows:

[image: image]

For perimeter or spandrel beams, the tributary width, TW = (6.67 ft./2) + 0.5-ft. edge distance = 3.84 ft.

Therefore, the factored loads on a typical spandrel roof beam are calculated as follows:

[image: image]

The typical spandrel beam reactions that are supported directly by column C2 are:

[image: image]

Load Case 1: The axial load is maximized by applying all dead and live loads on the beams and girders framing into column C2 in both orthogonal directions (see Figures 8-24 and 8-25).

[image: image]

For this case, the column will be designed for combined axial load plus bending moment.

Load Case 2: The moments at this floor level are maximized by skipping the live loads on one perimeter beam framing into column C2, and keeping the full dead and live loads on the other perimeter beam and the interior girder framing into the other sides of column C2 (see Figures 8-24 and 8-25).

[image: image]

For this load case, the column will be designed for combined axial load plus bending moment. The unbalanced column moments at the roof level are resisted solely by the column segment below the roof level (since there is no column segment above the roof level). For the roof loads that will be cumulatively added to the floor loads below, the appropriate load factor must be applied to the live loads. Recall that the load combination 1.2D + 1.6 (Lr or S or R) applies to the column load only at the roof level. For cumulative loads at the lower levels, the applicable load combination that maximizes the live loads at the floor levels is 1.2D + 1.6L + 0.5 (Lr or S or R) or 1.2D + 1.6L + 0.5 S, since the snow load is more critical than the rain or roof live load for this example. Therefore, the contribution from the roof level to the cumulative column axial loads at the lower levels (i.e., third- and second-floor levels) is calculated as follows:

Using the 1.2D + 1.6L roof beam and girder reaction values from Figure 8-19, we calculate

[image: image]

Note that the “0.5” and “1.6” coefficients in the preceding equation are the load factors (see Section 2-3 of the text).

THIRD FLOOR: Loads to Column C2 at the Third Floor: (See Figures 8-17, 8-26, and 8-27)


[image: image]

FIGURE 8-26Calculation of floor beam and girder reactions at the 3rd floor level




[image: image]

FIGURE 8-27Reactions of floor beams and girders framing into column C2 at the 3rd floor level



Girder and beam connection eccentricities relative to the centroid of the column:


	e3 girders =	21⁄2 in. + 1⁄2 (Column depth)

	=	21⁄2 in. + 1⁄2 (8 in.) assuming minimum W8 column

	=	61⁄2 in. = 0.54 ft.

	e3 beams =	21⁄2 in. + 1⁄2 (Column web thickness)

	=	21⁄2 in. + 1⁄2 (0.5 in.) assumed

	=	2.75 in. ≈ 0.25 ft.



Factored Loads at the 3rd Floor Level (see Figure 8-26):

[image: image]

For the reactions for girder G1, refer to the load calculations for column C1.

For perimeter or spandrel beams, the tributary width,

[image: image]

Therefore, the loads on the spandrel beams are

[image: image]

Moment Split in the Column segments above and below the 3rd floor level:

[image: image]

Load Case 1: The axial load is maximized by applying all dead and live loads on the beams and girders framing into column C2 in both orthogonal directions (see Figures 8-26 and 8-27).

[image: image]

For this load case, the column will be designed for combined axial load plus bending moment.

Load Case 2: The moments at this floor level are maximized by skipping the live loads on one perimeter beam framing into column C2, and keeping the full dead and live loads on the other perimeter beam and the interior girder framing into the other sides of column C2 (see Figures 8-26 and 8-27).

[image: image]

The unbalanced moment at the 3rd floor level (M3) will be distributed between the column segments above and below the 3rd floor level in a ratio inversely proportional to the length of the column segments above and below the 3rd floor level. Therefore, the load and moments on the column just below the 3rd floor level for load case 2 are calculated as

[image: image]

The column will be designed for combined axial load plus bending moment.

The “0.5” factor in the preceding moment equations is the moment distribution or moment split factor.

SECOND FLOOR: Loads to Column C2 at the Second Floor: (See Figures 8-17, 8-28 and 8-29)

Girder and beam connection eccentricities relative to the centroid of the column:


	e2 girders =	21⁄2 in. + 1⁄2 (Column depth)

	=	21⁄2 in. + 1⁄2 (10 in.) assuming W10 column, with 10 in. nominal depth

	=	7.5 in.

	=	0.63 ft.

	e2 beams =	21⁄2 in. + 1⁄2 (Column web)

	=	21⁄2 in. + 1⁄2 (0.5 in.) assumed

	=	2.75 in. ≈ 0.25 ft.




[image: image]

FIGURE 8-28Calculation of floor beam and girder reactions at the 2nd floor level




[image: image]

FIGURE 8-29Reactions of floor beams and girders framing into column C2 at the 2nd floor level



Factored Loads at the 2nd Floor Level (see Figure 8-28):

[image: image]

For the reactions in girder G1, refer to the load calculations for column C1.

For perimeter or spandrel beams, the tributary width,

[image: image]

Therefore, the loads on the spandrel beams are

[image: image]

Moment Split in the Column segments above and below the 2nd floor level:

[image: image]

[image: image]

Load Case 1: The axial load is maximized by applying all dead and live loads on the beams and girders framing into column C2 in both orthogonal directions (see Figures 8-28 and 8-29).

[image: image]

For this load case, the column will be designed for combined axial load plus bending moment.

Load Case 2: The moments at this floor level are maximized by skipping the live loads on one perimeter beam framing into column C2, and keeping the full dead and live loads on the other perimeter beam and the interior girder framing into the other sides of column C2 (see Figures 8-28 and 8-29).

[image: image]

The moment at the second-floor level is assumed to be distributed between the column segments above and below the 2nd floor level in a ratio inversely proportional to the length of the column segments above and below the 2nd floor level. Therefore, the load and moments on the column just below the second-floor level for load case 2 are calculated as

[image: image]

The column will be designed for combined axial load plus bending moment.

The “0.5” factor in the preceding moment equations is the moment distribution or moment split factor. A summary of the factored loads and first-order moments for column C2 is shown in Table 8-4.


TABLE 8-4 Summary of Factored Loads and First-Order Moments for Column C2 (LRFD)

[image: image]



Design of Column C1 (Roof to Third Floor) - LRFD

[image: image]

[image: image]

Column Interaction Equation

[image: image]

[image: image]

W8 × 31 is adequate.

Note: For building structures, the minimum practical column size recommended is a W8 column to ensure sufficient flange width to accommodate the girder-to-column double-angle connections.

Design of Column C1 (Third Floor to Second Floor) - LRFD

[image: image]

[image: image]

Column Interaction Equation

[image: image]

[image: image]

[image: image]

Design of Column C1 (Second Floor to Ground Floor) - LRFD

[image: image]

Column Interaction Equation

[image: image] therefore use equation (8-1)

[image: image]

Therefore, W8 × 48 is adequate.



8-11STUDENT PRACTICE PROBLEM AND COLUMN DESIGN TEMPLATES


As an exercise, the reader should now design column C2, following the same procedure used for the design of column C1. To aid the reader, column design templates for wide flanged or I-shape sections and HSS columns are presented on the following pages. The moment capacity equations in the LRFD column design templates presume that the selected column will have an unbraced length, Lb, in bending that is less than or equal to the unbraced length, Lr, at the transition point between inelastic and elastic lateral-torsional buckling. Where this is not the case and elastic ­lateral-torsional buckling controls the bending moment capacity of the column, the reader should calculate the moment capacity using the method presented in Chapter 6 for the case where Lb > Lr.

Note that AISCM Table 6-2 provides values of axial compression strength, axial tension strength, and moment capacities about both the strong and weak axes of a column for different wide flange column sections and for varying unbraced lengths; the capacities from AISCM Table 6-2 can be used directly in the column design templates presented in this section. As a reminder, note that AISCM Table 6-2 assumes a moment gradient factor, Cb of 1,0, and also, the moment magnification factor, B1, is not yet included in the tabulated values. The actual values of these two variables must be used to modify the strength values from AISCM Table 6-2.

W-Shape Column Design Template - LRFD

Design of Column  (  Floor to   Floor)

[image: image]

[image: image]

Column Interaction Equation

(check that the interaction equation value ≤ 1.0; if not, the beam-column is inadequate)

[image: image] therefore use equation (8-1), otherwise use equation (8-2)

[image: image]

HSS Column Design Template - LRFD

Design of Column  (  Floor to  Floor)

[image: image]

[image: image]

Column Interaction Equation

(check that the interaction equation value ≤ 1.0; if not, the beam-column is inadequate)

[image: image] therefore use equation (8-1), otherwise use equation (8-2)

[image: image]



8-12ANALYSIS OF MOMENT FRAMES USING THE AMPLIFIED FIRST-ORDER METHOD


In lieu of using a general-purpose finite element analysis (FEA) software program that accounts for both P-Δ (frame slenderness) and P-δ (member slenderness) effects directly and gives the total factored second-order moments, Mu, and factored axial loads, Pu, acting on the columns of a moment frame or unbraced frame, approximate analysis methods are allowed in the AISC Specification, as previously discussed. The amplified first-order analysis method or AFOAM presented in Appendix 8 of the AISC Specifications is an approximate direct analysis method that can be used to account for both the P-Δ and P-δ effects. As discussed in Section 8-7, this approximate method uses a first-order frame analysis – which many engineers and civil engineering students are exposed to and familiar with. The procedure that is used to determine the no-translation moments, Mnt; the lateral translation moments, Mlt; and the axial loads, Plt, is based on the principle of superposition and is described as follows [9]:


[image: image]

FIGURE 8-30Detemination of Mnt and Mlt moments in Moment frames




	Given the original frame shown in Figure 8-30a, perform a first-order analysis of the frame for all the applicable load combinations (see Section 2-3) that include gravity and lateral loads, and assume that horizontal restraints (i.e., vertical rollers) are added to the structure at each floor/roof level, as shown in Figure 8-30b, to prevent any sidesway of the frame. Therefore, the moments and axial loads obtained are the no-translation moments, Mnt, and the no-translation axial loads, Pnt. The resulting horizontal reactions, H2, H3, … Hn, and Hroof at the vertical rollers obtained at each floor and roof level are noted.

	The fictitious horizontal restraints introduced in step 1 are removed, and for each load combination from step 1, lateral loads are applied at each level to the frames that are equal and opposite to the horizontal reactions obtained in step 1, as shown in Figure 8-30c. Note that according to the AISC specification, notional loads must be applied at each floor level if the horizontal reactions obtained from step 1 are smaller than the notional loads (see Section 8-6). The frame is reanalyzed for the lateral forces that are equal and opposite to the horizontal reactions obtained in step 1, and the moments and axial loads obtained in this step are the lateral translation moments, Mult, and the lateral translation axial load, Pult.



The analyses in steps 1 and 2 above are carried out using reduced stiffnesses (0.80τbEI and 0.80EA) for all members of the frame. The conditions under which the stiffness reduction factor, tb, may be taken as 1.0 have already been discussed in Section 8-6.

The rationale behind the preceding procedure will now be discussed. The amplified first-order analysis uses the principle of superposition to decompose the total moment that would have been obtained if the original frame (Figure 8-30a) with all of the gravity and lateral loads was analyzed using a second-order frame analysis software that accounts for both geometric and material nonlinearities. Because we have different magnifiers for the no-translation moment, Mu,nt, and the lateral translation moment, Mu,lt, the issue is how to separate the total moment into the two types of moments so that Mnt can be amplified by B1 and Mlt can be amplified by B2. The analysis in step 1, with the horizontal restraints added, represents the braced-frame portion of the original frame, so that the moments obtained from step 1— the Mnt moments — can then be amplified by the non-sway moment amplification factor, B1.

For the analysis in step 2, lateral loads that are equal and opposite to the fictitious restraint reactions obtained from step 1 are applied to the frame. Using the principle of superposition, it can be seen that the original frame (Figure 8-30a) has not really been altered, but instead, we have only decomposed the original frame into two component frames (Figure 8-30b and Figure 8-30c), which when added together is equivalent to the original frame. Of course, linear elastic behavior and small displacements are implicitly assumed, which allows the principle of superposition to be valid and applicable to this problem. The moments from step 2 are the Mlt moments that can then be amplified by the sway moment amplification factor, B2. Therefore, the final second-order moments, Mu = B1Mnt (from the step 1 analysis) + B2Mlt (from the step 2 analysis). The total second-order factored moment, Mu, from the amplified first-order analysis method (AFOAM) usually compares very favorably with results from a second-order finite element analysis that directly calculates Mu and accounts directly for all types of geometric and material nonlinearities [9].

Design of Columns in Moment Frames (i.e., Unbraced Frames)

The procedure for designing columns in moment frames is as follows:


	Determine the factored axial loads, Pu, on each column in the frame from the gravity loads only.

	Obtain the preliminary column size based on the axial load from step 1 using the column design template presented earlier. It is assumed that the preliminary sizes of the beams and girders have already been obtained for gravity loads only and assuming simple support conditions.

	Using the preliminary column and girder sizes, perform the amplified first-order analysis as described in the previous section for all applicable load combinations. This will yield the Mnt and Mlt moments for each column, as well as the factored axial loads, Pnt and Plt. This analysis is carried out in both orthogonal directions of the building if moment frames are used in both directions. Where braced frames are used in one direction, the analysis has to be carried out only in a direction parallel to the moment frames.

	Compute the moment magnification factors, B1 and B2, and calculate the factored second-order moments and axial load as follows:
[image: image]


	Using the column design template, design the column for the factored axial loads and the factored moments from step 4.

	In designing columns in moment frames, the effect of the leaning columns (i.e., columns that do not participate in resisting the lateral loads) is implicitly taken into account since the cumulative gravity loads on all columns in the story (including the leaning columns) are included in Pstory in the calculation of the B2 amplification factor in equations 8-11a and 8-11b.



EXAMPLE 8-4 (LRFD)

Calculation of the Sway Amplification Factor, B2

Calculate the sway amplification factor for the columns in the first story (i.e., the ground floor columns) of the typical moment frame in Figure 8-31 with the service gravity loads and the design lateral wind loads shown. Assume that the direct analysis method (DAM) will be used, and RM = 0.85.

Solution

The applicable load combinations from Chapter 2 are:

[image: image]

It should be obvious that the 0.9D + 1.0W load combination will not be critical for calculating the sway amplification factor since the higher the cumulative axial load in the story, the higher the amplification; therefore, only the first load combination need to be checked.


[image: image]

FIGURE 8-31Unbraced frame for Example 8-4



Calculate the cumulative maximum factored total axial load, Pstory, in the ground-floor columns by summing up the components of the critical load combination as follows:

[image: image]

[image: image]

[image: image]

[image: image]

The factored lateral wind shear at the ground-floor columns is

[image: image]

A drift index for factored wind loads of [image: image] is assumed (since a drift index of between [image: image] to [image: image] is commonly used in practice for building frames under service or unfactored wind loads). Therefore,

[image: image]

The sway moment magnification factor is calculated as

[image: image]

Where, α = 1.0 for LRFD

Therefore, the sway amplification factor, B2 = 1.06

EXAMPLE 8-5 (LRFD)

Design of Columns in Moment Frames

The typical floor and roof plans for a two-story office building laterally braced with moment frames in both orthogonal directions are shown in Figure 8-32a. The floor-to-floor height is 12 ft. and the uniform roof and floor loads, and the lateral wind load have been determined as follows:

[image: image]

Assume a design uniform lateral wind load, W, of 32 psf. The building is located in a region where seismic loads do not control.


	Using commercially available structural analysis software, perform an amplified first-order analysis for the East–West moment frame along line A to determine the Mnt and Mlt moments in the ground-floor columns. For this example, consider only the load combination 1.2D + 1.0W +L + 0.5(Lr or S or R). However, in practice, the load combination (0.9D + 0.6W) that could cause uplift would also need to be checked. Note that if the notional lateral load is greater than the wind load W, then the notional load should be used as the minimum lateral load.

	Design column A-3 at the ground-floor level for the combined effects of axial load and moments. Use the amplified first-order analysis method (AFOAM).




[image: image]

FIGURE 8-32aFraming plan for Example 8-5




[image: image]

FIGURE 8-32bRoof beam and girder reactions




[image: image]

FIGURE 8-32cFloor beam and girder reactions




[image: image]

FIGURE 8-32dFactored gravity and lateral loads on East-West moment frame along gridline A




[image: image]

FIGURE 8-32eNo translation frame: Mnt moments




[image: image]

FIGURE 8-32fLateral translation frame: Mlt moments



Solution

Calculate Beam and Girder Reactions: (See Figures 8-32b and 8-32c)

Roof Level -

Spandrel roof beam, RB2:

[image: image]

[image: image]

[image: image]

[image: image]

This uniform load acts on the East–West moment frame spandrel roof beams.

Interior roof beam, RB1:

[image: image]

[image: image]
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[image: image]

[image: image]

Interior roof girder, RG1:

[image: image]

Second-Floor Level -

Spandrel floor beam, B2:

[image: image]

[image: image]

[image: image]

[image: image]

This uniform load acts on the East–West moment frame spandrel floor beams.

Interior floor beam, B1:

[image: image]

[image: image]
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[image: image]

Interior floor girder, G1:

[image: image]

Factored Lateral Wind Loads on the East–West Moment Frame along Grid Line A or E

The lateral wind loads on each moment frame are:

[image: image]

[image: image]

To determine the nonsway moments and axial loads (Mnt and Pnt), and the sway moments and axial loads (Mlt and Plt), using the amplified first-order analysis (i.e., the approximate ­second-order analysis) method of beam-column design, we replace the original frame in Figure 8-32d with two constituent frames (Figure 8-32e and Figure 8-32f) such that when the load effects of these constituent frames are summed up, we obtain the actual load effects on the original frame. In Figure 8-32e, we restrain the lateral movement at each level of the building structure by adding vertical rollers at each floor and roof location in the structural analysis, resulting in fictitious horizontal reactions at the roof and floor levels, Hroof and H2. The first-order analysis of this frame (Figure 8-32e), using a typical structural analysis software, also yields the no-translation moments, Mntx–x (frame columns are bending about their strong axis), and Pnt as shown in Figure 8-32e. Note that the structural analysis in this example is performed with reduced member stiffnesses (0.8τbEI and 0.8EA). To determine the sway moments and axial loads, the horizontal reactions Hroof and H2 from the first analysis are applied as lateral loads to the frame in a direction opposite the direction of the reactions from the first analysis, and without any other gravity or lateral loads and no horizontal restraints. This second frame (Figure 8-32f) is then analyzed and this second analysis yields the lateral translation moments, Mltx–x, and the lateral translation axial loads, Plt. (Note that the East–West moment frame columns in Figure 8-32a along grid lines A and E are bending about their strong axis for lateral loads in the East–West direction). Figures 8-32e and 8-32f show the results of the computer-aided structural analyses.

The cumulative maximum total factored axial load, Pu or Pstory (for the LRFD load combination 1.2D + 1.0W + L + 0.5(Lr or S or R), in the ground-floor columns is

[image: image]
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The factored lateral wind shear at the ground-floor columns is

[image: image]

An allowable drift index of [image: image] for factored wind loads (1.0W) is assumed (because an allowable drift index of between [image: image] to [image: image] is commonly used in practice for frames under service or unfactored wind loads of 0.6W). Therefore, at the factored wind load level (i.e., at 1.0W), the allowable drift index is

[image: image]

[image: image]

Since the total factored axial load in the East–West moment frame columns, Pmf, and the total factored axial load in each story, Pstory, are proportional to the total cumulative tributary areas supported by the moment frame columns and each story, RM can be calculated as

[image: image]

The sway amplification factor is calculated as

[image: image]

[image: image]

Where, α = 1.0 for LRFD.

Note that the sway amplification is caused by the lateral loading in the East–West direction which results in the bending of the East–West moment frame columns A-2, A-3, A-4, E-2, E-3, and E-4 about their strong (x-x) axis, hence the amplification factor has been designated as [image: image]. This amplification factor will be used later for the design of Column A-3.

The notional lateral loads at each level of the structure (which represents the effects of initial geometric imperfections) can be calculated as follows for the load combination, 1.2D + 1.0W + L + 0.5(Lr or S or R):

[image: image]

[image: image]

Since B2 < 1.7, the notional loads should only be applied to the gravity load combination, and not in any of the lateral load combinations. However, since the notional load at each level is less than the corresponding wind load (1.0W), the notional loads can be neglected in this case (AISCM Section C2.2b(d)).

Weak Axis (y–y) Bending Moment in Columns A-2, A-3, and A-4

In the North–South direction, the East–West moment frame columns A-2, A-3, and A-4 will behave as leaning columns. They will be laterally braced at the floor levels for bending in the North–South direction (i.e., about their weak axis) by the North–South moment frames. Since these leaning columns do not participate in resisting the lateral load in the North–South direction, the sway amplification factor for columns A-2, A-3, and A-4 for bending about their weak axis, B2y–y = 1.0, and the sway moments for bending about their weak axis, Mlty–y = 0.

The only moments in columns A-2, A-3, and A-4 acting about their weak (y–y) axis will occur due to the eccentricity of the girder or beam reactions at the floor level under consideration caused by the gravity loads.

[image: image]


	Eccentricity of girder G1 reaction, ey–y =	21⁄2 in. + 1⁄2 (column web thickness)

	=	21⁄2 in. + 1⁄2 (0.5 in.) assumed

	=	2.75 in. ≈ 0.25 ft.



The unbalanced moment at the 2nd floor is M2y

[image: image]

[image: image]

With 50% moment split between the column segments above and below the 2nd floor level since the floor-to-floor heights are constant at 12 ft., therefore, the factored moment in the column segment just below the 2nd floor level is

[image: image] = 50%(14.4 ft.-kips) = 7.2 ft.-kips

Effects of Leaning Columns on the East–West Moment Frames

In the East–West direction, the only moment frames providing lateral stability for the building are the frames along grid lines A and E (between grid lines 2 and 4). Since all other East–West girders along the column lines are assumed to be connected with simple shear connections to the columns along grid lines B, C, and D, therefore, the columns along grid lines B, C, and D, as well as the corner columns at A-1, A-5, E-1, and E-5, will behave as leaning columns. These leaning columns are restrained or braced laterally in the East–West direction by the six East–West moment frame columns (A-2, A-3, A-4, E-2, E-3, and E-4) along grid lines A and E.

It should be noted that the leaning columns have to be designed for the factored axial load that they directly support, plus the Mntx–x and Mnty–y moments (i.e., the non-sway moments) resulting from the eccentricities of the beam and girder reactions framing into the leaning columns in the two orthogonal directions. For the East–West direction, the leaning columns are those columns that are not part of the East–West moment frames along grid lines A and E. Therefore, only the East–West moment frame columns A-2, A-3, A-4, E-2, E-3, and E-4 are not leaning columns. All other columns in Figure 8-32a are leaning columns and will be restrained by the East–West moment frame columns. The effective length factor, K, for the leaning columns is 1.0, and the sway moment magnifier, B2, and the lateral translation moment, Mlt, for these leaning columns for bending in the East–West direction will be 1.0 and zero, respectively. Thus, for bending in the East–West direction, the only moments for which the leaning columns have to be designed are the moments due to the eccentricities of the beam and girder reactions from the gravity load. In effect, the leaning columns are designed similar to columns in braced frames, as was done in Example 8-3. Table 8-5 summarizes the different types of columns in this example and the source of the bending moments in the columns, and Table 8-6 provides a summary of the factored axial loads and moments just below the second-floor level for the East–West moment frame columns along grid line A (i.e., columns A-2, A-3, and A-4). These were obtained from a first-order structural analysis with a reduced flexural stiffness of 0.80EI (with τb assumed to be 1.0) and an axial stiffness, 0.80EA, for all members of the frame.

The design of column A-3 at the ground-floor level is carried out next using a modified form of the column design template introduced earlier in this chapter. Since the direct analysis method is used, the stiffness factor for all columns is K = 1.0, and the design yields a W10 × 68 column as shown in the column design template for column A-3.

Note that τb was assumed to be 1.0 in the design of the column, and according to AISCM Section C.2.3(c), this necessitates adding an additional notional load of 0.001αYi at each level of the building (α = 1.0 for LRFD and (α = 1.6 for ASD). This load is additive to the lateral loads, and should be applied to all load combinations. Note that this notional load, which represents the effect of assuming τb to be 1.0, is different from the notional load that represents the effects of initial geometric imperfections in the structure, which was calculated previously.

The additional notional lateral loads (representing the effect of assuming τb to be 1.0) at each level of the structure is calculated as follows for the load combination, 1.2D + 1.0W + L + 0.5 (Lr or S or R):

[image: image]

[image: image]

Comparing the total shear due to these additional notional loads to the total wind shear indicates that the effect of the notional loads would increase the moments and shears by less than 5% as calculated below:

[image: image]

Multiplying the interaction value of 0.89 for the W10 × 68 column obtained in the design of column A-3 (see Column Design Template for A-3) by 1.048 yields a revised interaction value of 0.93 (which is still less than 1.0), which implies that the W10 × 68 column is still adequate with the additional notional loads considered.

It should also be noted that even though only one load combination, 1.2D + 1.0W + L + 0.5 (Lr or S or R), was considered in this example, a number of other load combinations (see Section 2-3) would have to be investigated to determine which combination would produce the largest moments and forces in the members. The load combination 0.9D + 1.0W should always be investigated to check for possible uplift or overturning, and the reader should repeat the stability analysis and design above for this and other applicable load combinations.


TABLE 8-5 Types of Columns (Leaning or Moment Frame) and the Source of Bending Moments in Figure 8-32a

[image: image]




TABLE 8-6 Summary of Factored Moments and Axial Loads in Ground-Floor Columns in East–West Moment Frame

[image: image]



Design of Column A-3 (Second Floor to Ground Floor) - LRFD

[image: image]

[image: image]

* See axial load from the no-translation analysis from Figure 8-32e and Table 8-6.
† Axial load in column A-3 from lateral translation of frame (see Table 8-6 for Pu lt).

Column Interaction Equation

[image: image]

[image: image]
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8-13ANALYSIS AND DESIGN OF BEAM–COLUMNS FOR COMBINED AXIAL TENSION AND BENDING


Members subjected to combined axial tension load and lateral bending moment occur in hangers with eccentric axial load (see Figure 8-4) and in glass curtain wall mullions hung from the roof framing and connected at the base to the floor framing or slab with vertically slotted connections (VSC). The mullion is subjected to axial tension load from the weight of the glass curtain wall plus the self-weight of the mullions, and lateral bending moment from the lateral wind and seismic loads. Members subjected to axial tension loads are obviously not susceptible to column buckling and therefore, the moments in these members are not amplified because there are no P-delta effects in tension members. Also, depending on the amount of axial tension in a member, lateral-torsional buckling due to lateral bending may not occur if the member is subjected to a net tension stress under combined loads. To account for this case, the AISC Specification Section H1.2 allows the moment gradient factor, Cb, for doubly symmetric members to be increased by an amplification factor.

This moment gradient amplification factor is

[image: image] for LRFD

[image: image] for ASD

Where,

[image: image]

[image: image]

[image: image]

The column interaction equations used for combined axial compression plus bending moment can be adapted for the analysis and design of beam–columns under combined axial tension plus bending moment by neglecting the moment amplification factors (see AISC Specification Section H1.2). The interaction equations for the LRFD method for combined axial tension and bending are written as follows:

[image: image]

[image: image]    (8-1b)

[image: image]    (8-2b)

Where,


	Pn =	nominal axial tension capacity as previously obtained in Chapter 4.

	ϕtPn =	design axial tension capacity as previously discussed in Chapter 4.
For tension members, ϕtPn is the smaller of the tensile yielding capacity (0.9AgFy), the tensile rupture capacity (0.75AeFu), or the block shear capacity as presented in Chapter 4.

	Pu =	factored axial tension load on the beam-column calculated using the LRFD load combinations (see Section 2-3).

	ϕt =	strength reduction factor

	=	0.9 for tension yielding

	=	0.75 for rupture

	Mux =	total factored moment about the x-axis on the beam-column calculated using the LRFD load combinations

	Muy =	total factored moment about the y-axis on the beam-column calculated using the LRFD load combinations

	ϕbMnx =	design moment capacity of the beam-column about the x-axis as previously obtained in Chapter 6

	ϕbMny =	design moment capacity of the beam-column about the y-axis as previously obtained in Chapter 6



For the ASD method, the corresponding interaction equations for beam-columns subject to combined axial tension plus bending are

[image: image]

[image: image]    (8-1c)

[image: image]    (8-2c)

Where,


	Ps =	unfactored total axial tension load on the beam-column calculated using the ASD load combinations (see Section 2-3)

	Pn =	is the nominal axial tension capacity presented in Chapter 4

	Ωt =	factor of safety for tension

	=	1.67 for tension yielding

	=	2.0 for tension rupture

	Msx =	total service load moment about the x-axis on the beam-column calculated using the ASD load combinations

	Msy =	total service load moment about the y-axis on the beam-column calculated using the ASD load combinations

	Mnx =	nominal moment capacity of the beam-column about the x-axis as previously discussed in Chapter 6

	Mny =	nominal moment capacity of the beam-column about the y-axis as previously discussed in Chapter 6

	Ωb =	factor of safety for bending or flexure = 1.67



EXAMPLE 8-6

Analysis of Beam–Columns for Axial Tension and Bending (LRFD)

A W10 × 33 welded tension member, 15 ft. long, is subjected to a factored axial tension load of 105 kips and factored moments about the strong and weak axes of 30 ft.-kips and 18 ft.-kips, respectively. Assuming ASTM A572, grade 50 steel and the member braced only at the supports, check if the beam–column is adequate. Assume Cb = 1.0 and neglect the moment gradient factor amplification factor.

Solution

[image: image]

[image: image]

Unbraced length of tension member, Lb = 15 ft.

Calculate the Axial Tension Capacity of the Member:

Since there are no bolt holes, only the tensile yielding limit state is possible for this tension member:

[image: image]

Calculate the bending moment capacities about both the x–x and y–y axes:

For a W10 × 33, from the LRFD beam design tables (Table 3–2 of the AISCM), we obtain the moment capacity about the strong (x-x) axis as follows:

[image: image]

Therefore, the member is susceptible to inelastic lateral-torsional buckling, and with Cb = 1.0, the design moment capacity for bending about the x-x or strong axis is calculated as

[image: image]

[image: image]

The design moment capacity for bending about the y-y or weak axis is obtained as follows:

[image: image]

[image: image]

[image: image]

Therefore, [image: image]

[image: image].

Using the column interaction equation (8-1b), we obtain

[image: image]

Therefore, [image: image]

If the amplification factor for the moment gradient factor is considered, it is calculated as follows:

[image: image]

The amplification factor for the moment gradient factor (LRFD) is

[image: image]

The revised moment gradient factor, Cb, is (1.0)(1.15) = 1.15. If this revised moment gradient factor is used, the recalculated design moment capacity for bending about the x-x axis is (1.15)(116 ft.-kips) = 133 ft.-kips ≤ 146 ft.-kips. Therefore, use ϕMnx = 133 ft.-kips instead of 116 ft.-kips in the interaction equation and the revised interaction value is calculated to be 0.75, which indicates a very small reduction in this case. Note that the higher the axial tension load, the greater the value of the moment gradient factor because the increased tension load reduces the likelihood of lateral torsional buckling from the lateral bending loads.



8-14DESIGN OF BEAM-COLUMNS FOR COMBINED AXIAL TENSION AND BENDING


The procedure for designing steel members for combined axial tension plus bending is a trial-and-error process that involves an initial guess of the size of the member, after which the member is analyzed as described in Section 8-13. The design procedure using the LRFD method is outlined below:


	Determine the factored axial tension load, Pu, and the factored moments about both axes, Mux and Muy.
If the connection eccentricities, ex and ey, about the x- and y-axes are known, the applied factored moments about the orthogonal axes of the column can be calculated as Mux = Puex and Muy = Puey.

	Make an initial guess of the member size and calculate the design tension strength, ϕt Pn.

	Calculate the design bending strength about both axes, ϕMnx and ϕMny.

	If [image: image] ≥ 0.2 ⇒ Use the interaction equation (8-1b); otherwise use equation (8-2b). Note that for members subjected to combined axial tension and bending, there are no buckling or P-delta effects, therefore, the moment amplification factors are not applicable. [image: image] is the axial tension capacity previously presented in Chapter 4.

	If the interaction equation yields a value ≤ 1.0, the tension member is deemed adequate.
If the interaction equation yields a value > 1.0, the tension member is not adequate; therefore, increase the member size and repeat the analysis process.



For design with the ASD method, use unfactored axial tension load and unfactored moments, and use the ASD beam-column interaction equations (i.e., equations (8-1c) and (8-2c)) previously presented in Section 8-13.



8-15COLUMN BASE PLATES


Base plates are flat steel sections shop welded to the bottom of steel columns to provide bearing for the columns and to help in transferring and spreading the column axial loads to the concrete pier or footing that supports the column. The base plate helps to distribute the bearing stresses due to the column loads and prevents crushing of the concrete underneath the column; it also provides temporary support to the column during steel erection by allowing the column (in combination with the anchor bolts) to act temporarily as a vertical cantilever. The base plate is usually connected to the column with fillet welds (up to 3⁄4 in. in size) on both sides of the web and flanges and they are usually shop welded. The base plate welds are usually sized to develop the full tension capacity of the anchor bolts or rods. For wide flange columns, fillet welds that wrap around the tips of the flanges and the curved fillet at the intersection of the web and the flanges are not recommended because they add very little strength to the capacity of the column-to-base-plate connection and yet result in high residual stresses in the welds that could cause cracking [10]. Full-penetration groove welds are also not typically used for column-to-base plate connections because of the high cost of such welds, except for column-to-base-plate connections subjected to very large moments. The thicknesses of base plates vary from 1/2 in. to 6 in. and the preferred material specifications for base plates is ASTM A36 steel. Steel plate availability is shown in Table 8-7 [11]. The base plate is typically larger than the column size (depending on the shape of the column) by as much as 3 in. to 4 in. all around to provide adequate room for the placement of the anchor bolt holes outside of the column footprint. For I-shaped or wide flange columns where the anchor bolts can be located within the column footprint on either side of the web, the plan size of the base plate may only need to be just a little larger than the column size to allow for the fillet welding of the column to the base plate, but the actual plate size is still dependent on the applied load and the concrete bearing stress (see Figure 8-33).


[image: image]

FIGURE 8-33Column base plate, bearing stresses, and critical areas




[image: image]

FIGURE 8-34Leveling plate and leveling nut



The column base plate often bears on a layer of 3⁄4-in. to 11⁄2-in. non-shrink grout that provides a uniform bearing surface and, in turn, the grout is supported on a concrete pier or directly on a concrete footing. The compressive strength of the grout should be at least equal to the compressive strength of the concrete used in the pier or footing; however, a grout compressive strength of twice the concrete pier or footing compressive strength is recommended [12]. During steel erection, 1⁄4-in.-thick leveling plates, which are slightly larger than the base plates or leveling nuts, are used at the underside of the column base plates to help align or plumb the column (see Figure 8-34). For base plates larger than 24 in. in width or breadth, or for base plates supporting heavy loads, leveling nuts (see Figure 8-34b) should be used instead of leveling plates [12]. The concrete piers should be larger than the base plate by at least twice the grout thickness to prevent interference between the anchor rods and the pier reinforcing, and the exterior column piers should be poured or cast integrally with the perimeter foundation walls. In the design of steel column base plates, the bearing stresses below the plate are assumed to be uniform and the base plate is assumed to bend in two orthogonal directions into a bowl-shaped surface (i.e., the base plate is assumed to cantilever beyond the critical area of the column, and bend about the two orthogonal axes).


TABLE 8-7 Availability of Base Plate Materials

[image: image]



The design strength of concrete in bearing from ACI 318 [13] is given as

[image: image]    (8-15)

Where,

Pp = nominal bearing strength = [image: image], and

[image: image]


	A1 =	Base plate area = B × N,

	B =	Width of base plate,

	N =	Length of base plate,

	A2 =	Area of the concrete pier concentric with the base plate area, A1, projected at a slope of 1 vertical to 2 horizontal from the top of the concrete pier (or the top of the concrete footing when the column base plate is supported directly on the footing) without extending beyond the edges of the concrete pier or footing (see Figure 8-33d),

	f′c =	28-day compressive strength of the concrete in the pier or footing, ksi, and

	ϕcb =	Strength reduction factor for concrete in bearing = 0.65 (ACI 318 Section 9.3.2.4) [13].



[image: image]    (8-16)

The [image: image] term in equations (8-15) and (8-16) accounts for the beneficial effect of confinement when the concrete pier area (or footing area when the footing directly supports the column) is greater than the base plate area.

In determining the base plate thickness, the base plate is assumed to be rigid enough to ensure a uniform bearing stress distribution at the bottom of the base plate, and the portion of the plate beyond the critical area of the column bends upwards as a cantilever. The uniform bearing stress at the bottom of the base plate due to the column axial load, is calculated as

[image: image]    (8-17a)

[image: image]    (8-17b)

Where,


	Pu =	the factored total column axial load calculated using the LRFD load combinations

	Ps =	unfactored total column axial load calculated using the ASD load combinations



The base plate extends or cantilevers beyond the outline or edges of the critical area (see Figures 8-33a and 8-33b) by the critical distance, l, and the maximum applied moment in the base plate at the edge of the critical area due to this uniform bearing stress (see Figure 8-33c) is calculated as follows:

[image: image]    (8-18a)

[image: image]    (8-18b)

The nominal bending strength of the plate bending about its weak axis is

[image: image]    (8-19)

The design bending strength for LRFD and the allowable bending strength for ASD are given as follows:

[image: image]    (8-20a)

[image: image]    (8-20b)

where the unit width of the plate, bp = 1 in.

Equating the design bending strength to the applied factored moment (i.e., ϕbMn = Mu) for LRFD, or equating the allowable moment to the applied unfactored moment (Mallowable = Ms) for ASD, gives the required base plate thickness for the LRFD and ASD methods, respectively as follows:

[image: image]    (8-21a)

[image: image]    (8-21b)

The practical minimum base plate thickness used for columns in steel buildings is 3⁄8 in., (i.e., tp 3/8 in.) with thickness increments of 1/8 in. for base plate thickness less than or equal to 11⁄4 in., and 1⁄4-in. increments for base plate thickness greater than 11⁄4 in. The thickness of a base plate should not be less than the column flange thickness to ensure adequate rigidity of the base plate (i.e., tp tfcolumn). However, for lightly loaded columns such as posts and wind columns, 1⁄4-in.-thick base plates may be used. The length, N, and the width, B, of the base plate should be specified in increments of 1 in. Square base plates are normally preferred and are more commonly used in practice because the directions of the length and width of the plate do not have to be specified on the structural drawings and verified on site. The use of square base plates also helps minimize the likelihood of construction errors. The critical base plate cantilever length, l, is the largest of the following cantilever lengths beyond the edges of the critical section of the column: m, n, and λn′

For wide-flange columns, the critical cantilever length of the base plate is calculated as

[image: image]    (8-22)

For a square HSS column, the critical cantilever length of the base plate is calculated as

[image: image]    (8-23)

Where,


	ϕb =	0.9 (strength reduction factor for bending of the base plate),

	Ωb =	1.67 (factor of safety for bending of base plate),

	Fy =	Yield strength of the base plate,

	d =	Depth of wide flange column,

	bf =	Flange width of wide flange column,

	b =	width of square HSS (for square HSS, d = bf = b),



[image: image]

where

[image: image]    (8-25a)

[image: image]    (8-25b)


	ϕcb =	strength reduction factor for bearing = 0.65

	Ωcb =	factor of safety for bearing = 1.67

	ϕcbPp =	design bearing strength from equation (8-15)



Since [image: image] are usually less than or equal to 1.0, the value of x from equations (8-25a) and 8-25b) will take on a maximum value of 1.0 or less for both LRFD and ASD. Therefore, it is conservative to assume the value of λ from equation (8-24) is 1.0 [12]. This value is adopted in this text.



8-16ANCHOR RODS


Anchor rods are used to safely attach the column base plates to concrete piers, pile caps or footings, and to prevent the overturning of columns during erection. They are also used to resist the base moments and the uplift forces that a column base plate may be subjected to from lateral wind or earthquake forces.


[image: image]

FIGURE 8-35Types of anchor bolts



The most commonly used specification for anchor rods is ASTM F1554 [14]; it covers hooked and headed anchor rods, and anchor rods with nuts (see Figure 8-35). This specification provides for anchor rods in grades 36, 55, and 105, with grade 36 being the most commonly used in design practice. Anchor rods in grades 36 and 55 are available in diameters ranging from ¼ in. to 4 in. ASTM F1554, grade 36 anchor rod has a tensile strength, Fu, of 58 ksi and is weldable; the weldability of grade 55 (Fu = 75 ksi) can be enhanced by limiting the carbon content using a supplementary requirement for weldability. Grade 55 anchor rods are used for resisting large tension forces due to uplift from overturning moments or moment connections at the column base plate. The weldability of anchor rods becomes a desirable property if and when field repairs are required for existing anchor rods with insufficient projection that involve welding a rod extension to the existing anchor rods. The use of grade 105 anchor rods is not recommended because of difficulty with weldability, so it is advisable to use a larger diameter rod size in lieu of grade 105. Prior to 1999, ASTM A36 and A307 were the commonly used material specifications for anchor rods, but these have now been largely replaced by ASTM F1554. Note that ASTM F3125 A325 and A490 should not be specified for anchor bolts because these specifications are only valid for bolts used in steel-to-steel connections and are only available in lengths of not more than 8 inches. For anchor rods with nuts at the bottom end embedded in the concrete, the heavy-hex nut is most commonly used, and is usually tack welded at the bottom of the nut to the threaded rod to prevent the rod from turning loose from the nut when tightening the top nut above the base plate. The preferred material specification for the heavy-hex nuts is ASTM A563 where the required finish and grade of heavy-hex nuts corresponding to the various grades of anchor rods are given.

It is preferable to specify base plates with symmetrical anchor rod layout to prevent any fabrication or erection errors. The minimum and most commonly used anchor rod size in design practice is 3⁄4-in. diameter with a minimum recommended embedment length in the concrete of 12d and a minimum embedded edge distance of 5d or 4 in., whichever is greater, where d is the anchor rod diameter. Therefore, a typical hooked ¾ in. diameter ASTM F1554 anchor rod requires a minimum embedment of 9 inches plus a 3 in. long hook and a minimum edge distance of 4 inches. Headed and nutted anchor rods are used to resist tension forces due to uplift from overturning or column base moments; they are typically used at braced-frame column locations or at the bases of moment frame columns. Although a hooked anchor rod does have some nominal tension capacity, they are typically only used for axially loaded columns with compression loads only. In typical building columns that are not part of the lateral load resisting system, four anchor rods with 9-in. minimum embedment and 3-in. long hook (i.e., a total length of 12 inches), are usually specified. To ensure sufficient moment restraint at the column base—thus ensuring safety during steel erection—the Occupational Safety and Health Administration (OSHA) requires that a minimum of four anchor rods be specified at each steel column base plate. The minimum moment to be resisted during the erection of a column, according to OSHA’s requirements, is an eccentric 300-lb. axial load (equivalent to the weight of an iron worker with tools) located 18 in. from the extreme outer face of the column in each orthogonal direction [12]. For a typical W12 column (i.e., d ≈ 12 inches), this means that the anchor rods have to be capable of resisting a minimum moment about each orthogonal axis of (0.3 kip)(18 in. + (½)(12 in.)) = 7.2 in.-kips. For a typical axially loaded W12 column with nominal 3⁄4-in.-diameter anchor bolts, the tension pullout capacity with 9-in. minimum embedment and 3-in. hook is approximately 5.7 kips (see Section 8-15). If the anchor rods were laid out on a minimum 3-in. × 3-in. grid, the moment capacity of the four nominal anchor rods is (2 rods)(5.7 kips)(3 in.) = 34.2 in.-kips, which is much greater than the applied moment of 7.2 in.-kips per OSHA requirements.


[image: image]

FIGURE 8-36Column base plate detail with inaccessible anchor bolt



For columns that are adjacent to intersecting foundation or basement walls, a special anchor rod layout may be required to provide accessibility to all of the anchor rods because of the presence of a wall, or a construction sequence must be specified that ensures that the column and the anchor rods are in place before the concrete wall is poured [15]. Figure 8-36 shows some details with inaccessible anchor rods that should be avoided in practice [11].

The accurate layout of the anchor rods before the concrete piers or footings are poured is of paramount importance. The plan location of the anchor rods should match the location of the anchor rod holes in the column base plates and must project a sufficient distance above the top of the pier (or footing) to accommodate the nut and the washer. The tolerances for the placement of anchor rods are specified in Section 7.5.1 of the AISC Code of Standard Practice for Steel Buildings and Bridges [3], and the following horizontal tolerances or variation in plan from the specified anchor rod location are allowed: ¼ in. tolerance for ¾ in. and 7/8 in. diameter anchor rods; 3/8 in. tolerance for 1 in., 1¼ in. and 1½ in. diameter anchor rods; and ½ in. tolerance for 1¾, 2 in., and 2½ in. diameter anchor rods. The maximum vertical tolerance variation between the as-built location of the top of the anchor rod and the specified location is ±½ inch.

When the projection of an anchor rod above the top of a concrete pier is insufficient to accommodate the grout, base plate, nut and washer because of a misplacement of the anchor rod or because of faulty design, one possible remedial measure is to extend the anchor rod by groove-welding a threaded anchor rod (of similar material) to the existing anchor rod and providing filler plates at the weld location as shown in Figure 8-37. The filler plates should be tack welded to each other and the washer plate should be tack welded to the filler plates. In some situations where the plan locations of anchor rods have been laid out incorrectly, the use of drilled-in epoxy anchors may be the only effective remedy, but care must be taken to follow the epoxy anchor manufacturer’s recommendations and design criteria with regard to edge distances and minimum spacing, especially for column base plates that have to resist moments or uplift forces. Smaller anchor spacings and edge distances would lead to a reduction in the pullout capacity of the epoxy anchors. Due to the larger tolerances required for the placement of anchor rods in base plates, the holes in the base plate are typically drilled larger than oversized holes (see Table 9-2), thus steel washers made of ASTM A36 steel are usually provided for the nuts above the base plate; the washers are located between the underside of the nuts and the top of the base plates. Similarly, steel washers are also provided between the top of the leveling nuts and the underside of the base plates [3].


[image: image]

FIGURE 8-37Repair of misplaced anchor bolts



Some contractors might want to wet-install the anchor rods immediately after the concrete is poured instead of having the anchor rods tied in place together with the pier or footing reinforcement before the pier or footings are poured, but wet-placing of anchor rods should not be allowed because the necessary bond between the concrete and the anchor rods cannot be assured (see Section 7.5 of Ref. [13]). The anchor rods must be set and tied in place within the formwork for the concrete pier or footing before the concrete is poured.

Anchor rods that are inadvertently bent from their vertical alignment due to construction operations or other causes should not be cold-bent back into shape, but rather they should be heat-straightened by heating up the rod to up to 1200°F. The exception to heat straightening repair are ASTM A36 anchor rods of 1 in. or smaller in diameter that are inadvertently bent to an angle not exceeding 45 degrees from the vertical; these rods can be cold-bent back into a vertical alignment [12].



8-17UPLIFT FORCE AT COLUMN BASE PLATES


In this section, we will consider the effects of uplift forces on anchor rods.

For the three-story braced frame shown in Figure 8-38, the unfactored overturning moment at the base of the building is

[image: image]    (8-26)


[image: image]

FIGURE 8-38Typical braced frame



Where,

F2, F3, and Fr are the unfactored wind or seismic lateral loads on the braced frame,

hr, h3, and h2 are heights of the roof, third-, and second-floor levels above the ground floor.

Considering only the lateral loads and neglecting the gravity loads for now and summing up the moments about point B on the braced frame gives

[image: image] T(b) = 0

∴ Unfactored uplift force, T = OM/b.

Vertical equilibrium yields the unfactored compression force, C = OM/b,

where


	T =	Tension force at the base of the column due to lateral loads (negative),

	C =	Compression force at the base of the column due to lateral loads (positive), and

	b =	Distance between the braced frame columns.



Assuming that the unfactored cumulative dead load on column AC is PD and using the load combinations from Section 2-3,

[image: image]    (8-27a)

         [image: image]    (8-27b)

Note that in equation (8-27), the tension force, T, is assumed to take on a negative sign since the dead load, which counteracts the upward tension force acts downward, and is taken as positive.


	If equation (8-27) yields a net positive value, then no uplift actually exists in the column and, therefore, only nominal anchor rods are required (i.e., four 3⁄4-in.-diameter anchor rods with 9-in. minimum embedment plus 3-in. hook).

	If equation (8-27) yields a net negative value, then a net uplift force exists in the column, base plate, and anchor rods. Therefore, the column, column base plate, anchor rods, concrete pier, and footing have to be designed for this net uplift force. Headed anchor rods with adequate embedment into the concrete pier or footing are normally used to resist uplift forces.



The base plate will be subjected to upward bending due to the uplift force that results in a shape of the base plate resembling an upside-down bowl; the plate thickness must be checked for this upward bending moment as shown in Figure 8-39. The bearing elevation of the column footing should also be embedded deep enough into the ground so as to provide adequate dead weight of soil to resist the net uplift force; or in the case of foundations bearing on rock, the footing or drilled pile or caisson should be anchored to the rock bed with high-strength corrosion-protected anchor rods to resist the uplift.

Two cases of uplift will be considered:

Case 1: Net Uplift Force on Base Plates with Anchor Rods Outside the Column Footprint

For anchor rods located outside of the column footprint (see Figure 8-39a), the plate thickness is determined assuming that the base plate cantilevers from the face of the column due to the concentrated tension forces at the anchor rod locations. The applied moment per unit width in the base plate due to the uplift force is

[image: image]    (8-28)


[image: image]

FIGURE 8-39Bending in base plates due to uplift force



Where,


	x =	Distance from the centroid of the anchor rod to the nearest face of the steel column,

	Tu =	Total factored net uplift force on the column from the LRFD load combinations, and

	B =	Width of base plate (usually parallel to the column flange)



The nominal bending strength of the plate bending about its weak axis is

[image: image]    (8-29)

The design bending strength for LRFD and the allowable bending strength for ASD are given, respectively, as

[image: image]    (8-30a)

[image: image]    (8-30b)

Where,

bp = 1 in.

Equating the design bending strength to the applied factored moment (i.e., ϕbMn = Mu) for LRFD, and equating the allowable moment to the applied unfactored moment (Mallowable = Ms) for ASD gives the required base plate thickness for LRFD and ASD, respectively, as

[image: image]    (8-31a)

[image: image]    (8-31b)


	Ts =	Total unfactored net uplift force on the column from the ASD load combinations

	ϕb =	0.9

	Ωb =	1.67



Case 2: Net uplift force on base plates with anchor rods within the column footprint

For anchor rods located within the column footprint as shown in Figure 8-39b, the plate thickness is determined assuming that the base plate cantilevers from the face of the column web due to the concentrated tension forces at the anchor rod locations. If the distance from the centroid of the anchor rod to the face of the column web is designated as y, the effective width of the base plate for each anchor rod is assumed to be the length of the plate at and parallel to the column web and bounded by lines radiating at a 45° angle from the center of the anchor rod hole toward the column web (see Figure 8-39b). This assumption yields an effective width of 2y for each anchor rod at the face of the column web. Therefore, the applied moment per unit width in the base plate due to the uplift force is

[image: image]    (8-32)

where


	y =	Distance from the centroid of the anchor rod to the web of the wide flange column,

	Tu =	Total factored net uplift force on the column, and

	n =	Total number of anchor rods in tension.



Equation 8-32 assumes that the anchor bolts are spaced far enough apart that the influence lines that define the effective plate width for each anchor bolt do not overlap those of the adjacent anchor rod. The design bending strength (LRFD) of the base plate bending about its weak axis is

[image: image]    (8-33)

Where,

bp = 1 in.

Equating the bending strength to the applied moment (i.e., ϕbMn = Mu) gives the required base plate thickness (for LRFD) as

[image: image]    (8-34a)

Similarly, for ASD, equating the allowable moment, [image: image], to the applied unfactored moment caused by the net uplift, Ts, gives the required base plate thickness (for ASD) as

[image: image]    (8-34b)



8-18TENSION CAPACITY OF ANCHOR RODS EMBEDDED IN CONCRETE


The failure of anchor rods embedded in plain concrete can occur either by the tensile rupture failure of the anchor rod or by the pullout of the anchor rod from the concrete. The uplift capacity of the anchor rod is the smaller of the tension capacity of the anchor rod and the concrete pullout capacity. The calculation of the tension capacity of steel threaded rods in tension was discussed in Chapter 4. The tension capacity of the anchor rod in tensile rupture is given as

[image: image]    (8-35)

Where,


	Ab =	Gross area of the anchor rod = πdb2/4,

	Fu =	Ultimate tensile strength of the anchor rod (58 ksi for grade 36 steel), and

	ϕ =	0.75



From equation (17.4.3.5) in Chapter 17 of ACI 318 [13], the pullout strength in tension of a hooked anchor rod embedded in plain concrete is

[image: image]    (8-36)

where


	ϕ =	0.7 assuming no supplemental reinforcement is provided, i.e., Condition B (see ACI 318 Section 17.3.3),

	[image: image] =	1.4 if concrete is not cracked at service loads (1.0 for all other cases); see ACI 318 Section 17.4.3.6,

	eh =	Hook extension, where [image: image]

	da =	Diameter of anchor rod

	f′c =	Concrete compressive strength at 28 days in psi.



For a nominal 3⁄4-in.-diameter anchor bolt with 9-in. minimum embedment and 3-in. hook into a concrete footing or pier (ASTM F1554, grade 36 steel) in 4000-psi concrete, the uplift capacity is the smaller of

[image: image] = 14.4 kips

From ACI 318, Section 17.4.3.5 [13], the pullout strength in tension of a single hooked anchor rod is

[image: image] = 5.7 kips (the smaller value controls)

Where,

da = db = anchor rod diameter = ¾ in.

[image: image] = 1.0 assuming the concrete will be cracked at service loads (1.4 otherwise) [image: image]

In Section 8-14, this anchor rod pullout capacity was used to determine the overturning moment capacity of a column base plate and was found to meet the OSHA steel column erection requirements.

To calculate the pullout and breakout strengths of a single or a group of headed or nutted anchor rods in plain concrete, the reader should refer to Chapter 17 of ACI 318 [13]. It should be emphasized that hooked anchor rods are not recommended for resisting uplift loads or for column base plates subjected to moments or lateral loads. The hooked anchor rods should be used only for leaning columns and to provide temporary stability for steel columns during erection. Only headed anchor rods or anchor rods with nuts should be used to resist uplift forces or moments at column bases. Alternatively, the tension forces can be transferred through bond from the anchor rods to the vertical reinforcement in the concrete pier, thus obviating the need to use Chapter 17 of ACI 318 [13]. For this tension force transfer mechanism through bond to be realized, the anchor rods have to be tension lap spliced with the vertical reinforcement in the concrete pier using a tension lap splice length of 1.3 times the tension development length of the vertical reinforcement in the pier; this required lap-splice length will determine the minimum height of the concrete pier and hence the bearing elevation of the concrete footing. For example, if a 4000 psi concrete pier is reinforced with No. 8 rebars (fy = 60,000 psi), the required tension splice length to transfer the tension force from the anchor rods into the steel reinforcement in the concrete will be approximately 37 inches; allowing for concrete cover, the requirement minimum height of the concrete pier would be approximately 42 inches or 3 ft. 6 in [16]. For anchor rods that are lap spliced with pier reinforcement, the tension yielding capacity of the anchor rod [12] is

[image: image]    (8-37)

Where,


	ϕt =	0.9

	0.75Ab =	Tensile stress area of the threaded anchor rod (see Chapter 4),

	Ab =	Nominal or unthreaded area of the anchor rod, and

	Fy =	Yield strength of the anchor rod.



For the base plate and anchor rod examples in this chapter, it is assumed that the full tension capacity of the anchor rods will be developed either by proper tension lap splice with the pier reinforcement, or by proper embedment into the concrete footing or pier, with adequate edge distance and spacing between the anchors.

EXAMPLE 8-7

Uplift at the Base of Columns in Braced Frames (LRFD)

The three-story braced frame shown in Figure 8-40 is subjected to the service gravity loads and the design wind loads shown. Determine the maximum factored uplift tension force at the base of the ground-floor column.

Design Wind Load:

[image: image]

[image: image]

[image: image]

Dead Load on Column:

[image: image]

[image: image]

[image: image]

Live Load on Column:

[image: image]

[image: image]

[image: image]


[image: image]

FIGURE 8-40Braced frame for Example 8-7



Solution

Using equation (8-26), the maximum factored overturning moment at the base of the column due to wind loads is,

OM = (18.2)(36 ft.) + (28.6)(24 ft.) + (37.8)(12 ft.) = 1795 ft.-kips

Recall from Section 2-3 that the maximum load factor for wind (and seismic) loads is 1.0.

Therefore, the factored uplift force due to the overturning moments from wind loads is

[image: image]

The cumulative unfactored dead load at the base of the column, PD = 10 + 20 + 20 = 50 kips

The factored net uplift caused by the tension force due to wind is calculated using equation (8-27a) as

[image: image]

The sign of the tension force in this load combination is negative because the tension force acts in an opposite direction to the downward-acting dead load, D.

Therefore, the column, base plate, anchor rods, pier, and footing will be subjected to this net uplift tension force of 11 kips and they must be designed to resist this force. The designer should also ensure that the concrete footing is embedded deep enough into the ground to engage sufficient dead load from its self-weight, plus the weight of the soil above it, to resist the net uplift force, if the weight of the soil is needed to counteract the uplift. Often, the spread footings for braced frame columns may need to be placed at lower elevations compared to other columns in order to engage enough weight of soil to provide adequate resistance to the net uplift.

If drilled shaft (i.e., caissons) or pile foundations are used, they must also be designed to resist the net factored uplift force in addition to the lateral shear force and the accompanying lateral moment in the drilled shafts. The point below grade at which fixity may be assumed for the pile or drilled shaft foundation (and where the lateral moment is calculated) is usually specified by the Geotechnical Engineer in the Geotechnical Report for the project.

Increased Compression Load on Braced-Frame Columns due to Overturning Moment

The maximum compression force on the braced-frame column due to overturning moments (see equation (8-26)) should also be calculated using the load combinations from Section 2-3. The column, base plate, pier, and footing also need to be designed for this increased compression load.



8-19RESISTING LATERAL SHEAR AT COLUMN BASE PLATES


The column bases in braced frames and moment frames are usually subjected to lateral shear at the column bases in addition to moments or uplift tension forces. This lateral shear can be resisted by one, or a combination, of the following lateral force transfer mechanisms (note that in practice, the lateral shear resistance from surface friction due to the bearing of the column base plate on the grout is typically neglected since this resistance will be limited in column base plates with large moments or net tensile uplift forces):


	Bearing of the steel column against the concrete floor slab (see Figure 8-41a)
In this force transfer mechanism, the lateral shear is transferred into the slab by the flanges or the web of the column bearing against the floor slab. The load that can be transferred by this mechanism is limited by the bending in the flange and web of the steel column due to the bearing stress. This appears to be the most commonly assumed lateral shear transfer mechanism in design practice, at least for low-rise buildings. Sometimes, horizontal steel channel struts with headed studs can be welded to the underside of the column base plate and extended for a sufficient length into the concrete slab to transfer the shear into the concrete slab, which, in turn, transfers the lateral shear into the footing through the vertical dowels (see Figure 8-41a).

	Bending of the anchor rods (see Figure 8-41a)
For this force transfer mechanism, the anchor bolts are assumed to bend in double curvature in resisting the lateral shear, with a point of inflection assumed to occur in the anchor rod at the mid-depth of the grout. In addition, the anchor bolt will also resist any tension force on the column base. This anchor rod shear transfer mechanism, which involves double curvature bending of the anchor rods, is only possible if the anchor rod can bear directly against the column base plates; however, if oversized anchor rod holes are used in the base plate (see Table 9-2), slippage of the base plate will occur until the anchor rod bears against the sides of the holes in the base plate. To avoid this slippage, the anchor rod washer and nut must be welded to the base plate to help transmit the shear from the base plate into the anchor rod through the nut and washer. This lateral shear transfer mechanism is not recommended by the authors because of the limited bending capacity of the anchor rods, and the distribution of the lateral shear among the anchor rods may not be uniform or equal.

	Shear lugs, shear stubs, or shear plates (see Figure 8-41b)
For this force transfer mechanism, a steel plate (or shear key) is welded to the bottom of the column base plate, which provides the bearing surface required to transfer the lateral shear from the base plate to the concrete. The shear lug plate is subject to bending about its weak axis (see Figure 8-41b). The shear lug could also be a stub wide flange section oriented so that it bends about its strong axis as it transfers the shear from the column base plate into the surrounding concrete. For the design of shear lugs to resist lateral shear, the reader should refer to the AISC Design Guide 1 [12].

[image: image]

FIGURE 8-41Details for resisting shear at column base plates





	Embedded plates (see Figure 8-41c)
For this force transfer mechanism, a horizontal plate is embedded into the concrete slab in front of the column parallel to the lateral force resisting system. A vertical gusset plate is welded to the top of the column base plate and to the top of the embedded horizontal plate; the gusset plate is used to transfer the lateral shear from the column base plate through the embedded plate into the concrete slab. An alternate detail might involve plates with headed studs embedded into the concrete on both sides of the column base plate; angles (with length parallel to the lateral shear) are field welded to the embedded plates and to the base plate (see Figure 8-41c).

	Hairpin bars or tie rods in slabs-on-grade for industrial buildings (see Figure 8-41d)
Hairpin bars are U-shaped steel reinforcements that are wrapped around the steel columns in light gage metal buildings to resist the lateral shear at the base of the column (see Figure 8-41d). The reinforcing is designed as a tension member to transfer the lateral shear in the base of the column into the concrete slab-on-grade. The reinforcing has to be developed for a sufficient length into the concrete slab-on-grade to transfer this shear force, and often the reinforcing will cross a control joint in the slab-on-grade. The reinforcing must be developed past this control joint.





8-20COLUMN BASE PLATES UNDER AXIAL LOAD AND MOMENT


The base of columns in moment frames are sometimes modeled as fixed supports requiring that the base plates be designed to resist moments. Other situations with fixed supports include the bases of flagpoles, light poles, handrails, and sign structures (see Figure 8-42). Two different cases will be considered: base plates with axial load plus a small moment, and base plates with axial load plus large moments. The authors recommend that the base of columns in moment frames be modeled and designed as pinned bases (i.e., without moment restraints) because of the difficulty of achieving a fully fixed support condition in practice; however, where moment restraint is absolutely needed, for example, because of the need to reduce the lateral drift of the building frame, the column base plates and the anchor bolts, as well as the concrete footing, must be designed to resist the base moments while also limiting the rotation of the footing. In this case, we recommend that the spread footing be sized to ensure that the resultant load lies within the middle third of the footing dimension to reduce undesirable rotations of the footing. Alternatively, the eccentric moment in the column can be resisted by strapping the column to an adjacent column footing using strap beams or grade beams. For a detailed design of eccentrically loaded or strap footings, the reader should refer to the author’s reinforced concrete text [16]. It is usually much easier to achieve a fixed column base with piles or drilled shafts (caissons) or mat foundations than with spread footings.

The two load cases that will be considered are as follows, and it is assumed that the LRFD method will be used here:


	axial load with a small moment, and

	axial load with a large moment.



Case 1: Axial Load Plus Small Moment with the Eccentricity of Loading, e = Mu/Pu ≤ N/6

In this case, the moment is small enough that no tension stresses develop below the base plate. The base plate is subjected to a trapezoidally varying bearing stress that ranges from a minimum compression stress at one edge of the base plate to a maximum value at the opposite edge, as shown in Figure 8-43.


[image: image]

FIGURE 8-42Examples of column base subjected to axial load plus bending moment




[image: image]

FIGURE 8-43Column base plate with axial load and moment: Small moment



The minimum and maximum compression stresses, respectively, are presented as follows. Note that the maximum stress must not exceed the maximum allowed bearing stress, and the minimum applied bearing stress should be no less than zero (i.e., no tension stresses developed); that is,

[image: image]    (8-38)

[image: image]    (8-39)

Where,

[image: image]    (8-40)


	Pu =	Applied factored axial compression load at the base of the column calculated using the LRFD load combinations (see Section 2-3)

	B =	Width of base plate,

	N =	Length of base plate,

	Mu =	Factored applied moment at the base of the column calculated using the LRFD load-combinations (see Section 2-3),

	f′c =	Concrete compressive strength at 28 days,

	Pp =	nominal bearing strength,

	ϕcb =	strength reduction factor for concrete bearing = 0.65



The procedure for the design of column base plates with small moments is as follows:


	Determine the factored axial load, Pu, and the factored moment, Mu, for the column base.

	Select a trial base plate width, B, and a base plate length, N, such that
[image: image]


	Determine the load eccentricity, e = Mu/Pu.
If e ≤ N/6 ⇒ Small moments. OK: This implies case 1; therefore, go to step 4.

If e > N/6 ⇒ Large moments. Use case 2 (i.e., large moments).


	Determine the plate cantilever lengths, m and n:
[image: image]


	Determine the minimum and maximum bearing pressures using equations (8-31) and (8-32).
If equations (8-38) and (8-39) are not satisfied, increase the base plate size until these equations are both satisfied.

	Determine the maximum moment in the plate at the face of the column flange (i.e., at a distance m from the edge of the plate).
The maximum bearing pressure at a distance m from the edge of the plate (see Figure 8-43) is

[image: image]    (8-41)

The applied maximum bending moment per unit width in the plate at a distance m from the edge of the plate is

[image: image]    (8-42)




The bending strength per unit width of the base plate is

[image: image]    (8-43)

Equating the design bending strength to the factored applied moment (i.e., ϕbMn = Mu) yields the required minimum base plate thickness for LRFD as

[image: image]    (8-44)

Where,


	Mu,m =	Maximum factored bending moment per unit width in the base plate, in.-kips/in. width

	bp =	Base plate unit width = 1 in.

	Fy =	Yield strength of the base plate.



Case 2: Axial Load Plus Large Moment with the Eccentricity of Loading, e = Mu/Pu > N/6

In this case, the moment at the base of the column is large enough that the base plate will lift off the grout bed on the tension side of the base plate, thus resulting in about half of the anchor rods in tension. Similar to the limit states design principles used in reinforced concrete design, the design of column base plates with large moments assumes the following:


	A uniform concrete stress distribution (i.e., a rectangular concrete stress block is assumed)

	The moment is large enough for the anchor rods in the tension zone to develop their full tension capacity. The ultimate strength of column base plates was found to be in good agreement with the analytical results when the anchor rod failure controlled the strength [17].



The maximum stress in the compression zone is assumed to be 0.85 f′c, acting over the full width, B, of the base plate and over a depth, a. The assumed stress distribution is shown in Figure 8-44. Assuming that the total area of the anchor rods in the tension zone is Ab, the vertical equilibrium of forces in Figure 8-44 requires that

[image: image]    (8-45)

Assuming that all anchor rods in the tension zone reach their tensile strength, then the ultimate tensile strength of the anchor rods is

[image: image]

If the tensile strength of the anchor rod, Tu, is limited by its pullout or breakout capacity in the concrete, then Tu will be equal to the smaller of the pullout or breakout capacity of the anchor group, and this value will have to be substituted into equation (8-45). For the case where all the anchor rods in the tension zone yield and the ultimate tensile strength is not limited by the concrete pullout or breakout capacity, the depth of the rectangular concrete stress block, a, can be obtained from equation (8-46).

[image: image]    (8-46)


[image: image]

FIGURE 8-44Column base plate with axial load and moment: Large moment



Where,


	ϕcb =	0.65 (ACI 318)

	ϕt =	0.75

	B =	Width of base plate,

	a =	Depth of the rectangular stress block,

	Pu =	Applied factored axial load on the column,

	Fu =	Ultimate tensile stress of the anchor rod, and

	Ab =	Total area of anchor bolts in the tension zone,

	h =	distance from the anchor rods in tension to the opposite plate edge.



Summing the moments of forces about the centroid of the anchor rods in the tension zone gives

[image: image]    (8-47)

Note that the above equations assume that the full anchor rod tensile strength can be developed within the concrete embedment provided. If the anchor rods do not fail in tension, the tensile strength of the rods will be limited by the pullout strength of the anchor rod (see Ref. [11]). Equations (8-45) through (8-47) contain four unknowns that will be determined using an iterative approach as follows:


	Determine the factored axial load, Pu, and the factored moment, Mu, for the column base, and calculate the load eccentricity, e = Mu/Pu.

	Select a trial base plate width, B, and a base plate length, N, such that
[image: image]

[image: image]

If e ≥ N/6 ⇒ Case 2 (i.e., large moments). Go to step 3.

If e ≤ N/6 ⇒ Case 1 (i.e., small moments). Stop and use the method for small moments.


	Assume an approximate value for the effective depth, h. Assume h = 0.9N.

	Assume a trial value for the area of the anchor rod in the tension zone, Ab.

	Solve equation (8-45) or equation (8-46) for the depth of the rectangular concrete stress block, a, and then solve equation (8-47) for the base plate length, N.

	Use the larger of the N values obtained from steps 2 and 5.

	The cantilever length of the base plate in the compression zone is the larger of
[image: image]

The maximum factored moment per unit width in the base plate is

[image: image]    (8-48a)

Where,

l = larger of (m and n).

The bending strength of the plate per unit width (for LRFD) is

[image: image]    (8-48b)

Equating the design bending strength to the factored applied moment (i.e., ϕbMn = Mu) yields the required minimum base plate thickness for LRFD due to compression stresses in the compression zone as

[image: image]    (8-48c)

Where,

bp = Base plate unit width = 1 in., and

d = Depth of the column.


	Check the bending of the base plate in the tension zone caused by the tension force in the anchor bolts. The plate is assumed to cantilever from the face of the column due to the tension in the anchor rods. The applied moment per unit width in the base plate due to the tension force in the anchor bolts is
[image: image]    (8-49)

where


	x =	Distance from the centroid of the anchor rod in tension to the nearest face of the column,

	Tu =	Total factored tension force in the anchor rods [image: image], and

	B =	Width of the base plate.



The bending strength of the plate bending about its weak axis (for LRFD) is

[image: image]    (8-50)

Where,

bp = 1 in.

Equating the bending strength to the applied moment (i.e., ϕbMn = Mu) yields the required minimum base plate thickness from the LRFD method as

[image: image]    (8-51)



	The larger of the base plate thicknesses from steps 7 and 8 governs.

	If the designer wishes to limit the base plate thickness and also prevent excessive deformation of the base plate, vertical stiffeners may be provided for the base plate in the two orthogonal directions that will prevent the plate from cantilevering the distance, m, indicated in step 7 and the distance, x, in step 8 (see Figure 8-45 and Figure 8-45b).



In this case, the stiffeners bending about their strong axis will resist the maximum factored plate moments calculated in steps 7 and 8. However, in design practice, the use of stiffeners at base plates should be avoided because of the increased cost associated with the increased labor involved in welding stiffener plates to the base plate and the likely interference of the stiffener plates with the anchor rods [10]. Base plates with stiffeners should only be used for columns resisting very large base moments (e.g., columns supporting a jib crane), where the base plate thickness required without stiffeners will be excessive. The stiffeners limit the length of the base plate cantilevering beyond the critical column area. The presence of stiffener plates may also complicate or render impossible any field corrections that have to be made to the anchor rods in case of misplacement of the anchor rods. For typical building columns, the authors recommend that sufficient base plate thickness be provided to obviate the need for stiffeners in base plates. However, stiffener plates on base plates may, on occasion, be required where remedial action is needed to repair or strengthen under-designed column base plates [18]. It should be noted that the capacity of a single isolated column foundation to resist moments due to lateral or eccentric loading is not only dependent on the column or the base plate, or anchor rod capacities, but it is also dependent on the interaction of the concrete foundation with the soil. The moment on an isolated column foundation will cause rotation of the column base and the footing, and this is undesirable. One approach that is used to limit the rotation of an isolated column foundation due to lateral load moments is to connect the foundation to an adjacent column foundation using a concrete grade beam or strap beam; the grade beam helps to resist and transfer the lateral moments to the soil without causing rotation at the two connected footings (see Ref. [16].



[image: image]

FIGURE 8-45Column base plate with stiffeners




[image: image]

Figure 8-45b Base plate with stiffeners (Photo by Abi Aghayere)



EXAMPLE 8-8

Design of Base Plate for an I-Shaped Column Subject to Axial Load Only (LRFD)

Design the base plate and select the minimum concrete pier size for a W12 × 58 column with a factored axial compression load of 300 kips. Assume a 1-in. grout thickness, concrete compressive strength of 4 ksi, and ASTM A36 steel for the steel plate.

Solution

From part 1 of the AISCM,

[image: image]


	Try a base plate 4 in. larger than the column in both directions (i.e., 2 in. larger all around the column) to allow room for the placement of the anchor bolts outside the column footprint.
[image: image]

[image: image]

[image: image]

Try a 14-in. by 18-in. base plate (see Figure 8-46).


	Select the minimum pier size:
[image: image]

[image: image]

[image: image] A2 = (16 in.)(20 in.) = 320 in.2

[image: image]





[image: image]

FIGURE 8-46 Column base plate for Example 8-8



The base plate extensions or overhang beyond the critical area will now be calculated (see Figure 8-33a)

[image: image]

[image: image]

From equation (8-21a), the required minimum base plate thickness (for LRFD) is given as

[image: image]

Use 1/8-in. increments for base plate thicknesses of less than 11/4 in. and 1/4-in. increments for others.

Check Bearing Capacity of Concrete Pier:

[image: image]

Use a 14-in. × 7/8-in. × 18-in. base plate

For this rectangular base plate, the orientation of the 14-in. and 18-in. dimensions would have to be indicated on the column schedule or on the foundation plan, and verification on site may be necessary to ensure accurate placement of the base plate. Where the bearing capacity of a pier, ϕcbPb, is less than the factored axial load, Pu, on a column, an increase in the bearing capacity can be achieved far more efficiently by increasing the pier size (i.e., area A2) than by increasing the base plate size (i.e., area A1).

EXAMPLE 8-9

HSS Column Base Plate Subject to Axial Load Only (LRFD)

Design the base plate for an HSS 12 × 12 × 5⁄16 column with a factored axial compression load of 450 kips. Assume a 2-in. grout thickness, a concrete compressive strength of 4 ksi for the pier, and ASTM A36 steel for the base plate. Determine the minimum pier size for this column.

Solution

From part 1 of the AISCM,

[image: image] 5⁄16, [image: image]


	Try a base plate 4 in. larger than the column in both directions (i.e., 2 in. larger all around the column) to allow room for the placement of the anchor bolts outside the column footprint.
[image: image]

[image: image]

[image: image]

Try a 16-in. × 16-in. base plate (see Figure 8-47).


	Select the minimum size of concrete pier
= (B + 2hg) × (N + 2hg)

[image: image]

[image: image]

[image: image]





[image: image]

FIGURE 8-47Column base plate for Example 8-9



The base plate extensions or overhang beyond the critical area will now be calculated as follows (see Figure 8-33b):

[image: image]

[image: image]

From equation (8-21a), the required minimum base plate thickness (for LRFD) is given as

[image: image]

(Use 1⁄8-in. increments for base plate thicknesses of less than 11⁄4 in. and 1⁄4-in. increments for others.)

Check Bearing Capacity of Concrete Pier:

[image: image]

Use a 16-in. × 1-in. × 16-in. base plate

EXAMPLE 8-10

Design of Column Base Plate with Axial Compression Load and Moment (LRFD)

The base plate of a W12 × 96 column is subjected to the following service or unfactored axial compression loads and moments. If the compressive strength of the concrete pier is 4000 psi, design the base plate and anchor rods for this column.

PD = 110 kips

PL = 150 kips

MD = 950 in.-kips

ML = 1600 in.-kips

Solution

The section properties for a W12 × 96 column are d = 12.7 in. and bf = 12.2 in. (AISCM, part 1).

For ASTM A36 anchor rods, the ultimate strength Fu = 58 ksi and the tensile strength Fy = 36 ksi.

Assume, at this stage, that the moment is large and that load case 2 will govern. This will have to be verified later. The LRFD method is used in this example; therefore the factored load and moment are calculated as follows (see Section 2-3):


	[image: image]
[image: image]

[image: image]


	Select a trial base plate width, B, and base plate length, N, such that
[image: image]

[image: image]

Check if e > N/6:
[image: image] Therefore, use load case 2 (i.e., large moments) in which case a rectangular concrete stress block is assumed and the anchor rods in the tension zone are assumed to develop their full tension capacity.


	Assume an approximate value for the effective depth, h. Assume that h = 0.9N
Assume that h = 0.9N = (0.9)(21 in.) = 18.9 in.

	Assume a trial value for the area of the anchor rod, Ab, in the tension zone.
Assume three 11⁄2-in.-diameter anchor rods with hex nuts in the tension zone; therefore, Ab = 5.3 in.2


	Solve equation (8-46) for the depth of the rectangular concrete stress block, a, and then solve equation (8-47) for the base plate length, N.
Solving equation (8-46) for the depth, a, of the rectangular concrete stress block gives

[image: image]

Therefore, a = 11.74 in. (see Figure 8-48)

Solving equation (8-47) for the length, N, of the base plate gives

[image: image]

[image: image]

Therefore, N = 20.2 in., say 21 in.


[image: image]

FIGURE 8-48Column base plate for Example 8-10




	Use the larger of the N values obtained from steps 2 and 5.
Using the larger of the values from steps 2 and 5 gives N ≈ 21 in.

The base plate trial size will be 21 in. × 21 in. (as depicted in Figure 8-48)


	The cantilever length of the base plate in the compression zone is the larger of
[image: image]

[image: image] (controls)

[image: image]

From equation (8-48a), the maximum factored moment per unit width in the base plate is

[image: image]

where

ℓ = Larger of (m, n, and n’).

The required minimum base plate thickness due to compression stresses in the compression zone from equation (8-48c) is

[image: image]

Where,

bp = Plate unit width = 1 in.

Check the bending of the base plate in the tension zone caused by the tension force, Tu, in the anchor bolts. The plate is assumed to cantilever from the face of the column due to the tension in the anchor bolts.

[image: image]

Assume that the edge distance of the tension zone bolts is 1.5 in. Therefore,


	x =	Distance from the centroid of the anchor bolts in tension to the nearest face of the column

	=	m − 1.5 in. = 4.47 in. − 1.5 in. = 2.97 in.



The applied moment per unit width in the base plate due to the tension force in the anchor bolts (see equation (8-49)) is

[image: image]

The required thickness of the base plate from equation (8-51) is

[image: image]


	The larger of the base plate thicknesses from step 7 controls, and in this example, the failure of the base plate in the compression zone controls the design. Recall that the minimum practical column base plate thickness is 1⁄2 in., with increments of 1⁄4 in. up to a 1-in. thickness, and increments of 1⁄8 in. for base plate thicknesses greater than 1 in.
Comparing steps 6 and 7, and using the larger plate thickness and rounding to the nearest 1⁄8 in. implies that

tp = 2-1⁄8 in.

Therefore, use 21-in. × 2-1⁄8 in. × 21-in. base plate with (six) 11⁄2-in. diameter threaded anchor rods with hex nuts.

Note: It has been assumed in this example that the anchor rods have sufficient embedment depth into the foundation or pier plus adequate edge distance and spacing between the anchors to ensure that the full tensile strength of the anchor rods can be developed in the concrete pier or footing. If that is not the case, the tensile force, Tu, in the tension zone anchor bolts will be limited by the concrete pullout and breaking strengths, and this reduced value would need to be used in step 5. Alternatively, the anchor rods could be tension lap-spliced with the vertical reinforcement in the pier to achieve the full tension capacity of the anchor rods, but this will increase the required minimum height of the concrete pier to ensure an adequate tension splice length for the anchor rod and the vertical steel reinforcement in the concrete pier.






8-21COLUMN SCHEDULE


In the design of building structures, there are usually many different column sizes and configurations. Some columns may extend to a different elevation or level compared to other columns and they also support varying axial loads. It is usually difficult to show on the structural plans all the different column configurations and sizes - even for small building projects. The goal is to group as many similar columns together as possible, and an efficient way of conveying all the pertinent column design information to the contractor is to present the information in a tabular format known as a column schedule. The column schedule (see Table 8-8) is an organized way of presenting the design information for all the columns in a building structure. Different columns in the building with identical loadings and heights are usually grouped together as shown in Table 8-8, and the column design information presented typically includes the following: column elevations, column sizes, cumulative factored axial loads at each level, the location of column splices, the elevation of the underside of the column base plates, anchor rod and base plate sizes. The lower section of the column schedule shows the base plate and anchor bolt sizes, and the distance from the floor datum to the underside of the column base plate which may vary from column to column.


TABLE 8-8 Column schedule

[image: image]



In typical low- to mid-rise buildings, the steel columns are usually spliced every two or four floors since the maximum steel column length that can be transported safely is approximately 60 ft., and the practical column heights that can be erected safely on the site with guy wire bracing before the beams and girders are erected is also limited. The two-story tier splice is the most commonly used splice arrangement. For high-rise buildings, it is not uncommon to splice columns every four floors to achieve greater economy (see Figure 8-49), though having such long column lengths between splices results in difficulty in stabilizing the columns and achieving plumbness, which makes it more difficult to make the connections at each floor level. The typical height to the column splice from the floor level is 2 ft. 6 in. for interior columns and 4 ft. 0 in. for exterior columns. The minimum 4 ft. height of splice at the exterior columns is an OSHA requirement that allows perimeter safety cables to be strung through holes in the column just below the splice locations at a minimum height of 3 ft.-6 in. above the floor level, thus serving as a fall protection measure. Additionally, the 4 ft. dimension is a good working height for the steel erector erecting the next column tier, and therefore, some engineers prefer to specify the 4 ft. splice height for both interior and exterior columns. Some engineers recommend locating the exterior column splice at 5 ft. height above the floor level to provide better tolerance for locating the perimeter safety cables [20]. It has been noted that one bearing splice connection is equivalent to approximately 500 lbs. of steel while a moment connected splice is equivalent to approximately 2000 lbs. of steel; therefore, the fewer the splices used, the lower the material and labor cost [20]. See Chapter 11 for further discussion of column splices.


[image: image]

FIGURE 8-49Column splice locations
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Exercises

8-1.Determine the adequacy of a 15-ft.-long W12 × 72 column in a braced frame to resist a factored axial load of 200 kips and factored moments of 100 ft.-kips and 65 ft.-kips about the x- and y-axes, respectively. The column is assumed to be pinned at both ends. Use ASTM A992, Grade 50 steel.

8-2.A 15-ft.-long W12 × 96 column is part of a moment frame with column bases that are pinned. The factored axial load on the column is 250 kips and the factored moment is 120 ft.-kips about the x-axis. The building is assumed to be braced in the orthogonal direction. Determine whether this column is adequate to resist the applied loads. Use ASTM A992, Grade 50 steel.

8-3.For the mezzanine floor plan shown in Figure 8-50, assume HSS 7 × 7 columns, and a floor to floor height of 15 ft. The floor dead load is 100 psf and the live load is 250 psf.

a.Calculate the factored axial loads and moments (for load case 1 and load case 2) for the exterior column C1.

b.Using the HSS beam–column design templates, design the most economical or lightest HSS 7 × 7 column size for column C1 that is adequate to resist the loads and moments. Assume ASTM A500 Grade C (Fy = 46) Steel


[image: image]

FIGURE 8-50Detail for Exercise 8-3



8-4.For the floor and roof framing plan shown in Example 8-5 (Figure 8-32a), analyze the North–South moment frames using the amplified first-order analysis method and design column B1, including the effect of the leaning columns.

8-5.A W8 × 40 welded tension member, 16 ft. long, is subjected to a factored axial tension load of 150 kips and factored moments about the strong and weak axes of 30 ft.-kips and 20 ft.-kips, respectively. Assuming ASTM A992, Grade 50 steel and that the member is braced only at the supports, determine whether the beam–column is adequate.

8-6.Design the base plate for an HSS 10 × 10 × [image: image] column with a factored axial compression load of 400 kips. Assume a 1-in. grout thickness, a concrete compressive strength of 4 ksi for the pier, and ASTM A36 steel for the base plate.

8-7.Design the base plate and select the concrete pier size for a W12 × 72 column with a factored axial compression load of 550 kips. Assume a 1-in. grout thickness, a concrete compressive strength of 4 ksi, and ASTM A36 steel for the base plate.

8-8. a.  Design the base plate for an HSS 8 × 8 column with a factored axial load, Pu, of 500 kips. Assume ASTM A36 steel for the base plate.

b.Select the most economical concrete pier size required. Assume a 1-in. non-shrink grout and a concrete 28-day strength, [image: image], of 3000 psi.

8-9.A 15-ft.-long HSS 6 × 6 × 1⁄2 hanger supports a factored axial tension load of 70 kips and factored moments, Mux = 40 ft.-kips and Muy = 20 ft.-kips. Assuming that the hanger is fully welded at the beam support above, check if the hanger is adequate. Use ASTM A500, Grade C (Fy = 46 ksi) steel.

8-10.Select the lightest 8-ft.-long W10 hanger to support a factored tension load of 90 kips applied with an eccentricity of 6 in. with respect to the strong (x–x) axis of the section and an eccentricity of 3 in. with respect to the weak (y–y) axis of the section. The member is fabricated from ASTM A36 steel, is fully welded at the connections, and is braced laterally at the supports.

8-11.For the three-story braced frame building shown in Figure 8-51, design column C2 for the axial loads and no-translation bending moments resulting from the beam-to-column and beam-to-girder reaction eccentricities. Use the W-shape column design template and present your results in a column schedule. Use the same roof and floor loads shown in Exercise 8-14. Assume that the column will be spliced at 4 ft. above the second-floor level. Use ASTM A992, Grade 50 steel.


[image: image]

FIGURE 8-51Framing plans for Exercise 8-11



8-12.Determine if the column C1 in the one-story building shown in Figure 8-52 is adequate for combined bending and compression loads. The steel is ASTM A992, Grade 50. Assume K = 1.0, Cm = 0.85, and B2 = 0. Consider only the loads shown and use the given eccentricities.


[image: image]

FIGURE 8-52Details for Exercise 8-12



8-13.Refer to the roof framing and details in Figure 8-53 for this exercise, and assume ASTM A992, Grade 50 steel.

a.Determine the applied axial load and unbalanced moments on the column.

b.Determine the moment and axial capacities, ϕMnx, ϕMny, and ϕPn for the column.

c.Determine if the column is adequate for the maximum axial load.

d.Determine if the column is adequate for the worst-case combined axial load and bending.

Use the following parameters:

K = 1.0 Fy = 50 ksi

Service loads: Dead = 30 psf, Snow = 75 psf


[image: image]

FIGURE 8-53Details for Exercise 8-13



8-14.Refer to the framing plans in Figure 8-54 for a two-story building and the parameters given below, and assume ASTM A992, Grade 50 steel. Analyze the ground floor columns (i.e. the lower level column segment between the ground and second floors) as follows:

K = 1.0  Fy = 50 ksi;  floor-to-floor height = 16'-0''

Part 1: C1: W8 × 40

Part 2: C2: W10 × 33

Service loads:

Roof Dead = 25 psf, Snow = 50 psf

Floor Dead = 85 psf, Floor Live = 80 psf

a.Determine the applied axial load and unbalanced moments on the column.

b.Determine the moment and axial capacities, ϕMnx, ϕMny and ϕPn for the column.

c.Determine if the column is adequate for the maximum axial load.

d.Determine if the column is adequate for the worst-case combined axial load and bending.


[image: image]

FIGURE 8-54Details for Exercise 8-14



8-15.Determine if the exterior W12 × 26 column (ASTM A992 Grade 50 steel) supporting gravity and wind loads is adequate for combined loading (see Figure 8-55). Use only the load combination 1.2D + 1.6W + 0.5S. The loads shown in Figure 8-54 are unfactored. Assume the gravity loads are concentric (no moments) and the bending moment is only due to wind load, which is transferred to the columns through the girts.


[image: image]

FIGURE 8-55Details for Exercise 8-15



8-16.Determine the following for the truss top chord loading in compression and bending (see Figure 8-56):

a.The maximum factored moment in member A-B.

b.The moment and axial capacities, ϕMnx and ϕPn for member A-B.

c.Determine if member A-B is adequate for the worst-case combined axial load and bending.

Use the following parameters:

K = 1.0  Fy = 50 ksi,  Cm = 0.85

Service loads are: Dead = 25 psf, Snow = 60 psf

Consider the load combination 1.2D + 1.6S only

Assume beam A-B (span, L = 16'-0'') is simply supported and is laterally braced only at midspan.

8-17.The top chord of a truss is subjected to a uniform factored load of 3.0 kips/ft. and an axial compression load of 200 kips. If the unbraced length between panel points is 15 ft., determine adequacy for combined loading. The top chord is a W10 × 45 (loaded in the strong axis in bending). Assume ASTM A992 Grade 50 steel. Use K = 1.0 and B2 = 0.

8-18.The bottom chord of a truss is subjected to a uniform factored load of 2.5 kips/ft. and an axial tension load of 150 kips. If the unbraced length between panel points is 20 ft., determine adequacy for combined loading. The bottom chord is a W12 × 35 (loaded in the strong axis in bending). Assume ASTM A992 Grade 50 steel.


[image: image]

FIGURE 8-56Details for Exercise 8-16



8-19.Determine the maximum axial load that can be applied to the column based on the strength of the base plates shown in Figure 8-57.


[image: image]

FIGURE 8-57Details for Exercise 8-19



8-20.Design a base plate to support an HSS 8 × 4 × [image: image]'' column to support a factored load of 195 kips. Use [image: image] = 2.5 ksi. Neglect the size of the foundation. Use ASTM A572, Grade 50 steel for the base plate.

8-21.Determine if the base plate shown in Figure 8-58 is adequate for the given factored loads. Check the bearing strength of the concrete pier assuming [image: image] = 4 ksi. The steel used for the base plate is ASTM A572, Grade 50 steel.


[image: image]

FIGURE 8-58Details for Exercise 8-21



8-22.Develop a spreadsheet to determine the adequacy of a column loaded in combined axial and bending loads. Submit results for Exercise 8-14, Part 1.

8-23.Develop a spreadsheet to determine the base plate thickness for a given load, Pu, and the plate dimensions, B and N. Include variables for the column dimensions, d and bf, and also the yield strength, Fy.
Submit the design for a W10 × 88 with factored axial load, Pu = 350 kips, base plate dimensions, B = 12'' and N = 16'', and assuming the yield strength of steel, Fy = 50 ksi.
Provide a generic detail with dimensions.

8-24.Design a typical roof truss to span 80 ft. over a concert hall in Philadelphia, PA. The trusses are spaced at 20 ft. on centers and support 12 inch thick precast concrete ceiling panels with plaster ceiling with a total weight of 150 psf, in addition to the roof snow load and the selfweight of the truss. Due to the long span of the truss, the deflection criteria for the truss are limited as follows:
Maximum deflection due to live load = 3/8 inch.
Maximum total dead plus live load deflection = L/600
The elevation of the typical roof truss showing the nominal sizes of the truss members is shown in Figure 8-59. Assume ASTM A992, Grade 50 steel.


[image: image]

FIGURE 8-59Roof truss elevation for Exercise 8-24



8-25.Figure 8-60 shows an existing W21×132 column with the axial load (as shown) that is to be transferred to a new tied 2-pinned arch consisting of a built-up box section similar to that used in Ref. [21]. The portion of the column below the arch is to be cut off after the tied arch is installed to create adequate plan space and headroom for new equipment. The plate tension tie will be installed and concealed in a slot to be cut in the existing slab-on-grade. Assume the arch is pinned at the supports A and B, and laterally supported by diagonal kickers at the crown, C, and the kickers are connected to the existing roof framing. Determine the following assuming ASTM A992 Grade 50 steel and the total load deflection is limited to 0.30 inch:


[image: image]

FIGURE 8-60Transfer box arch for Exercise 8-25



a.For the loads shown and the self-weight of the existing column, carry out a structural analysis of the 2-pinned arch using structural analysis software and determine the forces in the arch and the steel plate tension tie.

b.Determine the minimum thickness of the flanges and webs of the box-shaped arch to satisfy the flexural (see Chapter 6) and axial strength (see Chapter 8) requirements, and the deflection requirements.

c.Determine the minimum width and thickness of the steel plate tension tie.

d.Determine the size of the HSS diagonal kickers or lateral bracing assuming a 45 degree angle for the kickers. Hint: See Section 14-10 for the discussion of strength and stiffness requirements for column point bracing.

e.Using a bullet format, develop a specification or a set of instructions for the contractor for the installation of the arch and the transfer of the existing column load to the arch, and the cutting of the existing column.

8-26.With the aid of free body diagrams, briefly explain the two types of P-delta effects and their impact on the moments in beam columns subjected to axial compression loads. Briefly explain how the AISC Specification takes the P-delta effects into account in the design of beam-columns.




CHAPTER

 9

Bolted Connections

9-1INTRODUCTION


In the preceding chapters, we covered the analysis and design process for basic steel members, such as beams, columns, and tension members. In this chapter and in Chapters 10 and 11, we will cover the design of the connections of these members to each other and to other supporting members. In any structure, the individual components are only as strong as their connections. Consequently, designers will often specify that some connections (such as shear connections in beams) be designed for the full capacity of the connected member to avoid creating a “weak link” at the connection. A few bolted connections are shown in Figure 9-1. Bolts are usually lubricated by the manufacturer to enable field installation. See Research Council on Steel Connections (RCSC) Section 2 in the AISCM. The commonly used bolts sizes are ¾ in., 7/8 in., and 1 in. diameter bolts, and the two most common grades are A325 and A490 bolts. Due to the tension capacity limitations of available installation equipment, the maximum bolt diameter is typically limited to 1 in. It is recommended to use only one grade of bolt on a project or for each level to avoid the installation of the wrong grade of bolt. Note that A325N or A490N bolts indicate bolts that have threads in the shear plane, whereas A325X and A490X bolts indicate bolts where the connected member thicknesses are such that there are no bolt threads in the shear planes. [1].

In practice, there are three basic methods for designing and detailing bolted or welded connections in accordance with the AISC Code of Standard Practice [2].


	The first method for designing connections involves the engineer of record (EOR) providing connection details on the structural drawings that are complete with connection type, dimensions and component sizes sufficient for the steel fabricator to build the connection. The main advantage of this method is that the design is completely communicated to the steel fabricator. The disadvantage of this method is that the fabricator, whose input might result in a more economical connection, is left out of the connection design process. For example, some fabricators may prefer to use [image: image] " diameter bolts as a shop standard, whereas ¾" bolts might be specified by the EOR on a given project.

	In the second method for designing connections, the EOR provides schematic details to the steel fabricator and the fabricator selects the connection details, usually from the standardized tables in Chapter 10 of the AISC manual. In this method, the effort required by the EOR is minimized while allowing the steel fabricator greater flexibility in selecting the most economical connections. One disadvantage of this method is that unique details arise that are not covered in the standardized tables, which can create confusion on a project. It is also important to note that with this second method, the EOR has to provide specific loads and any other restrictions or parameters sufficient for the fabricator to properly select the connections and also the fabricator is not responsible for providing the engineering services for the connections with this method.

[image: image]

FIGURE 9-1Connections types using bolts





	In the third method for designing connections, the EOR delegates the connection design to the fabricator’s licensed professional engineer. The EOR provides the beam and girder end reactions and any dimensional parameters or other pertinent data and information (such as whether LRFD or the ASD method is used in the design, and whether the connection forces shown in the drawings are at the service or factored load level) to allow the fabricator’s engineer to design and detail the connection. In this scenario, which is called ‘delegated design,’ the fabricator is allowed the greatest flexibility in the design and detailing of the connection, but they have to provide calculations that are certified by a licensed professional engineer showing that the connection is adequate to support the specified loads. In some instances, an EOR might require that in addition to providing certified (signed and sealed) calculations, the shop drawings also be signed and sealed. The practice of certifying the shop drawings is discouraged since it creates confusion as to who is ultimately responsible for the design of the structure. In all three cases, it is important for the EOR to be clear as to what is required at the connections. If the connections are designed by the EOR, then sufficient details and all pertinent information must be provided on the structural drawings to minimize the number of questions or request for information (RFIs) queries during construction. If the connection designs are delegated to the fabricator, then the loading and any other critical information needs to be properly conveyed to the fabricator. In practice, options 1 and 3 are more common in the United States and Canada, but the delegation of connection design (i.e., option 3) is more prevalent in the Eastern United States. In any case, the EOR will review the connection details and calculations to ensure that they conform to the original design intent for the structure.



Bolted connections are the most common and most economical connections used in steel structures. Riveted connections were used prior to the advent of bolted and welded connections in the 1950s. The use of riveted connections in structural steel has essentially become obsolete. Rivets required more skilled laborers for installation, as well as more inspection. They were also somewhat more dangerous to install because the rivets had to be heated and installed at a very high temperature (about 1000°F). While high-strength bolts have a greater material cost, they are installed with a greater degree of safety and with less labor.

There are two basic types of bolts—unfinished bolts (also called machine, common, or ordinary bolts) and high-strength bolts. Unfinished bolts conform to ASTM A307 and are generally used in secondary structures, such as handrails, light stairs, service platforms, and other similar structures that are not subject to cyclical loads. Unfinished bolts have a lower load-carrying capacity than high-strength bolts; therefore, their use should be limited to secondary structures that typically have lighter loads. High-strength bolts are the most common type of bolts used in steel structures and they possess more than twice as much tensile strength as unfinished bolts. High-strength bolts conform to ASTM F3125. This specification covers the following grades of bolts:


	Group A (Fu = 120 ksi): Grades A325, F1852, A354 Grade BC

	Group B (Fu = 150 ksi): Grades A490, F2280, A354 BD

	Group C (Fu = 200 ksi): Grade F3043 and F3111



These are the most commonly specified bolt materials and they can be used in bearing connections, as well as in slip-critical connections (connections where slip does not occur; see Section 9-4). Some bolts are referred to as twist-off, tension-controlled bolts, and these bolts should meet the requirements of ASTM F3125 Grades F1852 or F2280. These bolts are fabricated with a splined end and installed with a special wrench such that the splined end breaks off once the required torque is obtained. The inspection of these bolts is simplified in that only visual inspection is required. Bolts that conform to ASTM F3125 Grade F1852 are equivalent to ASTM F3125 Grade A325, and bolts that conform to ASTM F3125 Grade F2280 are equivalent to ASTM F3125 Grade A490 for strength and design purposes.



9-2BOLT INSTALLATION


There are three basic types of bolted joints or connections addressed in the AISC Specifications and by the Research Council on Structural Connections (RCSC), and these are: snug tight, pretensioned, and slip-critical bolted connections. The majority of joints are snug tight connections. The difference between these bolted joints is essentially in the amount of clamping force that is present when tightening the bolts and the degree to which the connected parts can move relative to each other while in service. The contact area between the connected parts is called the faying surface. In any project, the engineer must specify the joint type and the faying surface that are to be used for any given connection.

A snug-tight condition occurs when the bolts are in direct bearing and the plies of a connection (i.e., the members being connected) are in firm contact, and the bolts are in direct bearing against the connected members in resisting the applied load, and they have been tightened enough so that they cannot be removed without the use of a wrench. This can be accomplished by a few impacts of an impact wrench, or by the application of an electric torque wrench until the wrench begins to slow or the full effort of a worker using a spud wrench, which is an open-ended wrench approximately 16 in. long. The opposite end of the wrench is tapered to a point, which an ironworker uses to align the holes of the connected parts. A snug-tight joint can be specified for most simple shear connections, as well as tension-only connections. Snug-tight joints have faying surfaces that can either be uncoated, painted, or galvanized but must be free of dirt. They are not permitted to be used for connections supporting dynamic loads, nor are they permitted to be used with A490 bolts loaded in tension. Snug-tight connections are used for simple shear connections (i.e., bearing-type connections), tension-only connections, connections with combined tension and shear using Group A bolts only, and connections where loosening of the nut or where fatigue due to vibration or cyclic loading does not occur (see AISC Specification, Section J3.1). Snug-tight bolts are typically used in most building structures unless otherwise noted on structural drawings or the contract documents.

A pretensioned joint has a greater amount of clamping force than the snug-tight condition and therefore provides a greater degree of slip-resistance in the joint. Pretensioned joints are used for joints that are subject to cyclic loads or fatigue loads. They are also required for joints with A490 bolts in tension. Some specific examples where pretensioned bolted connections should be specified are as follows (see Section J1.10 of the AISC Specifications and RCSC Section 4.2):


	Column splices in buildings with high height-to-width ratios,

	Connections for lateral bracings in tall buildings

	Connections within the load path of the lateral force resisting system, and

	Connections for members supporting impact or cyclical loads, or members with load stress reversals or subject to fatigue loads such as crane girders, bridge girders.



It is important to note that the design strength of a pretensioned joint is similar to that of a snug-tight joint. Pretensioned joints do not require prepared faying surfaces able to resist slippage. In a pretensioned joint, slip is prevented until the friction force provided by the clamping force is exceeded. Once the friction force is exceeded because the pretension or clamping force has essentially become zero (i.e., equivalent to a snug-tight condition), the bolts slip into direct bearing. For both snug-tight and pretensioned bolts, the faying surface is permitted to be uncoated, painted, or galvanized, but must be free of dirt and other foreign material.

When pretensioned bolts are installed, they must be tightened such that a minimum clamping force is achieved between the connected parts. The AISC specification stipulates that the minimum required clamping force should be at least 70% of the nominal tensile strength, Rn, of the fastener (i.e., 0.70FuAb). Table 9-1 indicates the minimum required tension clamping force for various bolt types. In order to achieve this minimum tensile force in pretensioned and slip-critical bolted connections, the bolts must be installed by one of the following methods:


	Turn of the Nut: When a nut is advanced along the length of a bolt, each turn corresponds to a certain amount of tensile force in the bolt. Therefore, there is a known relationship between the number of turns and the amount of tension in the bolt. The starting point (i.e., a point where the tensile force in the bolt is just above zero) is defined as the snug-tight condition. In Table 8-2 of the Research Council on Structural Connections (RCSC) Specifications [2], the required number of turns as a fraction of a full rotation is given as a function of the bolt length-to-diameter ratio.

TABLE 9-1 Minimum Bolt Pretension (pretensioned and slip-critical joints)

[image: image]



Source: Adapted from Table J3.1 of the AISCM [2]. Copyright American Institute of Steel Construction. Reprinted with permission. All rights reserved.

* From equation J3-1, Rn = Fnt Ab.
Fnt = 90 ksi (A325 bolt)
Fnt = 113 ksi (A490 bolt)
Fnt = 150 ksi (F3043 bolt)
Ab = Nominal unthreaded body area of bolt


	Calibrated Wrench Tightening: In this method, calibrated wrenches are used so that a minimum torque is obtained, which corresponds to a specific tensile force in the bolt. On any given project, the calibration has to be done daily for each size and grade of bolt.

	Twist-off-type Tension-control Bolts: As discussed in Section 9.1, these bolts conform to ASTM F3125 Grade F1852 (equivalent to ASTM F3125 Grade A325 for strength and design) and ASTM F3125 Grade F2280 (equivalent to ASTM F3125 Grade A490). These bolts have a splined end that breaks off when the bolt is tightened with a special wrench (see Figure 9-1).

	Direct Tension Indicator (DTI): These are compressible washers that conform to ASTM F959 and they have ribbed protrusions on the bearing surface that compress in a controlled manner such that the compression is proportional to the tension in the bolt (see Figure 9-2). The deformation in the ribs is measured to determine whether the proper tension has been achieved.



One unique condition pertaining to the installation of bolted connections occurs when the connection slips into a bearing condition when the building is in service. When this happens, occupants might hear what sounds like a gunshot, which may be alarming, as the bolt suddenly bangs against the sides of the bolt hole. However, this event - which is known as “banging bolts” - is not indicative of a structural failure, but to prevent it from happening, the bolts should be snug-tight or, if possible, the steel erector should not tighten the bolts until the drift pins have been released and the bolts are allowed to slip into bearing before tightening (see Section 9-4 for further discussion on bolt bearing).


[image: image]

FIGURE 9-2Bolts types based on tightening



The third type of bolted joint is the slip-critical connection. This type of connection is similar to a pretensioned joint except for the preparation required for the faying surface that ensures a calculable or known amount of slip resistance, and failure occurs when the connected members slip relative to each other when the friction force or slip resistance in the faying surface(s) is overcome by the applied load. As with pretensioned joints, slip-critical joints are used for joints subjected to cyclic loads or fatigue loads. They should also be used in connections that have slotted holes parallel to the direction of the load or in shear connections that use a combination of welds and bolts along the same or common faying surface (see RCSC, Section 4.3). Slip-critical connections are used where slippage of the faying surface would negatively impact the structural performance such as the connection of a cantilevered sloped roof beam or rafter to the top of a column cap plate, or where slippage of the faying surfaces at bolted connections would amplify the vertical deflection of long-span cantilevered stadium roof canopy plate girders or the lateral deflections of braced frames or moment frames in tall buildings.

The amount of pretension or clamping force for a slip-critical bolt is the same as that for pretensioned joints (see Table 9-1). The design strength of a slip-critical joint is generally smaller than that of a similar bearing-type connection since the friction resistance is usually lower than the strength for any other bolted connection failure mode such as direct shear or bearing.

The main difference between pretensioned and slip-critical bolted joints is the type of faying surface between the connected parts. The faying or slip surfaces for pretensioned bolted joints or snug-tight connections do not require special preparation, but they have to be free of dirt. They can be uncoated, painted or galvanized. On the other hand, for slip-critical bolted connections, two types of faying surfaces (with different surface preparations) are identified in Section J3.8 of the AISC Specifications: Class A and Class B. Each type has a specific surface preparation and coating requirement that corresponds to a minimum coefficient of friction on the faying or slip surface. A Class “A” faying surface has either unpainted clean mill-scale surfaces, or surfaces with Class “A” coatings on blast-cleaned steel or hot-dipped galvanized and roughened surfaces. The Class “A” coating has a minimum mean slip coefficient, µ = 0.30.

A Class B faying surface has either unpainted blast-cleaned steel surface or a surface with Class B coating on blast-cleaned steel. The minimum mean slip coefficient for a Class B surface is µ = 0.50. The mean slip coefficient for any faying surface can also be established by testing for special coatings and steel surface conditions.

Another key parameter in the design of slip-critical connections is the probability of slippage occurring at service loads or at factored loads. In some structural details, slippage between faying surfaces could lead to serviceability problems, but not necessarily problems at the ultimate strength level. In essence, there could be slippage between the faying surfaces, which does not cause the bolt to be engaged in bearing or cause yielding or fracture in the connected parts. In other cases, slippage between the faying surfaces could cause problems at the ultimate strength level (e.g., a bolted splice in a long-span roof truss where slippage in the bolted splice connection would cause additional truss deflection and increase the potential for undesirable ponding from rain loads).

The AISC specification recognizes the need for greater reliability in the prevention of slip for strength-sensitive connections; thus, the capacity of slip-critical connections has a reduction factor of 0.85 applied to the design strength (see ϕ in equation (9-8)), and when slip is a serviceability limit state, then the strength reduction factor, ϕ = 1.0 (see equation (9-8)).



9-3HOLE TYPES AND SPACING REQUIREMENTS


The four basic types of bolt holes recognized in the AISC specification are: standard, oversized, short-slotted, and long-slotted holes. Table J3.3 in the AISCM [2] lists the actual hole sizes for each bolt diameter and hole type. Each hole type offers varying degrees of flexibility and tolerance in the construction of the connections. Standard holes are the most common and are generally used for bolts in direct bearing. Oversized holes are permitted only for slip-critical connections and they are used where a larger tolerance for erection is needed. Short-slotted and long-slotted holes independent of the load direction relative to the direction of the slot are permitted for slip-critical connections, and long-slotted and short-slotted holes with the slot direction perpendicular to the load direction are permitted for bearing connections (see AISCM Section J3.2). Long slotted or oversized holes are typically used to ensure adequate tolerances and proper fit-ups in the field, and slip-critical connections are preferred with these types of holes. Figure 9-3 shows the dimensions for each bolt hole type (adapted from the AISCM, Table J3.3). The AISCM Section J3.2 or RCSC Section 3.3.1 [2] indicates that when calculating the net area for shear and tension, an additional [image: image] in. ( [image: image] in. for db ≥ 1 in.) should be added to the hole size to account for the roughened or damaged edges that result from the punching or drilling process. For standard holes, the AISC Specifications uses hole diameters of [image: image] for bolt diameters less than 1 in. A standard hole diameter of [image: image] is specified for bolt diameters 1 in. and larger (see AISC Specification Section J3.3 or Figure 9-3). For standard holes, the hole size or diameter used for strength calculations in this text is [image: image] in., where [image: image] is the bolt diameter.

For column base plates, it has been recognized that the embedment of anchor rods into a concrete foundation generally does not occur within desirable tolerances and thus has led to numerous errors in the alignment of the columns, base plates, and the anchor rods. One way to mitigate this problem is to provide larger hole sizes in the column base plates to allow for misaligned anchor rods. Table 9-2 shows the recommended maximum hole sizes in column base plates.


[image: image]

FIGURE 9-3Bolt Hole Types




TABLE 9-2 Recommended Maximum Hole Sizes in Column Base Plates

[image: image]



Source: Adapted from Table 14-2, AISC Manual of Steel Construction, 15th ed. Copyright American Institute of Steel Construction. Reprinted with permission. All rights reserved.

To allow for standard fabrication procedures, as well as workmanship tolerances, the AISCM, Section J3.3 recommends that the minimum spacing between adjacent bolts be at least 3d, with an absolute minimum spacing of 22/3d, where d is the bolt nominal diameter. The minimum clear distance between bolt holes or slots is d. The minimum distance in any direction from the center of a standard hole to an edge is given in the AISCM, Table J3.4. In general, the minimum edge distance is approximately 1.25d to 1.5d for bolts near a sheared edge (see Figure 9-4). One exception is that the workable gages in angle legs (AISCM, Table 1-7) may be used for single and double angles.


[image: image]

FIGURE 9-4 Edge and spacing requirement for bolts





9-4FAILURE MODES AND STRENGTH OF BOLTS


The failure modes of bolted connections (see Figure 9-5), include:


	Shear failure of the bolts

	Tension failure of the bolts

	Bearing failure of the connected elements (i.e., the main material and the connection material) that the bolts bear against. In this failure mode, the bolt deforms the edge of the material that it bears against. If the deformation at the bolt hole is a design consideration (i.e., the deformation is limited), the strength of the bolt in bearing is smaller compared to when the deformation at a bolt hole is not limited and therefore not a design consideration.

[image: image]

FIGURE 9-5Bolt failure modes




	Tearout failure of the connected elements (i.e., the main material and the connection material) due to block shear rupture of the connected parts that the bolts bear against. This is block shear failure of the material in front of the bolt against which the bolt bears in the direction of the applied load [3]. In this case, due to excessive bearing, the bolt tears through the material leaving an elongated slot in the connected material. Tearout can occur at an edge of the connected part or between adjacent bolt holes but this later failure mode rarely occurs. Tearout at an edge will generally not occur if the thickness of the connected part is greater than or equal to the bolt diameter, since direct shear of the bolts is more likely to occur [3].



In this section, we will consider the strength of the fasteners, as well as the strength of the connected sections. Most basic shear connections are fastened in such a way that the bolts bear directly on the connected parts. For this to happen, there must be some nominal amount of displacement or slip to allow the bolts to bear directly on the connected parts. A slip-critical connection is a bolted connection where any amount of displacement is not desirable, and therefore the bolts must be pretensioned to the loads indicated in Table 9-1. For bearing connections, the bolts can be loaded either in single shear or double shear (see Figure 9-6). A lapped connection with two members has one shear plane, and therefore the bolt is loaded in single shear. A three-member connection consists of two shear planes; therefore, the bolts are loaded in double shear. The additional shear plane reduces the amount of load to the bolts in each shear plane as shown in Figure 9-6.

The design shear and tension strengths of a snug-tight or pretensioned bolt are calculated as follows:

[image: image]   for LRFD   (9-1a)


[image: image]

FIGURE 9-6Bolts loaded in single and double shear



[image: image]   for ASD   (9-1b)

Where,


	ϕ	= 0.75

	Ω	= 2.0

	Rn	= Nominal shear strength or nominal tension strength of the bolt, kips

	Fn	= Nominal shear stress (Fnv) or nominal tension stress (Fnt), ksi (see Table 9-3)

	Ab	= Nominal unthreaded body area of bolt, in.2



AISCM Table 2-6 lists the applicable ASTM specifications, the ultimate tensile strengths and diameter range for different types of structural fasteners. From the AISCM, Table 2-6, the ultimate tensile strength, Fu, is 60 ksi for A307 grade A bolts; 120 ksi for A325 bolts (0.5 in. to 1.5 in. diameter) and F1852 bolts (0.5 in. to 1.25 in. in diameter); 150 ksi for A490 bolts (0.5 in. to 1.5 in. in diameter) and F2280 bolts (0.5 in. to 1.25 in. in diameter). For ASTM F3043 and ASTM F3111, Fu is 200 ksi for bolt sizes between 1 in. and 1.25 in. in diameter.

The nominal tensile strength, Fnt, is taken as 0.75Fu for all cases. A bolt in tension fails at the threaded section and since the nominal bolt diameter is used in the calculations, the “0.75” factor accounts for the reduction in cross-sectional area at the threaded section. Thus, the factor “0.75” is the ratio of the cross-sectional area of the threaded section of a ¾ in. diameter bolt to the gross unthreaded cross-sectional area of the bolt. Though the factor will be larger for larger bolt diameters, the Code conservatively uses the lowest reduction factor of “0.75” since ¾ in. diameter bolts are the smallest bolt diameter used in structural steel construction [1].

The nominal shear strength, Fnv, is a function of whether or not the bolt threads are in the shear plane. When the threads are excluded from the shear plane, the nominal shear strength is taken as 0.563Fu. When the threads are included in the shear plane, the nominal shear strength is reduced to 0.45Fu. When bolt threads are intended to be excluded from the shear plane, they are designated as A325X or A490X. When the bolt threads are intended to be included in the shear plane, the proper designation is A325N or A490N or just simply A325 or A490. Note that whether the bolt threads will be included or excluded from the shear plane is basically dependent on the thickness of the connected parts. If A325X or A490X bolts are required or desired – which means the threads need to be excluded from the shear planes, then the thicknesses of the connected parts or plies must be selected so that the threads of the bolts will indeed be excluded from the shear planes. Table 9-3 summarizes the nominal shear and tensile strengths for various types of bolt. For end-loaded connections where the length of the connection (i.e., the distance between the outermost bolts in the direction of the axial load) is greater than 38 inches, the nominal shear strength, Fnv, in Table 9-3 shall be multiplied by a reduction factor of 83.3% to account for the uneven or non-uniform distribution of the shear force to the bolt group in end-loaded connections (see the footnote in Table J3.2 of the AISC Specifications [2]). Some examples of end-loaded bolted connections include the following: an angle or WT hanger connected with a line of bolts to the web of a floor beam where the top flange is coped; a vertical hanger connected with a line of bolts to a gusset plate that is welded to the top flange of a wide flange beam; and a wide flange diagonal brace member connected to a gusset plate with a WT or plate section with two lines of bolts parallel to the axial load. For more examples of end-loaded connections, see Figure C-J3.1 in the AISC Specifications [2]. The length of most bolted connections used in steel buildings will be less than 38 inches, therefore, this reduction factor will not apply in most cases.

TABLE 9-3 Nominal Shear and Tensile Strength of Bolts


[image: image]



Source: Adapted from Table J3.2, AISC Manual of Steel Construction, 15th ed.[2] Copyright American Institute of Steel Construction. Reprinted with permission. All rights reserved.
^Fnv = 0.563Fu for threads excluded from the shear plane
Fnv = 0.45Fu for threads included in the shear plane
Fnt = 0.75Fu for bolts in tension
+Fnv shall be multiplied by a reduction factor of 83.3% for end-loaded connections where the length of the connection (i.e., the distance between the outermost bolts in the direction of the axial load) is greater than 38 inches.

Bearing Failure Mode:

For the bolt to adequately transfer loads from one connected part to another, the connected members must have adequate strength in bearing. For a bolt in a connection with standard, oversized, and short-slotted holes, or long-slotted hole slots independent of the load direction or a long-slotted hole with the slots parallel to the direction of the bearing force, where the deformation at the bolt hole at service load is a design consideration (i.e., the elongation of the bolt hole under a high tensile stress at the net cross-section does not exceed ¼ in.), the design strength in bearing (see AISCM Section J3.10) is:

ϕRn = ϕ2.4dtFu,  for LRFD   (9-2a)

[image: image]    for ASD   (9-2b)

When the deformation at the bolt hole at service load is not a design consideration (i.e., the elongation of the bolt hole under a high tensile stress at the net cross-section can exceed ¼ in. and is not limited), the design strength in bearing is

ϕRn = ϕ 3.0dtFu.  for LRFD   (9-3a)

[image: image]    for ASD   (9-3b)

Tearout Failure Mode:

For the tearout failure mode (see AISCM Section J3.10) in the following connections, the design tearout strength when deformation at the bolt hole at service load is a design consideration is given by equations (9-4a) and (9-4b):


	Bolted connection with standard, oversized, and short-slotted holes,

	Long-slotted holes independent of the load direction,

	Long-slotted holes with the slots parallel to the direction of the applied force



ϕRn = ϕ1.2LctFu,  for LRFD   (9-4a)

[image: image]    for ASD   (9-4b)

When the deformation at the bolt hole at service load is not a design consideration, the design tearout strength is given by equations (9-5a) and (9-5b):

ϕRn = ϕ1.5LctFu,  for LRFD   (9-5a)

[image: image]    for ASD    (9-5b)

The following are the AISC Specification design strength equations for bolts with long slotted holes with the slot perpendicular to the direction of the applied load.

Bearing Failure Mode:

For a bolt in a long-slotted hole with the slot perpendicular to the direction of the force, the design strength in bearing is

Rn = ϕ2.0dtFu,  for LRFD   (9-6a)

[image: image]    for ASD    (9-6b)

Tearout Failure Mode:

For a bolt in a long-slotted hole with the slot perpendicular to the direction of the force, the design tearout strength is:

ϕRn = ϕ1.0LctFu,  for LRFD    (9-7a)

[image: image]    for ASD    (9-7b)

Where,


	ϕ	= 0.75,

	Ω	= 2.0,

	Rn	= Nominal bearing strength or tearout strength, kips,

	Lc	= Clear distance between the edge of the hole and the edge of an adjacent hole, or the edge of the connected member, in the direction of the applied load (see Figure 9-7).

	t	= Thickness of the connected material, in.

	d	= Bolt diameter, in.

	Fu	= Minimum tensile strength of the connected member.



For slip-critical connections, the load is transmitted by friction between the connected parts. Since bolt bearing against the sides of the bolt holes in the connected parts is assumed not to occur, the strength of the fastener derives entirely from the friction between the faying surfaces of the connected parts as shown in Figures 9-5c and 9-5d. However, the AISCM, Section J3.8 still requires that the bolts meet the strength requirements for bearing on the connected parts and shear in the bolts, in case the faying surface friction is overcome and the bolts transition to a bearing-type connection. For these types of connections, it is important to ensure that the connected parts are in firm contact, and that the faying surface is properly identified. The design slip resistance of a slip-critical bolted connection is given as follows:


[image: image]

FIGURE 9-7Clear distance for bolt bearing



[image: image]  for LRFD    (9-8a)

[image: image]   for ASD    (9-8b)

Where,


	ϕ	= 1.0 for standard and short-slotted holes perpendicular to the direction of the load

		= 0.85 for oversized and short-slotted holes parallel to the direction of the load

		= 0.7 for long-slotted holes

	Ω	= 1.5 for slip critical connections with bolts in standard and short-slotted holes ­perpendicular to the direction of the load

		= 1.76 for slip critical connections with bolts in oversized and short-slotted holes parallel to the direction of the load

		= 2.14 for slip critical connections with bolts in long-slotted holes

	Rn	= Nominal shear strength, kips,

	µ	= Mean slip coefficient (see discussion below)

		= 0.30 for Class A surfaces,

		= 0.50 for Class B surfaces,

	Du	= 1.13 (the constant value that represents the ratio between the mean installed bolt pretension force to the minimum specified bolt pretension from Table 9-1; alternate values can be used if it is verified and approved by the engineer of record),

	hf	= factor for fillers (see figure 9-8)

		= 1.0 for one or no filler between connected parts

		= 0.85 for two or more fillers between connected parts

	ns	= Number of slip planes or surfaces.

	Tb	= Minimum bolt pretension (see Table 9-1).



As previously discussed, there are two types of faying surfaces for slip-critical connections: Class A and Class B faying surfaces, with Class A being the most typically assumed and specified faying surface. Refer to Section 9-2 for the definition of these two faying surfaces. The mean slip coefficient for Class A and Class B faying surfaces are given above. The mean slip coefficient for faying surfaces with other types of coatings different than Classes A or B are permitted to be determined experimentally if approved by the engineer of record (see RCSC Section 3.2.2.2) [2]. Class B faying surfaces are typically specified where slippage needs to be very controlled in order to limit deflections (e.g., in long span stadium roof canopy structures where vertical deflection is critical), or in tall building moment and braced frames where limiting the lateral deflection is critical. It is also generally a good practice to use standard holes, since oversized and slotted holes are typically not necessary. Slip-critical (SC) bolts are designated as A325SC or A490SC on the structural drawings.


[image: image]

FIGURE 9-8Filler plates
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FIGURE 9-9Connection subjected to combined loading



When fasteners are loaded such that they resist combined shear and tension forces (see Figure 9-10), an interaction equation or curve is used for the design of the fasteners.

For LRFD, research indicates that the interaction curve (see AISCM equation C-J3-5a) is described as follows:

[image: image]   (9-9a)

For ASD, the corresponding interaction curve (see AISCM equation C-J3-5b) is

[image: image]   (9-9b)


[image: image]

FIGURE 9-10Interaction curves for combined loading



Where,


	ft	= Applied tensile stress = [image: image] for LRFD, and [image: image] for ASD

	Fnt	= nominal tensile stress

	Fnv	= nominal shear stress

	fv	= Applied or required shear stress = [image: image] for LRFD, and [image: image] for ASD

	ft	= Applied or required tension stress

	Tu	= factored tension force (LRFD)

	Vu	= factored shear force (LRFD)

	Ts	= total service or unfactored tension force (ASD)

	Vs	= total service or unfactored shear force (ASD)

	n	= number of bolts in the connection

	Ab	= nominal unthreaded cross-sectional area of bolt



These interaction equations are represented graphically in Figure 9-10; any design that falls under the curve is acceptable. The AISCM, Section J3.7 approximates this curve using the following straight-line relationship that accounts for the presence of shear stress to calculate the modified design tension stress in each bolt (for LRFD), and the allowable tension stress in each bolt (for ASD), as follows:

[image: image]   for LRFD   (9-10a)

[image: image]   for ASD   (9-10b)

Where,


	F′nt	= Nominal tension stress modified to include the effects of shear force, ksi,

	Fnt	= Nominal tensile stress, ksi (see Table 9-3),

	Fnv	= Nominal shear stress, ksi (see Table 9-3),

	fv	= Applied or required shear stress using the LRFD or ASD load combinations, ksi

	ϕ	= 0.75

	Ω	= 2.0



The modified design tensile strength and the available tensile strength of each bolt under combined tension and shear then becomes

[image: image]   for LRFD   (9-11a)

[image: image]    for ASD   (9-11b)

Equations (9-10a) and (9-10b) expressed in terms of the modified tension strength can also be rewritten to determine the modified shear strength per unit area and the available shear strength per unit area as a function of the required tensile stress, [image: image], as follows (see AISC specification Section C-J3.7) [2]:

[image: image]   for LRFD   (9-12a)

[image: image]   for ASD   (9-12b)

Where,


	F′nv	= Nominal shear stress modified to include the effects of tension force, ksi,

	Fnv	= Nominal shear stress, ksi (see Table 9-3),

	Fnt	= Nominal tension stress, ksi (see Table 9-3),

	ft	= Applied or required tension stress using the LRFD or ASD load combinations, ksi

	ϕ	= 0.75

	Ω	= 2.0



The modified design shear strength can be obtained by substituting [image: image] in place of [image: image] in equations (9-11a) and (9-11b).

It should be noted that when the applied shear stress is less than 30% of the available shear strength, or when the applied tension stress is less than 30% of the available tension strength, the effects of the combined stress does not have to be investigated. That is, the effect of combined stresses can be neglected if the following equations are satisfied:

[image: image]

For LRFD, ft and fv are calculated using the LRFD load combinations from Section 2-3, and for ASD, ft and fv are calculated using the ASD load combinations from Section 2-3.

When slip-critical connections are subjected to combined shear and tension loads, the tension load reduces the amount of clamping force and therefore reduces the available slip resistance in each bolt. Therefore, the design shear strength per bolt in a slip-critical (SC) connection calculated in equations (9-8a) and (9-8b) shall be reduced by the following factor (see AISC Specification Section J3.9) [2]:

[image: image]   for LRFD   (9-13a)

[image: image]  for ASD   (9-13b)

Where,

ksc = Reduction factor,

Tu = Factored tension force (LRFD), kips,

Ta = Unfactored tension force (ASD), kips,

Du = 1.13 (see Section 9-4 for discussion),

Tb = Minimum bolt pretension (see Table 9-1),

nb = Number of bolts resisting the applied tension.

The example problems that follow will cover the design strength of bolts in common types of connections.

EXAMPLE 9-1

High-Strength Bolts in Shear and Bearing

Using both the LRFD and ASD methods, determine whether the connection shown in Figure 9-11 is adequate to support the applied loads; consider the strength of the bolts in shear and bearing on the plate. The plates are ASTM A36 and the fasteners are 3/4-in.-diameter ASTM F3125 A325N bolts in standard holes. The applied factored load is Pu = 60 kips (LRFD), and the applied service load is Ps = 40 kips (ASD). Assume deformation at the hole at service loads is a design consideration.

Solution (LRFD)

3/4-in.-diameter ASTM F3125 A325N bolts = Group A bolts with threads included

Fnv = 54 ksi (see Table 9-3)

[image: image]

Plate: Fy = 36 ksi; Fu = 58 ksi

Check bolt bearing and tearout failure modes:

The clear distance between adjacent bolt holes is

[image: image]

[image: image]


[image: image]

FIGURE 9-11Connection detail for Example 9-1



The strength of the bolts will be the smaller of the strength due to the tearout failure mode and the strength due to the bearing failure mode.

For bolt 1,

[image: image]

[image: image]
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For bolt 2,

[image: image]

[image: image]
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The total strength of the connection in bearing and tearout, considering all the bolts, is

[image: image]

[image: image]

Check direct shear on the bolts:

For a single bolt, the design shear strength is

[image: image]

= (0.75)(54 ksi)(0.442 in.2)

= 17.9 kips/bolt (agrees with AISCM Table 7-1).

The total shear strength of the bolt group is

ϕRn = (4)(17.9 kips) = 71.6 kips > 60 kips OK. for shear.

Therefore, the design strength of the connection in shear is the smaller of the design bearing strength of the bolt group (167 kips) and the design strength in direct shear (71.6 kips); therefore, the design strength of the connection is 71.6 kips.

Solution (ASD)

Check bolt bearing and tearout failure modes:

The clear distance between adjacent bolt holes is

[image: image]

[image: image]

For bolt 1,

[image: image]

[image: image]

[image: image]
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Therefore, [image: image]

For bolt 2,

[image: image]
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Therefore, [image: image]

The total strength of the connection in bearing and tearout, considering all the bolts, is

[image: image]

[image: image]

Check direct shear on the bolts:

[image: image]

[image: image]

= 11.9 kips/bolt (agrees with AISCM Table 7-1).

The total allowable shear strength of the bolt group is

[image: image]  OK. for shear.

Therefore, the allowable strength of the connection in shear is the smaller of the allowable bearing strength of the bolt group (111 kips) and the allowable strength in direct shear (47.6 kips); therefore, the allowable strength of the connection is 47.6 kips.

EXAMPLE 9-2

High-Strength Bolts in a Slip-Critical Connection

Repeat Example 9-1 with ASTM F3125 Grade A325SC bolts with a Class A faying surface.

Solution (LRFD)

Check bolt bearing:

The clear distance between adjacent bolt holes is

[image: image]

[image: image]

For bolt 1,

ϕRn =1.2LctFu ≤ 2.4dtFu

= (0.75)(1.2)(1.06")(0.625")(58 ksi) ≤ (0.75)(2.4)(0.75)(0.625")(58 ksi)

= 34.6 kips ≤ 48.9 kips

Therefore, ϕRn (bolt 1) = 34.6 kips

For bolt 2,

ϕRn = (0.75)(1.2)(2.13")(0.625")(58 ksi)

≤ (0.75)(2.4)(0.75)(0.625")(58 ksi)

= 69.5 kips ≤ 48.9 kips

Therefore, ϕRn (bolt 2) = 48.9 kips

The total strength of the connection in bearing and tearout, considering all the bolts, is

ϕRn = (2)(34.6 kips) + (2)(48.9 kips) = 167 kips

[image: image]

Check direct shear on the bolts in the slip critical connection:


	ns	= 1 (one slip plane)

	Tb	= 28 kips for ¾ in. diameter A325 bolt (Table 9-1)

	hf	= 1 (no filler plate)

	Du	= 1.13

	μ	= 0.30 (Class A faying surface)

	ϕ	= 1.0 (bolt in standard hole in a slip-critical connection)



The slip-critical design shear strength for one bolt is

[image: image]

[image: image]

[image: image]

The total slip-critical shear strength of the bolt group (with a total of 4 bolts) is

[image: image]

The design shear strength of this slip-critical connection is 38 kips. Therefore, the connection is not adequate.

Solution (ASD)

Check bolt bearing:

Ω = 2.0 (bolt bearing)

The clear distance between adjacent bolt holes is

[image: image]

[image: image]

For bolt 1,

[image: image]

[image: image]

[image: image]

[image: image]

Therefore, [image: image]

For bolt 2,

[image: image]

[image: image]

[image: image]

Therefore, [image: image]

The total strength of the connection in bearing and tearout, considering all the bolts, is

[image: image]

[image: image]

Check direct shear on the bolts in the slip-critical connection:

Ω (standard hole for bolt in slip-critical connection) = 1.5

For a single bolt, the available shear strength is

[image: image]

[image: image]

[image: image]

The total shear strength of the bolt group (with a total of 4 bolts) is

[image: image]

The strength of the connection is the smaller of the allowable bearing strength (111 kips) and the allowable slip-critical shear strength (25.3 kips), yielding a connection strength of 25.3 kips. Therefore, the connection is not adequate to support the service load [image: image]

EXAMPLE 9-3

Bolted Splice Connection

For the splice connection shown in Figure 9-12, determine the maximum factored load, Pu, and the maximum allowable load, Ps, that can be applied; consider the strength of the bolts only. The plates are ASTM A36 and the bolts are 1-in.-diameter A325X in standard holes.


[image: image]

FIGURE 9-12Connection detail for Example 9-3



Solution (LRFD)

1-in. diameter ASTM F3125 A325X bolts means Group A bolts with threads excluded.

Check bolt bearing on the outermost top and bottom plates:

The clear distance between adjacent bolt holes is

[image: image]

[image: image]

For bolt 1,

The strength of the bolt will be the smaller of the strengths due to the tearout and bearing failure modes.

ϕ = 0.75

[image: image]

[image: image]

[image: image]

[image: image]

Therefore [image: image]

For bolts 2 and 3,

ϕ = 0.75

[image: image]

[image: image]

[image: image]

Therefore [image: image]

The total strength of all the bolts in bearing and tearout on the two outside plates, is

[image: image]

Check bolt bearing and tearout on the inside plate:

The clear distance between adjacent bolt holes is

[image: image]

[image: image]

For bolt 3, the shear strength is the smaller of the strengths in bearing and tearout failure modes:

[image: image] (see equation (9-2a) and (9-4a))

[image: image]

[image: image]

[image: image]

Therefore, [image: image]

For bolts 1 and 2, the shear strength is the smaller of the strengths in bearing and tearout failure modes:

[image: image]

[image: image]

[image: image]

Therefore, [image: image]

The total strength of all the bolts in bearing and tearout on the one inside plate, is

[image: image]

Therefore, [image: image]

Check direct shear on the bolts:

Ab (1-in. diameter bolt) = [image: image]

[image: image]

[image: image] (see Table 9-3 or AISCM Table J3.2 for Fnv for A325X bolt)

For a single bolt, the direct shear strength is

[image: image]

[image: image]

= (0.75)(68 ksi)(0.785 in.2)

= 40.0 kips/bolt (agrees with AISC Table 7-1)

The design shear capacity of the bolt group considering double shear is

Pu = (2 shear planes)(6 bolts)(40.0 kips) = 480 kips (considering direct shear on the bolts only). The design strength of the connection is the smallest of 540 kips, 443 kips, and 480 kips, which yields a capacity of 443 kips. Therefore, the strength of the bolts bearing against the inside plate controls the design of this connection, so the maximum factored load that can be applied to the connection is Pu = 443 kips.

Solution (ASD)

Check bolt bearing on the outermost top and bottom plates:

The clear distance between adjacent bolt holes is

[image: image]

[image: image]

For bolt 1,

Bearing failure mode: [image: image]

Tearout failure mode: [image: image]

Therefore, [image: image]

[image: image]

[image: image]

[image: image]

Therefore, [image: image]

For bolts 2 and 3,

[image: image]

[image: image]

[image: image]

Therefore, [image: image]

The total strength, considering all the bolts in bearing and tearout on the two outside plates, is

[image: image]

Therefore, [image: image]

Now, calculate the strength of the bolts bearing on the inner ¾ in. thick plate.

Check bolt bearing and tearout on the one inside plate:

[image: image]

[image: image]

For bolt 3,

[image: image]

[image: image]

[image: image]

[image: image]

Therefore, [image: image]

For bolts 1 and 2,

[image: image]

[image: image]

[image: image]

Therefore, [image: image]

The total strength of all the bolts in bearing and tearout on the one inside plate, is

[image: image]

Therefore, [image: image]

Check direct shear on the bolts:

Ab (1-in. diameter bolt) = [image: image]

Ω = 2.0

Fnv = 68 ksi (see Table 9-3 or AISCM Table J3.2 for Fnv for A325X bolt)

For a single bolt, the available direct shear strength is

[image: image]

[image: image]

= 26.7 kips/bolt (agrees with AISC Table 7-1)

The allowable shear capacity of the bolt group considering double shear is

Ps = (2 shear planes)(6 bolts)(26.7 kips) = 320 kips (considering direct shear on the bolts only). The allowable shear strength of the connection is the smaller of the allowable strength in bearing/tearout (295 kips) and the allowable direct shear strength (320 kips), yielding an allowable connection strength of 295 kips. The bolt bearing strength controls the design, so the maximum service load that can be applied to the connection is Ps = 295 kips.

EXAMPLE 9-4

Bolted Connection Loaded in Shear and Tension

For the connection shown in Figure 9-13, determine whether the bolts are adequate to support the applied load under combined loading. The bolts are 7/8-in.-diameter A490X in standard holes. Assume that each bolt resists an equal amount of the applied shear and tension loads.

Solution (LRFD)

The applied factored load will be resolved into horizontal and vertical components, respectively, as follows:

[image: image]

[image: image]

n = number of bolts = 6

Ab (7/8 -in. diameter bolt) = [image: image]

[image: image]

The factored shear and tension stresses in each bolt are calculated as follows, assuming each bolt resists an equal amount of load:

[image: image]

[image: image]

The design strength in shear and tension for each bolt is

[image: image]  (see Table 9-3 or AISCM Table J3.2 for [image: image] and [image: image] for A490X bolt)

ASTM F3125 A490X bolts = Group B bolts with threads excluded from the shear plane, an

[image: image] = 84 ksi, and [image: image] = 113 ksi.

For shear, [image: image] = (0.75)(84)(0.601) = 37.9 kips (agrees with AISCM Table 7-1)

For tension,
[image: image]


[image: image]

FIGURE 9-13Connection detail for Example 9-4



[image: image] = 0.40 > 0.30

[image: image]

Since the ratio of the actual factored applied stress to the available strength is greater than 30% (0.30) for both shear and tension, the combined stress effects must be considered. The interaction equation (9-10a) will be used to determine the modified allowable tension in each bolt:

[image: image]

[image: image]

[image: image] = 102 ksi = 113 ksi

Therefore, [image: image] = 102 ksi

The modified design tension stress is

[image: image] = (0.75)(102 ksi) = 76.5 ksi

[image: image] = 76.5 ksi > ft = 44.1 ksi, OK.

The bolts are adequate for combined tension and shear loading.

Solution (ASD)

The applied service or unfactored load will be resolved into horizontal and vertical components, respectively, as follows:

[image: image]

[image: image]

[image: image]

[image: image]

Fnv (A490 bolt) = 84 ksi (see Table 9-3)

Fnt (A490 bolt) = 113 ksi (see Table 9-3)

Ω = 2.0

The unfactored shear and tension stresses in each bolt are

[image: image]

[image: image]

The allowable strength in shear and tension for each bolt is

[image: image]  (see Table 9-3 or AISCM Table J3.2 for [image: image] and [image: image] for A490X bolt)

[image: image] = 25.2 kips (agrees with AISCM Table 7-1)

[image: image]

[image: image]

[image: image]

Since the ratio of the unfactored applied stress to the available strength is greater than 30% (0.30) for both shear and tension, the combined stress effects must be considered. The interaction equation (9-10b) will be used to determine the modified allowable tension in each bolt:

[image: image]

[image: image]

[image: image] = 102 ksi = 113 ksi

Therefore, [image: image] 102 ksi

The modified allowable tension stress is

[image: image]

[image: image] = 51.0 ksi > ft = 28.8 ksi, OK.

The bolts are adequate for combined shear and tension loading.

EXAMPLE 9-5

Bolted Connection Loaded in Shear and Tension

For the connection shown in Figure 9-13, determine the maximum factored load, Pu, and the maximum service load, Ps, that can be applied considering the strength of the bolts only. The bolts are 7/8-in.-diameter A490SC in standard holes with a Class A faying surface and there are no fillers. Assume that each bolt takes an equal amount of shear and tension.

Solution (LRFD)


	ϕ	= 1.0 for slip-critical bolts in standard holes

	µ	= 0.30 (coefficient of friction for Class A faying surface)

	Du	= 1.13

	hf	= 1.0 (no filler plates)

	Tb	= 49 kips (see Table 9-1 for Tb for 7/8 in. diameter A490 bolts)

	ns	= 1 (number of slip planes)

	nb	= total number of bolts in the slip-critical connection = 6 bolts



The design shear strength of each bolt in the slip-critical connection (see equation (9-8a)) is

ϕRnv = ϕµDuhfTbns

= (1.0)(0.30)(1.13)(1.0)(49)(1) = 16.6 kips

The design shear strength per bolt must be reduced to account for the applied tension as follows:

[image: image]

Therefore, the reduced design shear strength per bolt in the slip critical connection due to the presence of the factored total tension force, Tu = Pu cos (30°), is equal to [image: image], where Pu is the factored total inclined load on the connection.

An expression can be developed as follows to solve for the maximum load using the LRFD requirement that for each bolt, the design shear strength must be greater than or equal to the factored shear load per bolt:

Therefore, for each bolt: [image: image]

[image: image]

That is, [image: image]

Solving the above equation for the maximum factored load, Pu, yields, in the limit,

Pu = 131 kips

Therefore, the maximum total factored load that can be supported by this slip-critical connection is 131 kips.

Solution (ASD)


	Ω	= 1.5 for slip-critical bolts in standard holes

	µ	= 0.30 (coefficient of friction for Class A faying surface)

	Du	= 1.13

	hf	= 1.0 (no filler plates)

	Tb	= 49 kips (see Table 9-1 for Tb for 7/8 in. diameter A490 bolts)

	ns	= 1 (number of slip planes)

	nb	= 6 bolts



The allowable shear strength of each bolt in the slip-critical connection (see equation (9-8b)) is

[image: image] =11.1 kips

The allowable shear strength per bolt must be reduced to account for the applied tension as follows:

[image: image]

Therefore, the reduced allowable shear strength per bolt in the slip critical connection due to the presence of the unfactored total tension force on the connection,

Ta = Ps cos (30°), is

[image: image],

Thant is, [image: image],

Where Ps is the applied total inclined force and Ta is the applied total tension force on the connection.

An expression can be developed as follows to solve for the maximum total load, Ps, that the connection can support using the ASD requirement that for each bolt, the allowable shear strength must be greater than or equal to the unfactored applied shear load per bolt:

Therefore, [image: image]

Substituting [image: image] in the above equation yields

[image: image]

[image: image]

Solving the above equation for the maximum unfactored load, Ps, yields, in the limit,

Ps = 87.6 kips

Therefore, the maximum total unfactored load that can be supported by this slip-critical connection is 87.6 kips.



9-5ECCENTRICALLY LOADED BOLTS: SHEAR


When bolts are loaded such that the load is eccentric to the bolt group in the plane of the faying surface (see Figure (9-14)), there are two analytical approaches that can be used to determine the forces in the bolts:


	The instantaneous center (IC) of rotation method, and

	The elastic method.



In both cases, the connection is designed to resist the applied shear, P, and the additional shear generated from the moment, Pe, due to the applied shear acting at an eccentricity, e. Both methods are relatively complex and are generally not used in practice without the aid of computers. The IC method is more accurate but requires an iterative solution. The elastic method is less accurate and more conservative because both the ductility of the bolt group and the redundancy (i.e., load distribution) are ignored. It assumes a linear load-deformation behavior in the bolts contrary to the non-linear relationship observed in tests [2]. Tables 7-7 through 7-14 in the AISCM, which were derived using the IC method, are design aids for these types of connections and they are more commonly used in practice and will be discussed later.


[image: image]

FIGURE 9-14Eccentrically loaded bolt group



Instantaneous Center (IC) Method:

In an eccentrically loaded bolt group, both translation and rotation are induced in one connected element relative to another. This combined deformation effect is equivalent to a rotation about a point called the instantaneous center or IC. The location of the IC is a function of the geometry and the direction and orientation of the applied load. The location of the IC (see Figure 9-15) requires an iterative solution. Note that, in the connection shown in Figure 9-15, the resultant force in each bolt is perpendicular to the radial line joining the instantaneous center (IC) to the centroid of the bolt, and it will have a vertical component due to the applied vertical load and a horizontal component due to the eccentricity of the applied load.


[image: image]

FIGURE 9-15Eccentrically loaded bolt group: IC Method



Based on test data for ¾ in. diameter ASTM F3125 Grade A325 bolts in double shear, the load–deformation relationship for one bolt is given by the following equation [2]:

[image: image] (9-14)

where


	R	= Nominal shear strength of one bolt in single shear at a deformation Δ, kips,

	Rult	= Ultimate shear strength of one bolt

		= 74 kips for 3/4-in.-diameter A325 bolts, and

	Δ	= Total deformation, including shear, bearing, and bending in the bolt, as well as bearing deformation in the connected elements

		= 0.34 in. for 3/4-in.-diameter A325 bolts.



By inspection, the bolt that is most remote or farthest from the IC will have the greatest load and deformation, and therefore is assumed to have the maximum load and deformation (i.e., Rult = 74 kips and Δ = 0.34 in.), while the nominal shear in the other bolts in the group varies linearly with respect to their distances from the IC. The constant values of Rult = 74 kips and  Δ = 0.34 in. are based on test data for 3/4-in.-diameter A325 bolts, but this value can conservatively be used for bolts of other sizes and grades [2]. Tables 7-7 through 7-14 in the AISCM, which use the IC method, are based on these constant values.

Using the free-body diagram shown in Figure 9-16, the forces in each bolt can be obtained from the following in-plane static equilibrium equations:

[image: image]   (9-15)

[image: image]   (9-16)

[image: image]   (9-17)

[image: image]   (9-18)

[image: image]   (9-19)


[image: image]

FIGURE 9-16Free body diagram of eccentrically loaded bolt group



Where,


	P	= Applied load, with components Px, and Py

	Ri	= Shear in fastener, i, with components (Rx)i, (Ry)i, along the X- and Y-axes, respectively,

	ri	= Distance from the fastener to the IC, with components rx, ry, along the X- and Y-axes, respectively,

	r0	= Distance from the IC to the centroid of the bolt group,

	e	= Load eccentricity; distance from the load to the centroid of the bolt group with components ex, ey,

	i	= Subscript indicating the individual fastener number, and

	n	= Total number of fasteners.



The deformation at any bolt, i, is given as [image: image]

In order to solve the equilibrium equations (9-15) through (9-17), the location of the IC must first be assumed. If the equilibrium equations are not satisfied, then a new value must be assumed for the location of the IC until the equilibrium equations are satisfied. For most cases, the applied load, P, is vertical, and therefore equation (9-15) is eliminated by inspection.

For bolts other than 3/4-in.-diameter A325N, the load capacity is also determined from a linear relationship such that the calculated nominal shear strength (R from equation (9-14)) is multiplied by the ratio of the shear strength of a 3/4-in.-diameter A325 fastener to the shear strength of the specific fastener in question. The total capacity of the connection is then the sum of the capacity of each individual fastener. Example 9-6 illustrates this method in further detail, as well as the use of the aforementioned AISCM design aids.

Elastic Method

A simplified and conservative approach for eccentrically loaded bolts in shear is called the elastic method. In this method (see Figure 9-17), each bolt is assumed to resist an equal proportion of the applied load, P, and a portion of the shear induced by the moment, Pe, proportional to its distance from the centroid of the bolt group. The shear in each bolt due to the applied load is


[image: image]

FIGURE 9-17Eccentrically loaded bolt group: Elastic method



[image: image] (9-20)

[image: image] (9-21)

where

rp = Force in each bolt due to applied load with components rpx, rpy,

P = Applied load on the connection, with components Px, Py,

n = Total number of bolts.

The shear in the bolt that is most remote or farthest from the centroid of the bolt group due to the applied moment is

[image: image] (9-22)

[image: image] (9-23)

Where,


	rm	= Force in each bolt due to applied moment with components rmx, rmy,

	M	= Resulting moment on the connection due to the eccentrically applied load

		= Pxey + Pyex,

	c	= Radial distance from the centroid of the bolt group with components cx, cy, in the X- and Y-axes, respectively,

	e	= Load eccentricity (i.e., distance from the load to the centroid of the bolt group with components ex, ey),

	Ip	= Polar moment of inertia of the bolt group (in4/in2)

		= ∑(Ix + Iy), where I = Ad2

		= ∑(cx2 + cy2) for bolts with the same cross-sectional area within a bolt group.



In this method, the critical fastener force is determined, and this is the basis for the connection design. The maximum applied force in the critical fastener is usually found in the fastener located most remote from the centroid of the bolt group. This critical fastener force or the maximum applied resultant force in the critical fastener is calculated as

[image: image] (9-24)

The value of r above is used to determine the required strength of each fastener in the bolt group. See Example 9-6 for illustration of the elastic method.

EXAMPLE 9-6

Eccentrically Loaded Bolts in Shear

For the bracket connection shown in Figure 9-18, determine the design strength of the connection. Compare the results from the ultimate strength (or IC) method, the elastic method, and the appropriate design aid from AISCM, Tables 7-7 through 7-14. The bolts are 3/4-in.-diameter A490N.

Solution

Ultimate Strength, or IC, Method:

A location for the IC must first be assumed after which the coordinates of each bolt relative to the assumed IC (i.e., rx and ry) and [image: image] are determined, from which the maximum value of ri (i.e., rmax) is determined. Next, the deformation of each bolt relative to the maximum deformation of 0.34 in. at the most remote bolt (i.e., the bolt with ri = rmax) is calculated as [image: image]

Then, Ri for each bolt is calculated using equation (9-14), and the components Rx and Ry for each bolt can be obtained. Finally, the equilibrium equations (9-15) through (9-17) are solved, and if they are all satisfied, that would imply that the assumed location of the IC (i.e., the assumed r0) is correct; if not, a different location for the IC (i.e., a different value of r0) is chosen and the above process is repeated until all the equilibrium equations (9-15) through (9-17) are satisfied.

For the current example, using the iterative process previously described, the location of the IC has been finally determined such that the distance from the IC to the centroid of the bolt group, r0 = 1.90 in. (see point A in Figure 9-19). A free-body diagram of the bolt group is also shown in Figure 9-19.


[image: image]

FIGURE 9-18Connection detail for Example 9-6




[image: image]

FIGURE 9-19Free-body diagram for Example 9-16 (IC method)



From the free-body diagram, the distance of each bolt from the IC can be determined:

[image: image]

For the IC method, the bolt or bolts most remote from the IC are assumed to be stressed and deformed to failure; the deformation in the remaining bolts is assumed to vary linearly. The bolts at locations 2 and 8 are the most remote from the IC location or point A in Figure 9-19 (i.e., r2 = r8 = 5.64 in.); therefore, the deformation of each of the most remote or farthest bolts from the IC is assumed to be Δ = 0.34 in. The deformation of the remaining bolts is determined using the relationship [image: image] as follows:

[image: image]

[image: image]

[image: image]

[image: image]

The nominal shear strength in each bolt can be determined as follows:

[image: image]

[image: image]

[image: image]

[image: image]

[image: image]

The vertical component of the shear force, R, in each bolt is determined from equation (9-19):

[image: image]

[image: image]

[image: image]

[image: image]

[image: image]

From the equilibrium equation (9-16),

[image: image]

[image: image]

[image: image]

Since there is no horizontal component to the applied load, equation (9-15) is satisfied and P = Py. To verify this value, the in-plane moment equilibrium equation (9-17) will be used:

[image: image]

Therefore,

[image: image]

Therefore, P = 256 kips. (same as the value obtained from the equilibrium of the vertical forces)

Since all the equilibrium equations have been satisfied, the assumed location for the IC (i.e., ro = 1.90 in.) is correct.

For the IC method, the maximum shear strength and deformation of Rult = 74 kips and Δ = 0.34 in., respectively, were obtained from tests [2] and are used as the baseline values. For fasteners of other sizes and grades, linear interpolation is conservatively used. The nominal strength of the connection is then

[image: image]

where Rn is the nominal shear strength of one bolt in the group, and the total load, P = 256 kips corresponds to [image: image] of 74 kips per bolt.

[image: image] = 68 ksi for one ¾ in. diameter A490N bolt (see Table 9-3)

[image: image]

[image: image]

Therefore, the total nominal strength of this connection corresponding to [image: image] is calculated using linear interpolation as follows:

[image: image] = 104.0 kips.

The design strength of the connection is

ϕRn = (0.75)(104.0) = 78.0 kips = Pu (max)

Therefore, Pu (max) = 78 kips

Elastic Method:

For this method, the critical fastener force is determined from the bolt most remote or farthest from the centroid of the bolt group. For this connection, the bolts at locations 1, 2, 7, and 8 are the most remote or farthest from the centroid. The capacity of one of these bolts will be used to determine the strength of the connection. The shear is distributed equally to all the bolts in the group. Since there is no horizontal component for the applied load, equation (9-20) becomes

[image: image]

From equation (9-21),

[image: image]  (since number of bolts in the connection = 8)

The shear in the bolts due to the eccentricity is determined from equations (9-22) and (9-23):

e = 6.5 in.

cy = 4.5 in. and cx = 1.5 in. for the farthest bolt from the centroid (e.g., bolt 8)

Fnv = 68 ksi for ¾ in. diameter A490N bolts (see Table 9-3)

[image: image]

The polar moment of inertia of the bolt group is,

[image: image]

For the farthest or most remote bolt from the centroid of the bolt group (i.e. with coordinates, cx = 1.5 in. and cy = 4.5 in.), the x- and y-components of the shear in the bolt due to the applied moment is

[image: image]

[image: image]

Equation (9-24) will be used to determine the capacity of the bolt that is farthest from the centroid. The LRFD method requires that the applied resultant force, r, be less than or equal to the design strength, ϕrn, resulting in the following equation:

[image: image]

[image: image]

That is, [image: image]

Solving for P in the preceding LRFD equation yields, in the limit,

P = Pu = 65.1 kips

The elastic method is more conservative than the IC method, so as expected, the elastic method connection capacity of 65 kips is lower than the value of 78 kips calculated using the IC Method.

AISC Design Aids

Based on the connection geometry, AISCM Table 7-8, with angle = 0° and s = 3 in. will be used:

[image: image]

[image: image]

(Note the different or unique definition of n in AISCM Table 7-8)

By linear interpolation from AISCM Table 7-8, C = 3.48.

The design strength of the connection is

[image: image]

where [image: image]

ϕrn = FnvAb = (0.75)(68)(0.442) = 22.5 kips (agrees with AISCM Table 7-1)

ϕRn = ϕCrn = (3.48)(22.5)

ϕRn = 78.4 kips ≥ Pu

Therefore, the maximum Pu = 78.4 kips.

This value agrees with the value of Pu calculated with the Instantaneous Center or Ultimate Strength method as expected, because the AISCM design tables were derived using the IC method.



9-6 ECCENTRICALLY LOADED BOLTS: BOLTS IN SHEAR AND TENSION


When a bolt group is loaded such that the eccentricity is normal or perpendicular to the plane of the faying surface as in Figure 9-20, the bolts will be subjected to combined shear and torsion [4, 5]. The shear is induced in the bolts due to the applied load, P, and the tension in these bolts is caused by the applied moment, Pe, on the bolt group due to the eccentricity, e, of the applied load; it is assumed that the applied load, P, is equally distributed to each bolt. The moment caused by the eccentric load causes tension in the bolts above the neutral axis of the bolt group and compression in the bolts below the neutral axis of the bolt group.

There are two possible design approaches that can be used for eccentrically loaded bolts: Case I and Case II. In Case I, the neutral axis is not necessarily at the centroid of the bolt group and is generally below the centroid of the bolt group. Case II is a more simplified and conservative method in that the neutral axis is assumed to be at the centroid of the bolt group and only the bolts above the neutral axis resist the tension due to the eccentric load. In both cases, the shear is distributed equally to each bolt as follows:


[image: image]

FIGURE 9-20Eccentrically loaded bolts in shear in tension



[image: image]   (9-25)

where

rv = Force in each bolt due to the applied load,

P = Total applied load on the bolt group,

n = Number of bolts.

For Case I, a trial position for the neutral axis has to be assumed. A value of one-sixth of the depth of the connecting element is recommended as a baseline value (see Figure 9-21). The area below the neutral axis is in compression, but only for a certain effective width, [image: image]. The width of the compression zone is defined as

[image: image]   (9-26)

where


	beff	= Effective width of the compression stress block below the neutral axis,

	tf	= Connecting element thickness (use the average flange thickness of the connecting element where the flange thickness is not constant), and

	bf	= Width of the connecting element.




[image: image]

FIGURE 9-21Eccentrically loaded bolts in shear in tension: Case I



Equation (9-26) is valid for connecting elements of W-shapes, S-shapes, plates, and angles. The location assumed for the neutral axis is verified by summing up moments about the neutral axis. The moment of the bolt areas above the neutral axis taken about the neutral axis is equated to the moment about the neutral axis of the compression stress block below the neutral axis. The summation of moments yields

[image: image]   (9-27)

where


	ΣAb	= Sum of the bolt areas above the neutral axis,

	y	= Distance between the centroid of the bolt group above the neutral axis and the neutral axis,

	beff	= Effective width of the compression stress block below the neutral axis,

	d	= Depth of the compression stress block (initially, we can assume d = depth of connection member/6).



The location of the neutral axis is then adjusted as required until equation (9-27) is satisfied. Once the exact location of the neutral axis is determined, the tensile force in each bolt is determined as follows:

[image: image]   (9-28)

where


	rt	= Force in each bolt due to the applied moment,

	M	= Moment due to the eccentrically applied load = Pe,

	Ab	= cross-sectional area of the bolt,

	c	= Distance from the neutral axis to the most remote bolt in the tension group,

	e	= Load eccentricity,



Ix = Combined moment of inertia of the areas of the bolt group in tension and the compression stress block about the neutral axis.

For Case II, which is the simplified method, the neutral axis is assumed to be at the centroid of the bolt group (see Figure 9-22). Therefore, the bolts above the neutral axis are in tension and the bolts below the neutral axis are assumed to be in compression. The tension force in each bolt is then defined as

[image: image]   (9-29)

where


	rt	= Force in each bolt due to the applied moment,

	n′	= Number of bolts above the neutral axis,

	dm	= Moment arm between the centroid of the tension group and the centroid of the compression group of bolts,

	e	= load eccentricity.




[image: image]

FIGURE 9-22Eccentrically loaded bolts in shear in tension: Case II



Since the bolts are loaded in both shear and tension, these combined forces must be checked for conformance to the interaction equations (9-9) or (9-10) (see also equation (J3-3a) in the AISC specifications).

EXAMPLE 9-7

Eccentrically Loaded Bolts in Shear and Tension with the Load Eccentricity Normal to the Faying Surface

Determine whether the connection shown in Figure 9-23 is adequate to support the load, considering the eccentric loading on the bolts only. Compare the results from Cases I and II. The bolts are 3/4-in.-diameter A325N.

Solution

Each bolt is assumed to resist an equal amount of shear for both cases:

n = total number of bolts = 8

[image: image]

[image: image]

[image: image]

Case I:

From Figure 9-24, the neutral axis is determined as follows by assuming that it is located just above the first (or bottom) row of bolts:

Since 2L4 × 4 × 3/8 are used as the connecting element,

tf = 3/8 in. = 0.375 in.

bf = 4 in. + ½ in. + 4 in. = 8.5 in.

[image: image]

[image: image]


[image: image]

FIGURE 9-23Connection Detail for Example 9-7




[image: image]

FIGURE 9-24Free body diagram - Case I



Therefore, the effective width of the compression stress block, [image: image]

Number of bolts in the bolt group above the neutral axis = 6

From Figure 9-24, the distance between the centroid of the bolt group above the neutral axis and the neutral axis is y = 11.5 in. – 3 in. – 1.25 in. = 7.25 in. – d

Where, d = distance from the bottom of the connection element to the assumed neutral axis

Since there are 6 bolts above the assumed neutral axis, using equation (9-27) yields

[image: image]

[image: image]

Solving for d yields,

[image: image]

Since d > 1¼ in., the neutral axis is truly located above the first row of bolts as assumed. If this were not the case, the process would have been repeated until the assumed location of the neutral axis is confirmed.

Taking a summation of moments of the compression block and the areas of the bolt group in tension about the neutral axis yields,

[image: image]

[image: image]

[image: image]

[image: image]

c = distance from the neutral axis to the most remote or farthest bolt in the tension group

= 1.25 + 3 + 3 +3 – d

= 10.25 in. – d = 10.25 in. – 2.8 in. = 7.45 in.

[image: image]

The applied tension per bolt in the farthest bolt from the neutral axis is

[image: image]

Check the combined shear and tension stresses:

Fnt = 90 ksi for ¾ in. diameter A325N bolts (see Table 9-3)

Fnv = 54 ksi for ¾ in. diameter A325N bolts (see Table 9-3)

ϕ = 0.75

From the LRFD combined stress interaction equation (9-10a),

[image: image]

[image: image]

= 38.3 ksi.

The design tensile strength of each bolt is

[image: image]

[image: image]

The connection is found to be adequate using the Case I design approach.

Case II:

As shown in Figure 9-25, only the bolts above the neutral axis ( [image: image] = 4 bolts) resist the tension:

Total depth of connection element (i.e., 2L4 × 4) = 1.25 + 3 + 3 + 3 + 1.25 = 11.5 in.

In this approach, the neutral axis is assumed to be located at the centroid of the bolt group. The location of the centroid of the bolt group from the bottom of the 2L4 × 4

= (11.5 in.)/2 = 5.75 in.

Distance of the CG of the bolt group above the neutral axis to the CG of the entire bolt group = 5.75 in. – 1.25 in. – ½(3 in.) = 3 in.

Distance of the CG of the bolt group below the neutral axis to the CG of the entire bolt group = 5.75 in. – 1.25 in. – ½(3 in.) = 3 in.

Distance between the centroids of the tension and compression bolt groups is

dm = 3 in. + 3 in. = 6 in.

[image: image] = number of bolts above the neutral axis = 4 bolts

From equation (9-29), the tension force in each bolt due to the applied moment is

[image: image]

Check the combined shear and tension stresses:

[image: image]

The connection is found to be slightly inadequate using the Case II design approach (i.e., the simplified method).


[image: image]

FIGURE 9-25Free body diagram - Case II





9-7PRYING ACTION: BOLTS IN TENSION


Prying action is the increase in tension in the bolts supporting a tension member due to the flexibility of the connection elements. There are several types of connections where prying action on the connecting element results in increased tension in the bolts (see Figure 9-26). The connecting element is usually an angle or T-shape, and the critical design factor is the thickness of the outstanding leg of the connecting element that resists the bending or prying action due to the tension force in the connection.

Consider the hanger connection shown in Figure 9-27. If the legs of the connecting element had sufficient stiffness, then the sum of the tension force in the bolts would be equal to the applied load, T; however, due to the lack of rigidity of the connecting elements and the resulting prying action, the bolts will experience a total force higher than T. The effect of this prying action results in a compression force near the tip of the outstanding leg of the connecting element, which increases the tension force in the bolt from T to T + q.

The derivation of the following prying action equations is discussed in Ref. [6] and [7]. Using a more simplified approach, the minimum required thickness of the connecting element to ensure that there is no prying action can be obtained as follows [2]:


[image: image]

FIGURE 9-26Connections with prying action




[image: image]

FIGURE 9-27Prying action on a hanger



[image: image]   for LRFD   (9-30a)

[image: image]  for ASD   (9-30b)

Where,


	Tu	= factored applied tension force in the bolt, kips

	Ta	= Unfactored applied tension force in the bolt, kips

	ϕ	= 0.9

	Ω	= 1.67



b′ [image: image]   (9-31)


	b	= Distance from the bolt centerline to the face of the tee stem for a T-shape, in. (see Figure 9-28a),

		= Distance from the bolt centerline to the angle-leg centerline for an L-shape, in. (see Figure 9-28b),

	db	= Bolt diameter, in.,

	p	= Tributary length of the bolts from yield line theory and should be less than g (see Figure 9-28c); and for typical interior bolts, we can conservatively assume p = 3.5b ≤ s, where, s = bolt spacing in inches.
For edge bolts, p = 1.75b + edge distance ≤ s/2 + edge distance,

	Fu	= Minimum tensile strength of the connecting element.



In equation 9-30a or 9-30b, the additional force in the bolt due to prying action is nearly zero (q ≈ 0). If the thickness of the connecting element determined from equation (9-30a or 9-30b) is reasonable and the tension capacity of the bolt is not exceeded, then no further design checks for prying action need to be made.

A more complex but less conservative approach that allow a smaller thickness than those given in equations (9-30a) or (9-30b) to be used assumes a value of q that is greater than zero, thus magnifying the tensile force in the bolt.

A preliminary connecting element thickness, tpr, for members subject to prying action can be selected from AISCM Tables 15-2a (for Fu = 58 ksi) and 15-2b (for Fu = 65 ksi). The available tensile strength per inch from these tables is multiplied by the bolt tributary length, p, to obtain the allowable tensile strength.


[image: image]

FIGURE 9-28Prying action variables



Once the preliminary thickness, tpr, has been selected from AISCM Tables 15-2a and 15-2b, the required thickness, tmin, considering prying action is determined as follows (see AISCM equations (9-17) and (9-19)):

[image: image]  for LRFD   (9-32a)

[image: image] for ASD   (9-32b)

Where,

[image: image]   (9-33)

d′ = Hole width along the length of the fitting (usually the hole diameter) as shown in Figure 9-28c.

α′ = 1.0 for β ≥ 1,

[image: image]   (9-34)

[image: image]   (9-35)

[image: image]   (9-36)

[image: image]   (9-37)

a = Distance from the bolt centerline to the edge of the connecting element, and

Bc = Available tension strength per bolt (i.e., ϕrn, for LRFD or rn/Ω, for ASD).

If the final tmin obtained from equations (9-32a) or (9-32b) is less than the preliminary thickness, tpr, selected for the connecting element, the connection member selected is adequate, and therefore, use t = tpr.

If not, the leg thickness of the connecting element will have to be increased up to the thickness value, tmin, obtained from equations (9-32a) or (9-32b), or the geometry of the connection will have to be changed.

EXAMPLE 9-8

Prying Action (LRFD)

Determine the required angle size for the moment connection shown in Figures 9-29 and 9-30. The bolts are 3/4-in.-diameter A490 in standard holes, and the steel is ASTM A36.

Solution

A trial size of [image: image] LLH (i.e., long leg horizontal) will be selected, therefore,

tpr = ¾ in.

d for W18 × 40 = 17.9 in.

The tension force due to the applied moment is calculated as follows:

[image: image]

Since there are two bolts to resist the tension in the angle at the column, the force in each bolt is 20.1 kips.

Therefore, Tu per bolt = 20.1 kips


[image: image]

FIGURE 9-29Connection detail for Example 9-8




[image: image]

FIGURE 9-30Prying action variables for Example 9-8



Using the geometry from Figure 9-30 in conjunction with Figure 9-29, the minimum angle thickness to ensure that there is no prying action can be found using the simplified approach (see equation (9-30a)):

[image: image]

a + g = 4 in.(angle short leg)

[image: image]

[image: image]

Since each of the two bolts is an edge bolt, the edge distance = (7 in. – 4 in.)/2 = 1.5 in. For edge bolts,

[image: image]

Therefore, use p = 3.5 in.

Using equation (9-30a),

[image: image]

The minimum angle thickness is found to be greater than the thickness of the selected angle, but recall that this approach is conservative. We will also consider a less conservative approach for comparison purposes.

Using the preliminary hanger selection tables (AISCM Table 15-2a, with Fu = 58 ksi for A36 steel), the required strength is obtained as follows:

The applied factored tension force per unit length per bolt is calculated as

[image: image]

With b = 2.12 in., we find that the required angle thickness from AISCM Table 15-2a is approximately ½ in. for b = 2¼ in., yielding a tension capacity per bolt of 5.80 kips per linear inch, which is greater than the applied factored tension force per linear inch of 5.74 kips/inch. Based on this required thickness, the L7 × 4 ×¾ angle selected is adequate.

We will now proceed with the in-depth analysis to compare the results.

The minimum angle thickness, from equation (9-32a), is determined as follows:

[image: image]

[image: image]

[image: image]

Therefore, [image: image] [image: image]

[image: image]

Fnt for A490N bolts or Group B bolts = 113 ksi (see Table 9-3)

Ab (¾ in. diameter bolt) = 0.442 in.2

[image: image]

[image: image]

[image: image]

[image: image] = standard hole width for ¾ in. diameter bolt (see Figure 9-3) [image: image].

p = 3.5 in. (obtained previously)

[image: image]

[image: image]

[image: image]

[image: image]

Therefore, [image: image]

From equation (9-32a), the minimum thickness of the angle leg is

[image: image]

[image: image]

Therefore, [image: image] angle size selected is adequate.



9-8FRAMED BEAM CONNECTIONS


Framed beam connections are the most common connections used in steel buildings. The three most common variations are beam-to-beam (or girder), beam-to-column, and beam bearing. Figure 9-31 illustrates some of these connections. Any of the connecting elements can be bolted or welded; however, bolted connections are generally preferred because they are the most economical for shear connections; the labor cost and time for welding is usually greater than for bolted connections, and bolted connections are also easier to inspect. In this section, we will present a general overview of the analysis and design process for bolted framed-beam connections; welded connections will be covered in Chapter 10.


[image: image]

FIGURE 9-31Common types of framed beam connections



With the exception of welds, most of the failure modes that occur in framed beam connections have been discussed previously in this chapter. In lieu of performing each of these design checks for every type of connection, it is more practical to use the design aids in the AISCM, and this is what is commonly done in design practice. Table 9-4 summarizes the various framed-beam connection design and detailing aids in the AISCM. These connections are intended to provide vertical reaction to the supported beams or girders, and it must also have sufficient rotational ductility to accommodate the rotation expected from the structural analysis of the structure (see AISC Specifications Sections B3.4a and J1.2) [1]. For the seated beam connections (AISCM Tables 10-5 through 10-8), a clip angle connecting the supported beam to the supporting column should be provided at the top flange of the supported beam to ensure lateral support for the beam top flange.

TABLE 9-4 Connection Design Aids in the AISCM

[image: image]


Each AISCM framed beam connection design table just noted is a compilation of several tables for nearly every common connection type. For connections with single plates or angles, the length of the plate or angle should be at least one-half the throat, or the “T” distance, of the wide flange beam in order to provide adequate stability. The depth and length of cope in the connected beam will have to be checked; but, it generally does not control the design unless the amount of cope is excessive (see Chapter 11 for further discussion of coped beams).

All-Bolted Double-Angle Connections

An all-bolted double-angle connection is shown in Figure 9-32. For this type of connection, the failure modes that must be considered are shear in the bolts, bearing of the bolts, shear yielding, tearout and block shear in the connection angles, and shear yielding and block shear in the supported beam. AISCM, Table 10-1, should be used for the design of these types of connections.

EXAMPLE 9-9

All-Bolted Double-Angle Connection

Determine the shear capacity of the connection shown in Figure 9-33 using AISCM, Table 10-1. The W18 × 35 beam frames into a W24 × 55 girder. The bolts are ¾ in. diameter ASTM F3125 Grade F1852N bolts in standard holes. The angles are ASTM A36 and the beam is ASTM A992, grade 50.


[image: image]

FIGURE 9-32All bolted double angle connection




[image: image]

FIGURE 9-33Connection detail for Example 9-9



Solution

From AISCM, Table 10-1, with the number of horizontal rows of bolt, N = 4 for 3/4-in.-diameter Group A bolts with thread condition “N”and an angle thickness of 3/8 in., the design strength is found to be 140 kips. The capacity of the bolts bearing on the beam, and the block shear on the beam also must be checked.

With reference to Figure 9-34, the Leh value of 1¾ in. will be reduced by 1/4 in. to allow for fabrication tolerances. The capacity of the bolts bearing on the beam web is

[image: image]

The clear distance between the bolts is:

[image: image]

For W18 × 35 ASTM A992 Grade 50, tw = 0.3 in.; Fu = 65 ksi

Diameter of bolt = ¾ in.

For bolt 1 (i.e., the bolt closest to the cope),

[image: image]

[image: image]

[image: image]

[image: image]

Therefore, [image: image]

For bolts 2, 3, and 4,

[image: image]

[image: image]

[image: image]

Therefore, [image: image]

The total strength of all the bolts in bearing, is

[image: image]

Note that since the web thickness for the W24 × 55 is 0.395 in., the bolt bearing on the supported W18 × 35 (with tw = 0.3 in.) will control.


[image: image]

FIGURE 9-34Bolt bearing and block shear in beam



Block shear in the W18 × 35:

Number of holes on shear plane = 3.5 holes

Number of holes on tension plane = 0.5 hole

[image: image]

[image: image]

[image: image]

[image: image]

Using equation (4-11a), to determine the block shear strength,

[image: image]

[image: image]

[image: image]

[image: image]

Therefore, [image: image]

That is,the block shear capacity of the supported W18 × 35 beam (85.1 kips) controls over bolt bearing or tearout (105 kips) and the shear capacity of the double angle connection elements (140 kips).

Therefore, the design shear strength of this connection, [image: image] = 85.1 kips.

Bolted/Welded Shear End-Plate Connections

A bolted/welded shear end-plate connection is shown in Figure 9-35. For this type of connection, the failure modes that must be considered are shear in the bolts, bearing of the bolts, direct shear and block shear in the end plate, and shear in the weld connecting the supported beam to the end plate (welds are covered in Chapter 10). AISCM, Table 10-4, should be used for these types of connections.


[image: image]

FIGURE 9-35Bolted/welded shear end-plate connections



EXAMPLE 9-10

Bolted/Welded Shear End-Plate Connection

Determine the capacity of the connection shown in Figure 9-36 using AISCM, Table 10-4. The bolts are 7/8-in.-diameter A325N in standard holes. The end plate is ASTM A36 and the beam and column are ASTM A992, grade 50.

Solution

From AISCM Table 10-4, the design strength of the connection, using 7/8-in.-diameter ASTM F3125 Grade A325N Group A bolts, with number of horizontal rows of bolts, N = 5, with end plate thickness, tp = 5/16 in., is 155 kips. The strength of the weld will be discussed in Chapter 10. The strength of the bolts bearing on the column flange should also be checked. From part 1 of the AISCM, the flange thickness for a W12 × 65 is tf = 0.605 in.

The bearing strength is the same for each bolt.

[image: image]

[image: image]  (see equations (9-2) and (9-4))

[image: image]

[image: image]

[image: image]

Therefore, [image: image]

With 10 bolts, the total strength of all the bolts in bearing, is

[image: image]

Alternatively, AISCM Table 10-4, is a design aid for the available strength of the bolts bearing on the support. From AISCM, Table 10-4, the “Support Available Strength per inch of Thickness” from the bottom right-hand section of the table is 1020 kips/in. for the LRFD method. The total strength of the bolts bearing on the flange of the W12 × 65 column (tf = 0.605 in.) is

[image: image]

which is approximately equal to the previously calculated value of 619 kips.


[image: image]

FIGURE 9-36Connections detail for Example 9-10



Using the bottom left-hand side of this AISCM design table and noting that the web thickness, tw, for W21 × 44 beam is 0.35 in., therefore, only 3/16 in. fillet weld can be used since the minimum web thickness for ¼ in. weld is 0.38 in. which is greater than the available web thickness of the W12 × 65, tw = 0.35 in. Therefore, use 3/16 in. weld, and the “Weld and Beam Web Available Strength” from the bottom rows of AISCM Table 10-4 for the LRFD method is 118 kips.

Therefore, the shear capacity of the weld, [image: image] = 118 kips.

Single-Plate Shear Connections

A single-plate shear connection (also sometimes called a shear tab connection) is shown in Figure 9-37. The plate is fillet welded to the supporting column and bolted to the supported beam or girder. The failure modes for this connection are shear in the bolts, bearing and tearout of the bolts, shear yielding and block shear in the plate, failure of the weld to the connecting elements, and shear yielding and block shear in the beam. AISCM, Tables 10-10a or 10-10-b, should be used for the design of these types of connections. The dimensional limitations for this connection type when using AISCM, Table 10-10a or 10-10-b, are noted in Figure 9-37. In order to ensure a simple pin connection, thus allowing rotation at the beam supports, the AISCM [2] limits the shear plate thickness; it recommends that the maximum thickness in inches of the shear plate for connections with 2 to 5 bolts in one vertical row in standard holes be 0.5db + 1/16, where db is the bolt diameter (see AISCM Table 10-9). It also recommends a maximum shear plate thickness of [image: image] for connections with 6 to 12 bolts in one vertical row.

EXAMPLE 9-11

Single-Plate Shear Connection

Determine the capacity of the connection shown in Figure 9-38 using the AISCM Tables. The bolts are 3/4-in.-diameter A490N Group B in short-slotted holes transverse to the direction of the load (SSLT). The plate is ASTM A36 and the beam is ASTM A992, grade 50.

Solution

AISCM Table 10-10a is for shear plates with grade 36 steel and Table 10-10b is for shear plates with grade 50 steel. From AISCM Table 10-10a, with number of horizontal rows of bolts, n = 3; the depth of the shear plate, [image: image] = 1¼ + 3 +3 + 1¼ = 81/2 in.; ¾ in. diameter ASTM F3125 Grade A490N bolts (Group B) in short slotted holes (SSLT), and shear plate thickness, tp = 3/8 in., the design strength of the connection is ϕRn = 55.6 kips. The strength of the W14 × 22 beam web (tw = 0.23 in.) needs to be checked for block shear. Assume a block shear failure mode in the W14 × 22 beam web with a shear failure plane that extends vertically from the top of the beam cope to the centroid of the bottom hole, and a tension failure plane that extends horizontally from the centroid of the bottom hole to the edge of the beam web:


[image: image]

FIGURE 9-37Single-plate connections




[image: image]

FIGURE 9-38Connections detail for Example 9-11



Number of holes on the shear plane = 2.5 holes

Number of holes on the tension plane = 0.5 hole

[image: image]

[image: image]

[image: image]

[image: image]

Using equation (4-11a), to determine the block shear strength,

[image: image]

[image: image]

[image: image]

[image: image]

Therefore, ϕRn = 57.8 kips block shear strength

The strength of the bolts bearing on the W14 × 22 beam web (tw = 0.23 in.) also must be checked.

The clear distance from the edge of the top bolt hole to the edge of the beam cope is

[image: image]

The clear distance between the bolt holes is

[image: image]

For bolt 1, the capacity in tearout and bearing failure modes are

[image: image]

[image: image]

[image: image]

[image: image]

Therefore, [image: image]

For bolts 2 and 3, the capacity in tearout and bearing failure modes are

[image: image]

[image: image]

[image: image]

[image: image]

Therefore, [image: image]

The total bearing strength of all the 3 bolts is

[image: image]

The strength of the single plate connection is the smallest of 55.6 kips, 57.8 kips, and 60.3 kips. Therefore, the single shear plate strength controls, so the design shear capacity of the connection is ϕRn = 55.6 kips
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Exercises

9-1.Determine whether the connection shown in Figure 9-39 is adequate in bearing. Check the edge and spacing requirements. The steel is ASTM A36 and the bolts are in standard holes.

9-2.Determine the maximum tensile force, Pu, that can be applied to the connection shown in Figure 9-40 based on the bolt strength; assume ASTM A36 steel for the following bolt types in standard holes:


	7/8-in.-diameter A325N,

	7/8-in.-diameter A325SC (Class A faying surface, no fillers), and

	3/4-in.-diameter A490X.




[image: image]

FIGURE 9-39Detail for Exercise 9-1




[image: image]

FIGURE 9-40Detail for Exercise 9-2



9-3.Determine the maximum tensile force, Pu, that can be applied to the connection shown in Figure 9-41 based on the bolt strength and check bolt bearing; assume ASTM A36 steel for the following bolt types in standard holes:


	1-in.-diameter A325N,

	1-in.-diameter A325SC (Class B faying surface, no fillers), and

	7/8-in.-diameter A490X.




[image: image]

FIGURE 9-41Detail for Exercise 9-3



9-4.Determine the required bolt diameter for the connection shown in Figure 9-42. The steel is ASTM A36 and the bolts are in standard holes. Check the edge and spacing requirements. Use the following bolt properties:


	A490N, and

	A490SC.




[image: image]

FIGURE 9-42Detail for Exercise 9-4



9-5.Determine whether the connection shown in Figure 9-43 is adequate to support the applied moment considering the strength of the bolts in shear and bearing. The steel is ASTM A36 and the holes are standard (STD).


[image: image]

FIGURE 9-43Detail for Exercise 9-5



9-6.Determine the capacity of the connection shown in Figure 9-44, considering the strength of the bolts only. Assume that each bolt takes an equal amount of shear and tension. There are (8) 3/4-in.-diameter A325N bolts in standard holes.


[image: image]

FIGURE 9-44Connection detail for Exercise 9-6



9-7.Determine the capacity of the connection shown in Figure 9-45, considering the strength of the bolts only. Assume 3/4-in.-diameter A325X bolts in standard holes. Use the following methods and compare the results:


	Instantaneous center method,

	Elastic method, and

	AISC design aids.




[image: image]

FIGURE 9-45Connection detail for Exercise 9-7



9-8.Determine the capacity of the connection shown in Figure 9-46, considering the strength of the bolts only. Assume 3/4-in.-diameter A490N bolts in standard holes. Use the following methods and compare the results:


	Case I,

	Case II, and

	AISC design aids.




[image: image]

FIGURE 9-46Connection detail for Exercise 9-8



9-9.Determine whether the moment connection shown in Figure 9-47 is adequate considering the prying action on the angle, shear in the bolts, and bearing in the bolts. The steel is ASTM A36 and the holes are oversized (OVS).


[image: image]

FIGURE 9-47Connection detail for Exercise 9-9



9-10.Use the following parameters for the floor framing shown in Figure 9-48:

- Connection material is ASTM A36

- Beams are ASTM A992, grade 50

- Dead load is 75 psf, live load is 100 psf; ignore live load reduction

- Use ¾", A325 bolts in STD holes

 B-1: W18 × 35, B-2: W16 × 26

 G-1: W24 × 55, B-2: W21 × 44

Determine the following:

a.Find the factored reaction at B-1, B-2, G-1, and G-2.

b.Select an all-bolted, double angle connection from AISCM Table 10-1 and sketch the detail for each end connection and include copes where needed.

c.Check bolt bearing at each member.

d.For beams with copes, check the capacity at the cope.

9-11.Repeat exercise 9-10 using single plate shear connections per AISCM Table 10-10a.


[image: image]

FIGURE 9-48Framing plan for Exercise 9-10



9-12.Develop a spreadsheet to check Exercise 9-9 to include the following parameters:

- Variable beam and angle sizes,

- Variable bolt size and grade,

- Check prying action, bolt bearing, and block shear in the angle.

9-13.Develop a spreadsheet to check Exercise 9-1, but include the following additional variables and design components:

- Check block shear in the angle,

- Allow for a variable angle size, bolt diameter, and bolt quantity.




CHAPTER

10

Welded Connections

10-1INTRODUCTION


Welding is a process in which two steel members are heated and fused together with or without the use of a filler metal. Welding in structural steel construction is usually carried out in accordance with the specifications of the American Welding Society (AWS). The prequalified joint welding procedures for field and shop welds are covered in Section D1.1 of the AWS Code [1]. In structural steel buildings, connections often incorporate both welds and bolts. The use of bolts or welds in any connection is a function of many factors, such as cost, construction sequence, constructability, and the contractor’s preference. Welded connections offer some advantages over bolted connections, but they also have some disadvantages as well. The following lists summarize the advantages and disadvantages of welded connections:

Advantages of Welded Connections

1.Welded connections can be adapted to almost any connection configuration in which bolts are used. This is especially advantageous when construction problems are encountered with a bolted connection (e.g., misaligned bolt holes) and a field-welded connection is the only reasonable solution. Connections to existing steel structures are sometimes easier with welds because greater dimension tolerances are often needed that might not be possible with bolts.

2.The full design strength of a member can be more easily developed with a welded connection using an all-around weld. For example, a beam splice would need to develop the shear and bending capacity of the member in question, and although a bolted connection would be possible for this condition (see Chapter 11), a welded connection requires less material and space to develop the design strength of the beam and would create a beam splice that is completely continuous across the joint. A beam that is fabricated too short and therefore needs additional length to accommodate field conditions would often use a welded splice instead of a bolted splice for just that reason.

3.Welded connections take up less material and space. Consider a bolted moment connection from a beam to a column; the beam would usually have a top plate, as well as bolts protruding into space that would normally be occupied by a metal deck and concrete slab. The floor deck and slab would have to be modified and reinforced in this area to allow for the placement of the bolted connection. A welded moment connection in this case would allow the floor deck to align flush with the top of the beam.

4.Welded connections are more rigid and are subject to less deformation than bolted connections.

5.Welded connections are often preferred in exposed conditions where aesthetics is a requirement because the welds can be ground smooth to have a cleaner appearance.

Disadvantages of Welded Connections

1.Welded connections require greater skill. A welder is often certified not just for welding in general, but also for certain welding techniques (e.g., overhead welding).

2.Welded connections often require more time to construct than equivalent bolted connections. A greater amount of time equates to higher cost because of the labor, especially for welds that have to be performed in the field. In many cases, contractors prefer to avoid field-welded connections as much as possible because of the associated labor cost, even if it leads to using rather large and seemingly oversized bolted connections.

3.The required inspection of welded connections is more extensive than that of bolted connections. Discontinuities and other internal deficiencies in welds cannot easily be found by visual inspection. Visual inspection is the most widely specified nondestructive test for welds and is effective for detecting surface defects. A variety of other more sophisticated weld inspection or nondestructive testing methods are available, such as penetrant testing, magnetic particle testing, ultrasonic testing, and radiographic testing [2]. Each of these methods requires more labor and equipment, which adds to the cost of the connection. These other methods are effective for detecting internal defects in welds and are also used to validate the integrity of welds where visual inspection indicates the presence of defects. Some welds, such as full-penetration welds, require continuous inspection, which would mean that the welding inspector has to be on site whenever this type of welding is being done—also adding to the cost of the connection. The general contractor or the owner of the structure must arrange for the weld inspection to be carried out. The joints to be welded are typically inspected before and after welding, and any defective weld must be repaired. Common weld defects include surface cracks, internal cracks (that could be caused by restraint to the shrinkage of the welds), porosity of the weld (that could be caused by trapped gas bubbles within the weld as it cools), the presence of impurities in the weld, and incomplete fusion or the lack of appropriate fusion of the connected steel members, and the lack of adequate penetration of the weld into the base metal [2, 7]. For visually inspected fillet welds, AWS D1.1 [1] allows a reduction in throat size that varies from 33.3% for a 3/16-in. fillet weld to 40% for a 5/16-in. fillet weld, but this reduction must not occur for greater than 10% of the weld length, otherwise the fillet weld is deemed inadequate.

4.In existing structures, welded connections may be difficult or even impossible to use due to the occupancy of the structure. For example, welding in a warehouse with paper or other flammable material has an obvious element of danger associated with it. Special protective measures would then be required that might interrupt the regular business operation of the facility, in which case an alternate bolted connection might have to be used. With other structures, such as hospitals, a special permit might be required to ensure the safety of the occupants during the welding operation.

The heat energy needed to fuse two steel members together in the welding process could be electrical, mechanical, or chemical, but electrical energy is normally used for welding structural steel. The two most common welding processes are Shielded Metal Arc Welding (SMAW) and Submerged Arc Welding (SAW). In each case, electric current forms an arc between the electrode and the steel members that are being connected. An electrode is essentially a “stick” that acts as a conductor for the electric current. This arc melts the base metal as it moves along the welding path, leaving a bead of weld. As the steel cools, the impurities rise to the surface to form a layer of slag, which must be removed if additional passes of the electrode are required. The basic welding process for the SMAW is shown in Figure 10-1.


[image: image]

FIGURE 10-1Basic welding process (SMAW)



The shielded metal arc welding (SMAW) process, also called stick welding, is a manual process and is the most commonly used and specified type of weld for steel building construction. The SMAW is used for field welding. In the SMAW process, a coated electrode is used to heat both the base metal and the tip of the electrode, whereby part of the electrode is deposited onto the base metal. As the coating on the electrode dissolves, it forms a gaseous shield to help protect the molten weld from nitrogen and oxygen in the atmosphere.

The submerged arc welding (SAW) process is an automated welding process typically used for shop welding. This process is similar to SMAW, but an uncoated electrode is used. A granular flux, which is fusible and forms a protective gas shield, is placed over the joint while submerging the electrode and the arc, and the weld zone. This process is usually faster and results in a weld with a deeper penetration, which results in a higher weld strength.

There are several other types of welding processes [3], such as flux cored arc welding (FCAW), gas metal arc welding (GMAW), electroslag welding (ESW), electrogas welding (EGW), and gas tungsten arc welding (GTAW), but they are beyond the scope of this text.



10-2TYPES OF JOINTS AND WELDS


There are numerous possible welded joint configurations but the most common are the lap, butt, corner, and tee joints (see Figure 10-2). In Section 8 of the AISCM, these joints are designated as B (butt joint), C (corner joint), and T (T-joint). The following combinations are also recognized: BC (butt or corner joint), TC (T- or corner joint), and BTC (butt, T-, or corner joint). These designations are a shorthand form for specifying certain weld types.


[image: image]

FIGURE 10-2Joint types



There are also other weld types that are shown in Figure 10-3. There are a variety of factors that determine what type of weld to use, but the most common weld is the fillet weld. Fillet welds are generally triangular in shape and they are used to join members together that are usually at right angles to, or parallel to, each other. Fillet welds are the most economical type of weld because they require very little surface preparation and can be used in virtually any connection configuration.


[image: image]

FIGURE 10-3Weld types



Plug and slot welds are used to transmit shear in lap joints or to connect components of built-up members (such as web doubler plates) to prevent buckling. They are also used to conceal the connections for steel members that are exposed for architectural reasons. In addition, they can be used to add strength to connections with fillet welds (see Example 10-5). Neither plug nor slot welds should be used where a tension force is normal to the plane of the faying surface. Nor should they be used to support cyclical loads. Plug welds are placed in round holes and slot welds are placed in elongated holes. In each case, the weld metal is placed in the hole up to a certain depth (partial penetration or full penetration). The penetration depth of a plug or slot weld is difficult to inspect visually, so often such welds are not preferred.


[image: image]

FIGURE 10-4Groove welds



Groove welds are used to fill the gap between the ends of two abutting members at a joint. Groove welds can be made in joints that are classified as square, bevel, V (or double-bevel), U, J, or flare V (or flare bevel) (see Figure 10-4). In order to contain the weld metal, a backing bar is used at the bottom of groove welds. In some cases, the backing bar should be removed so that the weld can be inspected. In other cases, the backing bar is removed so that additional weld metal can be added on the other side of the joint. In this case, any part of the weld that is incomplete is removed prior to adding additional weld. This process is called back gouging and is generally limited to connections for joints specially detailed for seismic resistance. The backing bar for groove welds can also be left in place where special seismic detailing is not required, but this decision is usually left to the engineer.

Groove welds can penetrate the connected member for a portion of the member thickness, or it can penetrate the full thickness of the connected member. These are called partial-joint penetration (PJP) and complete-joint penetration (CJP) welds, respectively (see further discussion on groove weld strength in Section 10-7). Complete joint penetration welds (also called full-penetration or “full-pen” welds) fuse the entire depth of the ends of the connected members, and they are the most expensive weld type. Partial penetration welds are more cost-effective than CJP welds, and they are used when the applied loads are such that a full-penetration weld is not required. They can also be used where access to the groove is limited to one side of the connection.


[image: image]

FIGURE 10-5Weld positions



Whenever possible, welding should be performed in the shop where the quality of the weld is usually better controlled. Shop welds are not affected by weather conditions, and access to the joint is not limited. Welds can be classified as flat, horizontal, vertical, and overhead depending on how they are installed (see Figure 10-5). Flat welds are the easiest to install and this is the preferred welding procedure. Overhead welds, which are usually done in the field, should be avoided where possible because they are difficult and more time-consuming, and therefore more costly to install.



10-3WELD SYMBOLS


Weld symbols are commonly used to identify the required weld properties used in the connection design. Symbols have been standardized by the American Welding Society [1]; they are summarized in Table 8-2 of the AISCM [2].

Fillet welds are the most commonly specified welds and will be used as the basis for the following discussion (see Figures 10-6 and 10-7). The standard symbol is an arrow pointing to the weld or joint, with a horizontal line forming the tail of the arrow. The triangular shape indicates a fillet weld, and the vertical line of the fillet weld symbol is always shown on the left side of the weld symbol. For fillet and other weld types, the information about the weld is given above and below the horizontal line. If the information is below the horizontal line, then the welded joint is on the near side of the arrow. If the information is above the horizontal line, then the welded joint is on the opposite or far side of the arrow. The size of the weld is stated first on the left side of the weld-type symbol, then the length and spacing of the weld are placed to the right of the weld-type symbol. A circle at the intersection of the horizontal line and the tail of the arrow indicates that the weld is placed all around the joint; a shaded triangular flag on a vertical line at this location indicates that the weld is to be installed in the field (i.e., a field weld). The absence of the flag indicates that the weld should be done in the shop (see Figures 10-6 and 10-7 for weld symbols). At the end of the horizontal line, any special notes can be added. As noted in Chapter 8, the weld-all-around type of weld is usually discouraged for wide flange column-to-base plate connections, but is recommended for HSS column-to-base plate connections.


[image: image]

FIGURE 10-6Basic weld symbols



Table 8-2 of the AISCM also lists certain prequalified weld symbols that can be used to identify PJP or CJP weld types. Table 10-1 summarizes the basic notation used.

As an example, in the designation BU-4a used in AISCM, Table 8-2 [2], the letter B indicates a butt joint, and the letter U indicates that the thickness of the connected parts is not limited and that the weld is a complete joint penetration (CJP) weld. The number 4 indicates that the joint has a single-bevel groove, which means that one connected part is flat or unprepared, whereas the other connected part has a beveled edge. The letter “a” indicates something unique about this joint, which, in this case, means that a backing bar is used. The letter “a” also differentiates this joint type from a BU-4b weld designation, where the letter “b,” in this case, indicates that the underside of the joint in question must be backgouged and reinforced with additional weld metal.


[image: image]

FIGURE 10-7Weld symbols examples




Table 10-1Prequalified Weld Notation

[image: image]





10-4DIMENSIONAL REQUIREMENTS FOR WELDS


There are minimum dimensional requirements for welds given in the AISCM. Table 10-2 gives the maximum and minimum fillet weld sizes, which are a function of the thickness of the connected parts.


Table 10-2Maximum and Minimum Fillet Weld Sizes

[image: image]

Adapted from AISCM Table J2.4. Copyright © American Institute of Steel Construction. Reprinted with permissions. All rights reserved.
* The term t is the thickness of the thicker connected part.
† Single-pass welds must be used. The maximum weld size that can be made in a single pass is 516 in.




[image: image]

FIGURE 10-8Longitudinal weld



The minimum total length of a fillet weld must be at least four times the nominal size of the weld [image: image], or else the size of the weld used to determine its design strength shall be assumed to be one-fourth of the weld length (i.e., ¼L). With reference to Figure 10-8, when longitudinal welds are used to connect the ends of tension members, the length of each weld shall not be less than the distance between adjacent longitudinal welds. This is to prevent shear lag, which occurs when all parts of the connected member are not fully engaged in resisting the tension load, leading to a non-uniform or uneven axial tension stress distribution (see Chapter 4).

The maximum length of a fillet weld is unlimited, except for end-loaded welds. End-loaded welds are longitudinal welds in axial-loaded members. These welds can have a length 100 times the weld size (e.g., maximum length of 18.75 in. and 25 in. for 3/16 in. and ¼ in. fillet weld, respectively). When the length-to-size ratio, [image: image], of an end-loaded weld exceeds 100, the design strength is adjusted by the following factor:

[image: image]   (10-1)

where

β = Weld strength adjustment factor (varies from 0.60 to 1.0),

L = Weld length

w = Weld size

The minimum diameter of a plug weld or width of a slot weld is the thickness of the part containing it plus 5/16 in. rounded up to the next larger odd 1/16 in. (see Figure 10-9). The maximum diameter of a plug weld or width of a slot weld is 21/4 times the thickness of the weld. The length of a slot weld shall be less than or equal to 10 times the weld thickness. Plug welds should be spaced a minimum of four times the hole diameter (4d). Slot welds should be spaced a minimum of four times the width of the slot in the direction transverse to their length. In the longitudinal direction, slot welds should be spaced a minimum of twice the length of the slot [2].

For a connected part that is 5/8 in. thick or less, the minimum thickness of plug or slot weld is the thickness of the material. For material greater than 5/8 in. thick, the thickness of plug or slot weld should be at least half the thickness of the material, but not less than 5/8 in. Figure 10-9 shows the basic dimensional requirements for plug and slot welds presented in the preceding discussion.


[image: image]

FIGURE 10-9Plug and slot welds dimensional limitations (AISC Specification J3.3b)





10-5FILLET WELD STRENGTH


The strength of a fillet weld is based on the assumption that the weld forms a right triangle with a one-to-one slope between the connected parts (see Figure 10-10). Welds can be loaded in any direction, but are they are weakest in shear and are therefore assumed to fail in shear. The shortest distance across the weld is called the throat, which is where the shear failure plane is assumed to occur. Any additional weld at the throat (represented by the dashed line in Figure 10-10) is neglected in calculating the strength of the weld.


[image: image]

FIGURE 10-10Fillet weld geometry



Based on the geometry in Figure 10-10, the strength of the weld can be calculated as

[image: image]   (10-2)

Where,



	Rn =
	Nominal weld strength, kips,



	w =
	Weld size, in.,



	[image: image] =
	size of throat of weld (see Figure 10-10),



	L =
	total weld length, in., and



	Fw =
	Nominal weld strength, ksi.




The nominal weld strength, Fw, is a function of the weld metal or electrode used. The ultimate electrode strength can vary from 60 ksi to 120 ksi, but the most commonly used electrode strength is 70 ksi. The electrode strength is denoted by the letter E followed by two digits that represent the electrode strength and two additional numbers that indicate the welding process. The designation E70XX is commonly used to indicate electrodes with a nominal strength of 70 ksi. The first “X” indicates the weld position (such as overhead), and the second “X” indicates the welding current and other weld properties not directly pertinent to the weld strength. An example of a complete weld designation is E7028, where the “2” represents a horizontal and flat weld and the “8” represents an electrode with a low hydrogen coating.

From AISCM, Table J2.5 [2], the nominal strength of a fillet weld in shear is

[image: image]   (10-3)

where FEXX is the electrode strength.

Single Weld:

Therefore, the nominal strength of a single fillet weld is found by combining equations (10-2) and (10-3) as follows:

[image: image]   (10-4a)

The design strength and the allowable strength, respectively, are then given as follows:

[image: image]for LRFD   (10-4b)

[image: image]for ASD   (10-4c)

Where, ϕ = 0.75 and Ω = 2.0.

The weld size is commonly expressed in terms of the number of sixteenths of an inch. For example, a fillet weld size of w = 1/4 in. could be expressed as four-sixteenths of an inch, indicating that the number, D = 4. Similarly, a weld size of w = 3/16 in. could be expressed as three-sixteenths of an inch, indicating that the number, D = 3. From AISCM, Table J2.5, the strength reduction factor for shear is ϕ = 0.75. Combining these with a commonly used electrode strength of FEXX = 70 ksi, the design strength becomes

[image: image] [image: image]for LRFD   (10-5a)

[image: image] [image: image]for ASD   (10-5b)

Where,

  Rn = Nominal weld strength, kips,

 ϕRn = Design weld strength, kips,

  D = Weld size in sixteenths of an inch, and

  L = total weld length, in.

It should be noted that the strength of the connected part must also be checked for strength in shear, tension, or shear rupture, whichever is applicable to the connection (see Chapter 4).

The above formulation for weld strength is conservative because the shear failure mode which has the lowest strength of all the possible failure modes was assumed.

Weld Group:

For a linear weld group loaded in the plane of the weld, the nominal weld strength as a function of the angle between the load direction and the plane of the weld is given as

[image: image]   (10-6)

Where the angle, θ, is given in Figure 10-11. Note that a linear weld group is one that has all the welds in line or in parallel.

For weld groups where the welds are oriented both transversely and longitudinally to the applied load, the nominal weld strength is the greater of the following two design strengths:

For LRFD:   [image: image]   (10-7a)

[image: image]   (10-7b)


[image: image]

FIGURE 10-11Weld loaded at an angle



For ASD:   [image: image]   (10-8a)

[image: image]   (10-8b)

Where,



	Rwl =
	Nominal strength of the longitudinal fillet welds using Fw = 0.6FEXX,



	Rwt =
	Nominal strength of the transverse fillet welds using Fw = 0.6FEXX, and



	ϕ =
	0.75



	Ω =
	2.0



EXAMPLE 10-1

Fillet Weld Strength

Determine the capacity of the connection shown in Figure 10-12 based on weld strength alone. Electrodes are E70XX.


[image: image]

FIGURE 10-12Detail for Example 10-1



Solution

The AISC requirements for weld size must be checked first.

From Table 10-2,

Minimum weld size = 3/16 in. (1/4 in. provided, OK.)

Maximum weld size = tmax – 1/16 in. = 3/8 in. – 1/16 in. = 5/16 in. (1/4 in. provided, OK.)

Dimensions of longitudinal fillet welds:

[image: image]

[image: image]

Since the longitudinal fillet weld length is not less than the transverse distance between the welds (i.e., L is not less than b), the spacing between longitudinal fillet welds is adequate.

Weld Capacity:

Since E70XX electrodes are specified, equations (10-5a) and (10-5b) can be used:

For ¼ in. (i.e., 4/16 in.) fillet weld, D = 4

Total length of fillet weld, L = 4 in. + 4 in. = 8 in.

[image: image]

[image: image](LRFD)

[image: image]

[image: image](ASD)

EXAMPLE 10-2

Fillet Weld Strength

Determine the capacity of the connection shown in Figure 10-13 based on weld strength alone. Electrodes are E70XX.


[image: image]

FIGURE 10-13Detail for Example 10-2



Solution

From Example 10-1, the AISC requirements for weld size are satisfied.

For ¼ in. (i.e., 4/16 in.) fillet weld, D = 4

Total length of longitudinal fillet weld, [image: image] = 4 in. + 4 in. = 8 in.

Total length of transverse fillet weld, [image: image] = 6 in.

LRFD Solution:

From equation (10-7a),

[image: image]

From equation (10-7b),

[image: image]

= (0.85)(44.5) + (1.5)(33.4) = 87.9 kips.

The greater of these two values control, so the design strength of the weld is ϕRn = 87.9 kips.

ASD Solution:

Since both longitudinal and transverse welds are present, equations (10-8a) and (10-8b) are used.

From equation (10-8a),

[image: image]

From equation (10-8b),

[image: image]

[image: image]

The larger of these values controls, so the available strength of the weld is Rn/Ω = 58.7 kips.

Thus far, only the weld strength has been considered in the analysis of connections. We will now consider the strength of the connected elements or parts. In some cases, the connection is designed for the capacity of the connected elements in order to ensure that the connection does not become the weak link in the load path.

From Chapter 4, the strength of an element in tensile yielding is

[image: image] for LRFD   (10-9a)

[image: image] for ASD   (10-9b)

Where,

ϕ = 0.90

Ω = 1.67

Fy = Yield stress, and

Ag = Gross area of the connected element.

The strength of an element in tensile rupture (see Chapter 4) is

[image: image] for LRFD   (10-10a)

[image: image] for ASD   (10-10b)

Where,

ϕ = 0.75

Ω = 2.0

Fu = Ultimate tensile stress,

Ae = Effective area of the connected element

= AnU,

An = Net area of the connected element, and

U = Shear lag factor (see Chapter 4 and Table 4-5).

The block shear strength from Chapter 4 is given as

[image: image] for LRFD   (10-11a)

[image: image] for ASD   (10-11b)

Where,



	ϕ =
	0.75,



	Ω =
	2.0



	Anv =
	Net area subject to shear rupture,



	Ant =
	Net area subject to tensile rupture,



	Agv =
	Gross area subject to shear rupture, and



	Agt =
	Gross area subject to tensile rupture



	Ubs =
	Block shear coefficient



	=
	1.0 for uniform tension stress



	=
	0.5 for nonuniform tension stress.



For welded tension members, the net shear area is equal to the gross shear area since there are no bolt holes, and the net tension area is also equal to the gross tension area. That is, Anv = Agv and Ant = Agt, and since Fy is less than Fu, therefore, the block shear capacity from equation (10-11) for welded connections can then be reduced to:

[image: image], for LRFD   (10-12a)

[image: image], for ASD   (10-12b)

EXAMPLE 10-3

Design Strength of a Welded Connection

Determine the strength of the connection from Example 10-2 considering the strength of the connected elements. Assume that ASTM A36 steel is used.

Solution

From Example 10-2, the design strength of the weld was found to be ϕRn = 87.9 kips. The strength of the connected elements in tension, shear, and block shear will now be investigated.

From the geometry of the connection,

[image: image]

LRFD Solution:

Tensile yielding:

[image: image]

Tensile rupture:

[image: image]

Block shear:

[image: image]

The smallest of the design strengths from the above three failure modes will be the critical failure mode; for this example, it is tensile yielding of the connected member, where the design strength, ϕRn = 72.9 kips.

ASD Solution:

Tensile yielding:

[image: image]

Tensile rupture:

[image: image]

Block shear:

[image: image]

The smallest of the allowable strengths from the above three failure modes will be the critical failure mode; for this example, it is tensile yielding on the connected member, where the allowable strength, Rn/Ω = 48.5 kips.



10-6PLUG AND SLOT WELD STRENGTH


The strength of a plug or slot weld is a function of the size of the hole or slot. The cross-sectional area of the hole or slot in the plane of the connected parts is used to determine the strength of the weld. The strength of plug and slot welds is calculated as follows:

[image: image] for LRFD   (10-13a)

[image: image] for ASD   (10-13b)

Where,



	ϕ =
	0.75



	Ω =
	2.0



	Fw =
	0.6FEXX, and



	Aw =
	Cross-sectional area of the weld (= [image: image] for a plug weld of diameter, [image: image].)




The dimensional requirements for plug and slot welds are given in Section 10-4 (see Figure 10-9).

EXAMPLE 10-4

Plug Weld Strength

Determine the strength of the plug weld in the built-up connection shown in Figure 10-14 considering the strength of the weld only. Electrodes are E70XX.


[image: image]

FIGURE 10-14Detail for Example 10-4



Solution

Weld Dimensions (see Figure 10-9 for plug weld dimensional limitations)

The dimensions to the left of the plug weld symbol, 1¼"ϕ - 5/8, indicates the following:

Diameter of plug weld = 1¼ in. = 1.25 in.

Thickness or depth of plug weld, [image: image] = 5/8 in.

Minimum Weld Diameter:

tplate = 3/4 in. (Note: the plug weld is within the plate thickness)

flange thickness (W18 × 65), tf = 3/4 in.

dmin = t + 5/16 in. = 3/4 in. + 5/16 in. = 11/16 in.

This should be rounded up to the next odd 1/16 in; therefore, use dmin = 13/16 in. < 11/4 in. OK.

Maximum Weld Diameter:

[image: image] (5/8 in.) = 1.41 in. > 11/4 in. OK.

Minimum Thickness:

Since tplate = ¾ in. > [image: image] = 5/8 in., therefore, [image: image] is equal to the

Larger of 5/8 in. or [image: image]

[image: image] 3/8 in.; therefore, the required minimum thickness of the plug weld is 5/8 in.

Since the plug weld thickness provided = 5/8 in., therefore, OK.)

Minimum Spacing:

[image: image]

Therefore, all the plug weld dimensional requirements in Figure 10-9 are satisfied.

LRFD:

From equation (10-13a), the design weld strength is

[image: image]

ASD:

From equation (10-13b), the allowable weld strength is

[image: image]

EXAMPLE 10-5

Slot Weld Strength

Determine the strength of the connection shown in Figure 10-15 considering the strength of the weld and the steel angle. Electrodes are E70XX and the steel is ASTM A36.


[image: image]

FIGURE 10-15Detail for Example 10-5



Solution

Weld Dimensions (See Figure 10-9 for Slot Weld Dimensional Limitations)

The connection consists of fillet and slot welds.

Slot Weld:

The dimensions to the left of the slot weld symbol, 3/8" – 3", indicates the following:

Thickness of slot weld, w = 3/8 in., and

Length of slot weld = 3 in.

Minimum Slot Weld Width (See Figure 10-9):

[image: image] 5/16 in. = 11/16 in.

This should be rounded up to the next odd 1/16 in.; therefore, dmin = 13/16 in. (13/16 in. provided). OK.

Maximum Slot Weld Width (See Figure 10-9):

[image: image] (3/8 in.) = 0.85 in. > 13/16 = 0.82 in. OK.

Minimum Slot Weld Thickness (See Figure 10-9):

t for L3 × 3 × 3/8 = 3/8 in. < 5/8 in.

Therefore, from Figure 10-9, the minimum slot weld thickness, wmin = t = 3/8 in. OK.

Maximum length of slot weld = 10w = (10)( 3/8 in.) = 3.75 in. > 3 in. OK.

Therefore, the dimensional requirements for the slot welds from Figure 10-9 are satisfied.

Fillet Weld:

Size of fillet weld = 3/16 in.

Length of each fillet weld = 3 in.

Weld Strength - LRFD

From equation (10-13a), the design shear strength for the slot weld is calculated as follows:

Slot width, d = 13/16 in.

Slot length = 3 in.

[image: image]

[image: image]

[image: image]

From Equation 10-5a, the design shear strength for the fillet weld is calculated as follows:

For 3/16 in. weld, D = 3.

Total length of fillet weld, L = 3 in. + 3 in. = 6 in.

[image: image]

Total weld strength: 76.8 + 25.0 = 101.8 kips.

Tensile Strength of L3 × 3 × 3/8:

Length of longitudinal welds are [image: image] = 3 in., and [image: image] = 3 in.

Average length of longitudinal fillet welds, [image: image]

For L3 × 3 × 3/8, obtain the following properties from part 1 of the AISCM:

Gross cross-sectional area, Ag = 2.11 in.2

[image: image]

Tensile Yielding Failure Mode:

[image: image]

Tensile Rupture Failure Mode:

The shear lag factor is calculated as

[image: image]

= (1.805)(0.705) = 1.27 in.2

[image: image]

Weld Strength - ASD

From equation (10-13b), the allowable shear strength for the slot weld is calculated as follows:

Slot width, d = 13/16 in.

Slot length = 3 in.

[image: image]

[image: image] ([image: image])

From Equation 10-5b, the allowable shear strength for the fillet weld is calculated as follows:

For 3/16 in. weld, D = 3.

Total length of fillet weld, L = 3 in. + 3 in. = 6 in.

[image: image]

Total weld strength: 51.2 + 16.7 = 67.9 kips.

Tensile Strength of L3 × 3 × 3/8:

Length of longitudinal welds are [image: image] = 3 in., and [image: image] = 3 in.

Average length of longitudinal fillet welds, [image: image]

For L3 × 3 × 3/8, obtain the following properties from part 1 of the AISCM:

Gross cross-sectional area, Ag = 2.11 in.2

[image: image]

Tensile Yielding Failure Mode:

[image: image]

Tensile Rupture Failure Mode:

The shear lag factor is calculated as

[image: image]

= (1.805)(0.705) = 1.27 in.2

[image: image]

For both the LRFD and ASD methods, tensile rupture controls the design of this welded connection. Note that the strength of the fillet welds alone would not be adequate to match the tensile rupture strength of the angle. More fillet weld could also be added, but the use of a slot weld is shown here for illustrative purposes.



10-7GROOVE WELD STRENGTH


There are two basic types of groove welds: complete joint penetration (CJP) welds and partial joint penetration (PJP) welds (see Figure 10-16 for groove welds). The strength of a joint made with a CJP weld is a function of the strength of the base metal because the CJP weld completely fuses the two connecting parts together as if they were one member. For a CJP weld in tension, the nominal strength would be the product of the cross-sectional area of the smaller of the steel elements being joined and the yield strength of the steel. The process of making a CJP weld requires providing weld metal throughout the entire depth of the joint. The best quality CJP weld is one in which the weld metal is applied to one side through the entire base metal thickness and then the opposite side is backgouged, or cleaned and prepared for the application of more weld metal (see Figure 10-16a). An alternate way to place the weld metal is to provide a backing bar on one side of the joint to contain the weld metal as the weld is placed through the material thickness. The backing bar does not provide any strength to the joint in the final condition, so it can be removed after the weld is placed.


[image: image]

FIGURE 10-16Groove welds



A PJP weld does not extend through the entire thickness of the connecting parts, so the strength of a PJP weld is a function of the depth of the weld and the thickness of the weld at the connected portion. The nominal strength is then the cross-sectional area of the weld multiplied by the smaller of either the yield strength, Fy, of the connected parts or 0.6FEXX.

There are also some dimensional limitations for CJP welds that impact its design strength. The depth or effective throat of the weld is used to calculate the available cross-sectional area for all weld positions and processes as shown in Table 10-3, and the minimum effective throat of a PJP weld is given in Table 10-4.


Table 10-3Effective Throat of Partial-Joint-Penetration Groove Welds

[image: image]



Source: Adapted from Table J2.1 [2]. Copyright American Institute of Steel Construction. Reprinted with permissions. All rights reserved.

Table 10-4 Minimum Effective Throat of Partial-Joint-Penetration Groove Welds


	Thickness of thinner connected part	Minimum effective throat (depth), E

	t ≤ ¼ in.	[image: image] in.

	¼ in. < t ≤ ½ in.	[image: image] in.

	½ in. < t ≤ [image: image] in.	¼ in.

	[image: image] in. < t ≤ 1 ½ in.	[image: image] in.

	1½ in. < t ≤ 2¼ in.	[image: image] in.

	2¼ in. < t ≤ 6 in.	½" in.

	Over 6 in.	[image: image] in.



Source: Adapted from Table J2.3, [2]. Copyright American Institute of Steel Construction. Reprinted with permissions. All rights reserved.

EXAMPLE 10-6

Strength of a Groove weld

For the given detail in Figure 10-17, the steel is ASTM A572, grade 50 and the weld process is SMAW in the flat position with E70XX electrodes.


[image: image]

FIGURE 10-17Weld detail for Example 10-6



a.Determine the strength of the splice connection for a groove weld depth, S = 1 in.

b.Determine the minimum groove weld depth required to support an applied factored load of 75 kips.

Solution

Check weld dimensions:

The depth of groove weld provided, S = 1 in,

From Table 10-3, the weld is in the flat position and is made with a SMAW process, therefore the effective groove weld depth, E = S = 1 in.

Thickness of thinner part connected, t = 1½ in.

Therefore, from Table 10-4, the minimum effective throat, E = in. < 1 in.

a.Base metal strength:
Groove weld depth, S = 1 in.
Width of plate = 7 in.
The base metal strength is
ϕtPn = ϕtFyAg = ϕtFy (S)(width of plate) = (0.9)(50 ksi)(1 in.)(7 in.) = 315 kips.
Weld Strength:
ϕwRn = ϕw0.6 FEXX Aw = ϕw0.6FEXX(S)(width of plate) = (0.75)(0.6)(70 ksi)(1 in.)(7 in.) = 220 kips.
The smaller of the above two strength values controls, therefore, the weld strength controls; so, the maximum value of Tu is 220 kips.

b.From Part (a), it was determined that the weld strength (ϕwRn = 220 kips) controls the design at a specified groove weld depth of 1 in. Therefore, the required minimum groove weld depth to resist the factored load, Pu = 75 kips is
[image: image], say S = [image: image] in.

This is greater than the required minimum value of [image: image] in. for the groove weld depth from Table 10-4, so a partial penetration groove weld with a depth of [image: image]" is required.



10-8ECCENTRICALLY LOADED WELDS: SHEAR ONLY


The analysis of eccentrically loaded welds with the eccentricity in the plane of the welds follows the same principles that was used in Chapter 9 for the analysis of eccentrically loaded bolts subjected to in-plane shear. As shown in Figure 10-18, eccentrically loaded welds with the applied load in the same plane as the weld group are subjected to the direct shear from the applied load, P, plus additional shear caused by the moment (Pe) resulting from the eccentric load, P. In this case, no tension stresses are induced in the welds, but only shear stresses are present. The three methods that can be used for the analysis of eccentrically loaded welds subjected to in-plane shear only are as follows:


[image: image]

FIGURE 10-18Eccentrically loaded weld




	Instantaneous center of rotation (IC) method

	Elastic method

	Plastic method.



The first two methods are covered in this text.

Instantaneous Center (IC) of Rotation Method or Ultimate Strength Analysis:

The instantaneous center of rotation (IC) method or the ultimate strength analysis method accounts for the strain compatibility of the weld elements and is more accurate than the elastic method, but it requires an iterative solution. As was the case with eccentrically loaded bolted connections, an eccentrically loaded weld will rotate about a point called the instantaneous center (IC) (see Figure 10-19). For analysis, initially the location of the IC has to be assumed, and the IC is assumed as the origin with x- and y-coordinates of (0, 0); knowing the IC location would yield ro in Figure 10-19. The weld must also be broken down into discrete elements of equal lengths, [image: image], for the analysis, and the x- and y-coordinates of the centroid of each discrete weld element relative to the IC are determined, together with the lengths of each element; from this, the radial distance, [image: image], of each weld element from the IC can then be determined. Equations (10-16) through (10-22) are then used to determine the nominal resultant shear strength, [image: image], of each weld element (see Figure 10-19). It is recommended that at least 20 elements be selected for the longest weld in the group in order to maintain reasonable accuracy in the solution [2]. The resultant shear strength of each weld element, [image: image], is assumed to be perpendicular to the radial line joining the centroid or CG of the weld element to the IC.

Using a load–deformation relationship, the nominal strength of the weld group is obtained as follows [2]:

[image: image]   (10-14)

[image: image]   (10-15)

Where,



	Rnx =
	x component of the nominal weld strength,



	Rny =
	y component of the nominal weld strength,



	Awi =
	Effective weld throat area of element i = [image: image],



	Fwi =
	nominal weld stress for element i.



	 
	[image: image]   (10-16)



	Fwix =
	x component of the nominal weld stress, Fwi,



	Fwiy =
	y component of the nominal weld stress, Fwi,




[image: image]   (10-17)

[image: image]   (10-18)



	ri =
	Distance from the IC to the centroid of the discrete weld element i, in. [image: image],



	[image: image], [image: image] =
	x- and y-coordinates of the centroid of each discrete weld element measured from the IC



	[image: image] =
	Deformation, [image: image], of the weld element that has the smallest [image: image] ratio. This usually occurs in the weld element that is farthest from the IC (i.e. the elementwith the largest [image: image])



	rcrit =
	Distance from the IC to the weld element with minimum or smallest [image: image] ratio, in.,



	[image: image] =
	Deformation of weld element [image: image] at ultimate stress, in. (This is usually the weld element located farthest from the IC)



	 
	[image: image]   (10-19)



	[image: image] =
	Deformation of weld element [image: image] at maximum stress, in.



	 
	[image: image]   (10-20)



	[image: image] =
	deformation of weld element, [image: image], at an intermediate stress level,



	[image: image] =
	angle in degrees between the longitudinal axis of the weld element, [image: image], and the direction of the resultant force, [image: image], on the weld element (see Figure 10-19),



	w =
	Weld leg size, in.



	[image: image] =
	length of discrete welds



	FEXX =
	filler metal classification strength (ksi)





[image: image]

FIGURE 10-19Eccentrically loaded weld: IC method



The resistance or strength, [image: image], of each weld element calculated above is assumed to act perpendicular to a radial line joining the IC to the centroid or CG of the weld element [image: image] (see Figure 10-19 ). When the chosen location of the IC is correct, then all the equilibrium equations will be satisfied (ΣFx = 0, ΣFy = 0, and ΣM = 0). A summary of the step-by-step procedure for using the IC or the ultimate strength analysis method is as follows:

1.Divide the welds into equal discrete lengths, [image: image] (e.g. 0.5 in.). Use at least 20 weld segments along the longest weld length [2]. Note and select the fillet weld size, w.

2.Assume the location of the of the coordinates of the instantaneous center (IC), and therefore determine ro.

3.Locate the x- and y-coordinates of all the discrete weld elements relative to the location of the IC.

4.Calculate the radial distance from the centroid of each weld element to the IC. That is, for weld [image: image], [image: image].

5.The resultant strength or resistance, [image: image], of each weld segment or element is perpendicular to the radial line from the centroid of the discrete weld segment to the assumed IC location. Therefore, calculate the angle, [image: image], in degrees between the longitudinal axis of each discrete weld element and the direction of the resultant strength, [image: image], in the weld element. Note that unlike bolts under eccentric loads, this angle, [image: image], is required for welds under eccentric loads [2].

6.For each discrete weld element, determine the deformation, [image: image], from equation (10-19) and calculate [image: image].

7.For each discrete weld element, determine the deformation, [image: image], from equation (10-20).

8.Determine the weld element with the smallest [image: image] ratio, which usually occurs in the weld element farthest from the IC. Knowing the [image: image] of this weld element, determine [image: image]

9.Using [image: image] obtained in step 8, determine for each weld [image: image] using equation (10-18).

10.For each weld element, calculate [image: image] from equation (10-17).

11.For each weld element, [image: image] compute from equation (10-16) and calculate [image: image] from equation (10-14) and [image: image] from equation (10-15), where, [image: image]. Note that the resultant resistance or strength for each weld element is [image: image].

12.Check the following rotational and force equilibrium equations (see Figure 10-19):

[image: image]   (10-21a)

[image: image]   (10-21b)

[image: image]   (10-21c)

If all the three equilibrium equations (10-21a), (10-21b) and (10-21c) are satisfied, that is, they all produce the same value of P, then the IC location assumed in Step 2 is correct. If not, select a new IC location and repeat the process. It is evident that the analytical process involved in the instantaneous center of rotation method is quite tedious and is not practical for common use without the aid of computer software or a spreadsheet. AISCM Tables 8-4 through 8-11 are design aids that have been derived using the IC method, and the use of these design aids will be illustrated in Examples 10-8 and 10-9.

Elastic Method:

In lieu of the more tedious IC method, the elastic method can be used. This method is more conservative because it ignores the ductility and the redundancy (i.e., the load redistribution capability) of the weld group. When a weld is subjected to an in-plane eccentric load as shown in Figure 10-20, the forces on the weld can be resolved into a direct shear component and a torsional shear component. Considering the direct shear component, the shear in the weld per linear inch is

[image: image]   (10-22)

Where,

rp = applied shear per linear inch of weld with components rpx and rpy,


[image: image]

FIGURE 10-20Eccentrically loaded weld: Elastic method



[image: image]   (10-23)

[image: image]   (10-24)

P = Applied load with components Px and Py

L = Total length of the welds in the weld group.

Considering the torsional component, the applied shear in the weld per linear inch is

[image: image]   (10-25)

Where,

rm = applied shear per linear inch of weld with components rmx and rmy

[image: image]   (10-26)

[image: image]   (10-27)



	e =
	Distance from the applied load, P, to the centroid of the weld group,



	c =
	Distance from the center of gravity of the weld group to a point most remote from the centroid of the weld group with components cx and cy, along the X- and Y-axes, respectively. Note that cx and cy are measured from the centroid (CG) of the weld group.



	Ip =
	Polar moment of inertia of the weld group (also commonly noted as J) = Ix + Iy.; see Table 10-5





TABLE 10-5 Section Properties of Weld Groups

[image: image]

[image: image]



The polar moment of inertia, Ip, about the center of gravity of the weld group can be found by summing up the rectangular moments of inertia (Ix + Iy); however, Table 10-5 is provided as a reference for the speedy calculation of the polar moment of inertia of weld groups. In calculating the polar moment of inertia, the thickness of the weld is ignored, and the weld group is treated as line elements with a unit thickness.

Once all of the applied shear stress components are found (rp, rm), they are added together to determine the point at which the applied shear stress is highest, which is usually the point most remote or farthest from the centroid of the weld group, The resultant applied shear stress, r, in kips/inch is calculated as:

[image: image]   (10-28)

This resultant applied shear stress (in kips/inch) is then compared to the available strength of the weld, [image: image] in kips/inch, and the goal is to ensure that [image: image].

EXAMPLE 10-7

Eccentrically Loaded Weld: Shear Only

Determine whether the weld for the bracket connection shown in Figure 10-21 is adequate to support a factored load of Pu = 40 kips. Electrodes are E70XX.


[image: image]

FIGURE 10-21Connection detail for Examples 10-7 and 10-8



Solution

From Table 10-5, the weld group is identified as type “e.”

Center of gravity (x, y):

The location of the centroid (CG) of the weld group Type “e” is as shown in Table 10-5:

The weld dimensions (type “e”) are:

b = 5 in.; and d = 10 in.

[image: image]

Total length of welds in the group, L = 5 in. + 10 in. + 5 in. = 20 in.

Polar moment of inertia:

[image: image]

[image: image]

Note that c, cx and cy are measured from the centroid (CG) of the weld group to the farthest weld element.

Eccentricity of the load from the centroid of the weld, e = 8 in. + [image: image] = 8 + 3.75 in. = 11.75 in.

Weld Stress Due to Direct Shear:

From equations (10-23) and (10-24), the applied weld stress due to direct shear are:

[image: image]

Weld Stress Due to the Torsional Component:

From equations (10-26) and (10-27), the applied weld stress due to the torsional component are:

[image: image]

[image: image]

Total Applied Weld Stress:

From equation (10-28), the total applied weld stress is

[image: image]

Available Weld Strength:

For ¼ in. weld, D = 4

From equation (10-5a), the weld strength per unit length is

[image: image]

[image: image]

The applied weld stress, r, is found to be greater than the available weld strength, [image: image], therefore, the weld size would have to be increased; by inspection, a 7/16-in. weld would be required, and this indicates a multiple-pass weld since its size is greater than 5/16-in. Multi-pass welds are more expensive than single pass welds, and since the volume of weld material in a fillet weld is proportional to the square of the fillet weld size, w, (see Figure 10-10), a 7/16-in. weld will use almost twice as much volume of weld material compared to a 5/16-in. weld. Note that in the preceding calculation, the weld length, L, was taken as 1 in., since the applied stress was calculated per unit length of weld.

EXAMPLE 10-8

Eccentrically Loaded Weld: Shear Only, Using the AISCM Design Aids

Determine, using the appropriate design aid from the AISCM, whether the weld in Example 10-7 is adequate.

Solution

Note: In the tables in Part 8 of the AISCM, the weld symbol used, l, is not the same as the total weld length, L, in the weld group.

D = 4 (for 1/4-in. weld)

Determine the location of the center of gravity (CG) of the weld group and then determine cx and cy.

cx = 3.75” (as determined previously in Example 10-7). Also, see Figure 10-21.

Since a type “e” weld (see Table 10-5 and Figure 10-21) is specified for this problem, AISCM Table 8-8 is applicable. Since the applied load, P, is vertical, the angle between the load direction and the vertical, θ = 0°.

In AISCM Table 8-8,

[image: image] (see type “e” weld in Figure 10-21 and Table 10-5)

[image: image] (see type “e” weld in Figure 10-21 and Table 10-5)

[image: image]

[image: image]

Entering the AISCM Table 8-8 ([image: image] = 0) with a = 1.175 and k = 0.5, we obtain the following parameters:

[image: image]

Using AISCM, Table 8-8, derived from the more accurate IC method, it is found that the 1/4-in. weld is, in fact, adequate, in contrast to Example 10-7 where the elastic method indicated that a ¼ in. weld was inadequate As discussed previously, the elastic method is more conservative and less accurate than the IC method because of the simplifying assumptions that are made in the elastic method.



10-9ECCENTRICALLY LOADED WELDS: SHEAR PLUS TENSION


A load that is applied eccentrically to a weld group that is not in the plane of the weld group (see Figure 10-22) produces both shear and tension stress components in the weld group. The eccentric load is resolved into a direct in-plane shear component due to the applied load, P, and a tension stress component caused by the moment, Pe. Using a unit width for the weld thickness, the stress components are calculated as follows:


[image: image]

FIGURE 10-22Eccentrically loaded weld in shear plus tension



Direct Shear Component:

[image: image]   (10-29)

Tension Component Due to Moments:

[image: image]   (10-30)

where

P = Applied load

e = Eccentricity of the load with respect to the plane of the weld

L = Total length of welds in the group

S = Section modulus of the weld group (see Table 10-5).

The resulting applied weld stress (in kips/inch) is found by adding the shear and tension components as follows:

[image: image]   (10-31)

This applied weld stress (in kips/in.) is compared to the design weld strength [image: image] in kips/in., and the goal is to ensure that [image: image].

EXAMPLE 10-9

Eccentrically Loaded Weld: Shear Plus Tension (LRFD)

Determine the required fillet weld size for the bracket connection shown in Figure 10-23 considering the strength of the weld only. Compare the results with the appropriate design table from the AISCM. Electrodes are E70XX. Use the LRFD method.


[image: image]

FIGURE 10-23Connection detail for Example 10-9



Solution

The factored load, Pu = 24 kips

The load eccentricity, [image: image]

The total length of weld in the weld group is L = 8" + 8" = 16"

From Table 10-5, this indicates weld group type “b”;

d = 8 in.

b is unknown, but not needed to solve this problem.

[image: image]

Weld Stress Due to Direct Shear:

From equation (10-29), the factored applied direct shear stress is

[image: image]

Weld Stress Due to Tension from Applied Moment:

From equation (10-30), the factored applied tension stress is

[image: image]

Combined Applied Weld Stress:

From equation (10-31), the resultant applied weld stress is

[image: image]

[image: image]

Required Weld Thickness:

[image: image] (from equation 10-5a), and the limit states design (i.e., LRFD) equation requires that

[image: image]

Therefore, [image: image]

[image: image]

∴ use 1/4 in. weld

Note that the elastic method is more conservative. We will now compare these results with the design aids in the AISCM, which are based on the more accurate, but more cumbersome, instantaneous center of rotation method

Use AISCM, Table 8-4 corresponding to the type “b” weld group (see Table 10-5), with the angle, θ = 0°, since the applied load is vertical, and obtain the following parameters:

[image: image]

In AISCM Table 8-4, [image: image]

[image: image]

[image: image]

[image: image]

[image: image] Use 1/8 in. weld.

Note that while a [image: image]-in. fillet weld is the minimum weld size required for strength, the weld size may have to be increased to satisfy the minimum weld size required based on the thickness of the thinner connected element (see Table 10-2).



10-10BOLTS USED IN COMBINATION WITH WELDS


Under certain conditions, bolts and welds can be combined in the same connection, and the conditions that must be satisfied are as follows (see AISCM Section J1.8) [2]:


	Only longitudinal welds can be used in combination with the bolts, and

	The bolts have to be slip-critical.



For a connection subjected to a factored tension force, Tu, where the slip-critical bolts and the longitudinal fillet welds are subjected to shear, the strength of the combined weld and slip-critical bolt connection is given as follows [2]:

[image: image]   (10-32)

Where,

If high strength bolts are pretensioned in accordance with AISCM Table J3.1 using the turn-of-the-nut method, [image: image]

If high strength bolts are pretensioned using all other methods,

[image: image]   (10-33)

[image: image]   (10-34)
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Exercises

10-1.Determine the type of weld required for the connection shown in Figure 10-24. The steel is ASTM A36 and the weld electrodes are E70XX.


[image: image]

FIGURE 10-24Detail for Exercise 10-1



10-2.Determine the maximum tensile load that may be applied to the connection shown in Figure 10-25 based on the weld strength only. The steel is ASTM A36 and the weld electrodes are E70XX.


[image: image]

FIGURE 10-25Detail for Exercise 10-2



10-3.Determine the fillet weld required for the lap splice connection shown in Figure 10-26. The steel is ASTM A36 and the weld electrodes are E70XX.


[image: image]

FIGURE 10-26Detail for Exercise 10-3



10-4.Determine the length of the plates required for the moment connection shown in Figure 10-27. The steel is ASTM A36 and the weld electrodes are E70XX. Ignore the strength of the W12 × 26; consider the strength of the plate in tension.


[image: image]

FIGURE 10-27Detail for Exercise 10-4



10-5.Determine the capacity of the lap splice connection shown in Figure 10-28. The steel is ASTM A36 and the weld electrodes are E70XX.


[image: image]

FIGURE 10-28Detail for Exercise 10-5



10-6.Determine the required length of the slot weld shown in the connection in Figure 10-29. The steel is ASTM A992 Grade 50 and the weld electrodes are E70XX.


[image: image]

FIGURE 10-29Detail for Exercise 10-6



10-7.Determine the capacity of the bracket connection shown in Figure 10-30 using the IC and the elastic methods. Compare the results. Weld electrodes are E70XX.


[image: image]

FIGURE 10-30Detail for Exercise 10-7



10-8.Determine the required weld size for the bracket connection shown in Figure 10-31. Weld electrodes are E70XX.


[image: image]

FIGURE 10-31Detail for Exercise 10-8



10-9.Determine the required weld length for the seat connection shown in Figure 10-32. Weld electrodes are E70XX. Ignore the strength of the bracket.


[image: image]

FIGURE 10-32Detail for Exercise 10-9



10-10.Determine the maximum eccentricity for the connection shown in Figure 10-33. Weld electrodes are E70XX.


[image: image]

FIGURE 10-33Detail for Exercise 10-10



10-11.Develop a spreadsheet to design a welded connection similar to that shown for Exercise 10-2 and submit the output for Exercise 10-2 with the following variables:

•Angle size

•Plate thickness

•Weld length along the three sides of the angle

•Weld size

•Applied tension load

•Check the design strength of the angle (see Chapter 4)

10-12.Develop a spreadsheet to design a welded moment connection like that shown for Exercise 10-4. Submit the output for Exercise 10-4 that could be used with the following variables:

•Applied moment

•Beam size (flange width, beam depth)

•Plate length, L, and plate width

•Weld size

10-13.Develop a spreadsheet to design a welded seat connection as shown in Figure 10-34 and submit the output for Exercise 10-9 with the following variables:


[image: image]

FIGURE 10-34Detail for Exercise 10-13



•Weld length along the three sides of the angle

•Weld size

•Applied vertical load

•Load eccentricity

10-14.Determine the strength of the splice connection shown In Figure 10-35. Welds are SMAW, E70XX and the steel is ASTM A36.


[image: image]

FIGURE 10-35Details for Exercise 10-14



10-15.Determine the minimum PJP groove weld depth between the beam flange and the column to develop the moment shown in Figure 10-36. Provide a complete weld symbol for the required PJP weld and select a weld procedure.


[image: image]

FIGURE 10-36Details for Exercise 10-15



10-16.Determine the minimum weld size for the base of the handrail post shown in Figure 10-37. Welds are E70XX.


[image: image]

FIGURE 10-37Details for Exercise 10-16



10-17.Design the weld size and length for the base of the handrail post shown in Figure 10-38. Welds are E70XX.


[image: image]

FIGURE 10-38Details for Exercise 10-17



10-18.Determine the minimum weld size for the base of the tie-off post shown in Figure 10-39. The load can be applied in any direction. Welds are E70XX.


[image: image]

FIGURE 10-39Details for Exercise 10-18



10-19.Design a welded connection for an HSS brace to gusset plate connection assuming the following:

•HSS 5 × 5 × 3/16 brace centered on the gusset plate (ASTM A500)

•5/16" × 8" × 8" thick gusset plate (ASTM A992 Grade 50 steel)

•Service load is: W = 70 kips

•Design the weld from the brace to the plate and the plate to its support.




CHAPTER

 11

Moment Connections, Bracing and Truss Connections, and Miscellaneous Details

11-1INTRODUCTION


In Chapters 9 and 10, we covered the analysis and design of basic bolted and welded connections, including an introduction to the use of the AISCM design tables [1] for standard beam-to-girder and beam-to-column or girder-to-column connections. In this chapter, we will cover the design of moment connections – that are used in unbraced or sway frames in buildings and other structures (see Chapter 8), the analysis and design of vertical bracing and truss connections, and other details that are not specifically covered in the AISCM design tables but are commonly used in design practice. The connections that we will consider in this chapter utilize a combination of bolts and welds, and many of these connections will have design components that are covered in the AISCM design tables. For the sake of brevity, only the LRFD method will be used throughout this chapter. Below is a summary of the connections and miscellaneous details that will be considered in this chapter:

11-2 Moment Connections: Introduction

11-3 Partially Restrained and Flexible Moment Connections

11-4 Fully Restrained Moment Connections

11-5 Beams and Beam Splices in Moment Connections

11-6 Column Stiffeners

11-7 Column Splices

11-8 Design of Gusset Plates in Vertical Bracing and Truss Connections

11-9 Coped Beams

11-10 Holes in Beams



11-2MOMENT CONNECTIONS: INTRODUCTION


A moment connection is capable of transferring across a joint or onto a structure a vertical shear force plus axial tension and compression couples caused by the moment. Most steel moment connections that occur in practice do not have absolute fixity because some rotation will occur at the connection. Recall from structural analysis that a perfectly fixed end condition is one in which the end rotation is zero, while a pinned connection have joints that are completely free to rotate. Virtually all steel connections have some degree of fixity, so that they are neither perfectly fixed nor perfectly pinned; they have a degree of fixity somewhere between these two extremes. In Ref. [4], a fixed connection is defined as one where the ratio of the applied moment-to-the-fixed end moment is at least 90%. A pinned connection is defined as one where the ratio of the applied moment to the fixed end moment is no greater than 20%.

For simplicity, connections that are designed to transfer shear only (e.g., the framed beam connections in Section 9-8) are considered to be pinned even though some degree of restraint, however small, may exist. Connections that are designed to resist some moment are considered to be moment connections, and they have a relatively smaller degree of rotation occurring at the joint (see Figure 11-1).

The AISC specification in Section B3.4 [2] identifies three types of steel connections (see Figures 11-1b and 11-1c):


	simple shear connections,

	fully restrained moment connections (FR), and

	partially restrained moment connections (PR).



Simple shear connections are assumed to allow complete rotation at a joint and will therefore transmit a negligible moment across the connection. Standard shear connections that connect the webs of the supported beams to the supporting girder or column with shear tabs or plates or double angles are the most common types of simple shear framed beam connections (see Section 9-8). These simple connections must have adequate rotation capacity in order to achieve the calculated joint rotations from the analysis of the structure.

Fully restrained (FR) moment connections transfer a moment across a joint with a negligible rotation. FR connections are designed to maintain the angle between the connected members at the factored load level. That is, the angle between the members remains virtually unchanged before and after the load is applied to the structure. FR moment connections form the lateral bracing system for many structures; the advantage of moment frames over other lateral force resisting systems is the architectural flexibility and unobstructed view that they provide compared to say, shear walls or braced frames. Practical and economical frame spans for moment frames range from 20 ft. to a maximum of 40 ft. [7].


[image: image]

FIGURE 11-1Pinned and moment connections



Partially restrained (PR) moment connections will transfer some moment across a connection, but there will also exist a corresponding rotation at the connection. The use of PR connections is only permitted when the force versus deformation characteristics of the connection (i.e., the moment-rotation or M-θ curve which are very nonlinear in nature) are known either by documented research or analysis. However, the deformation characteristics of a PR connection cannot be easily determined because such behavior is a function of the sequence in which the loads are applied. Since the actual load sequence for any structure cannot be known with certainty, engineering judgment must be used to identify the possible load sequences in order to properly design such a connection in accordance with the AISC Specifications [2, 3].

A more simplified and conservative approach to PR moment connection design is to use a flexible moment connection (FMC). In the past, FMCs have been referred to as “Type 2 with wind”, “semirigid”, or “flexible wind” connections [2, 3].

In the design of FMC, the gravity loads are resisted by the shear connection only, and any end restraint provided by the moment connection is neglected for gravity loads. For lateral loads, the FMC is assumed to have the same behavior as a FR moment connection and all of the lateral loads are resisted by the moment connection. That is, the FMC is considered to be a simple shear connection under gravity loads, and a fully restrained (FR) moment connection under lateral loads. It has been shown that this type of connection is adequate for resisting lateral loads provided that the plastic moment capacity of the connection is not exceeded [2, 3]. Therefore, the full plastic moment capacity of the beam is available to resist lateral loads.

The general moment- rotation curve for each of the above-mentioned connection types are shown in Figure 11-2. Each of the three curves (1, 2, and 3) represents a different connection type.

It is also important to note that some moment connections might provide little or no rotation even though an assumption has been made that an FMC has been used when, in fact, a more rigid connection exists. For this reason, the designer should select a known flexible connection when one is required. Figure 11-3 shows the common types of FR and PR moment connections. FR moment connection behavior would resemble curve 3 in Figure 11-2, and PR moment connection behavior would resemble curve 2 in Figure 11-2.


[image: image]

FIGURE 11-2Moment versus rotation curve for various connection types




[image: image]

FIGURE 11-3FR and PR connection examples





11-3PARTIALLY RESTRAINED (PR) AND FLEXIBLE MOMENT CONNECTIONS (FMC)


As discussed in the previous section, the use of PR moment connections requires knowledge of the moment-rotation curve, as well as the load sequence [2, 3]. Since very little data are available for PR moment connections, most designers will use a flexible moment connection (FMC), which allows conservative and simplifying assumptions to be made. It is important to note that the use of a PR moment connection or an FMC requires that the seismic response modification factor, R, be taken as less than or equal to 3.0 (i.e., System “H” in ASCE 7 Table 12.2-1). The only PR connections with a specific R value from ASCE 7 12.2-1 are partially restrained composite moment connections [8, 9]. When R is greater than 3.0, the moment connections must be designed as an FR moment connection and must include the gravity load effects. ASCE 7 Section 12.2.1.2 permits special moment frames (SMF) with partially restrained connections provided it is justified with testing and analysis in addition to peer review. For special moment frames (SMF) and intermediate moment frames (IMF), the moment frame connections that meet the testing and performance requirements specified in ANSI/AISC 341 (Seismic Provisions for Structural Steel Buildings) can be found in AISC 358 (Prequalified Connections for Special and Intermediate Moment Frames for Seismic Applications) [5]. Currently, only one proprietary SMF combined with PR moment connections have been prequalified for use in buildings as SMF [5, 7, 9]


[image: image]

FIGURE 11-4Flange-plated FMC



Common flexible moment connections (FMC) are shown in Figure 11-3, and the reader is referred to Example 9-8 for an analysis of a flange-angle FMC. For flange-plated FMCs, the flange plate has an unwelded length equal to 1.5 times the width of the plate in order to allow for the elongation of the plate, thus creating flexible behavior (see Figure 11-4).

EXAMPLE 11-1

Flexible Moment Connection (FMC)

Determine whether the FMC shown in Figure 11-5 is adequate to support the factored moment due to wind loads. The beam and column are ASTM A992, the steel plate is ASTM A36, and the weld electrodes are E70XX.

Solution

From AISCM, Table 1-1, the section properties for W12 × 26 are

[image: image]

Top and bottom plate: Ag = (3/8)(5) = 1.875 in.2

Flange Force:

[image: image]

Tension on Gross Plate Area:

[image: image]

Compression:

K = 0.65 (Assume fixity at both ends of the flange plate; see Figure 5-4)


[image: image]

FIGURE 11-5Detail for Example 1-1



The length of the plate from Figure 11-5 is,

[image: image]

From AISCM Table 4-14, ϕcFcr = 28.7 ksi.

[image: image]

Weld Strength:

[image: image]

From Table 10-2,

[image: image]

[image: image]

The nominal weld strength is the greater of the value from equations (10-7a) and (10-7b):

From equation (10-7a),

[image: image]

From equation (10-7b),

[image: image]

Therefore, [image: image]

The nominal weld strength is ϕRn = 66.8 kips > Puf = 49.2 kips.  OK.



11-4FULLY RESTRAINED (FR) MOMENT CONNECTIONS


As discussed in Section 11-2, FR moment connections are sufficiently rigid to maintain the angle between the connected members, and they are designed to support both gravity and lateral loads. For seismic loads, when the seismic response modification factor, R, is equal to 3.0 (i.e., System “H” in ASCE 7 Table 12.2-1), the design approach is similar to that for flexible moment connections (FMC) and the connection type must be one that provides adequate rigidity (see curve 3 in Figure 11-2 and the details in Figure 11-3a).

When the seismic response modification factor is greater than 3.0, additional design and detailing requirements must be satisfied for resisting seismic loads [5]. These additional requirements are a combination of strength and stability design parameters, depending on the type of moment connections used. Additional material-specific requirements for structural systems with R > 3.0 are specified in Chapter 14 of ASCE 7 [6]. The AISC seismic provisions identify three basic types of moment frames with R > 3.0:


	Ordinary moment frames (OMF),

	Intermediate moment frames (IMF), and

	Special moment frames (SMF).



The seismic response modification factors for these three basic types of moment frames are 3.5, 4.5, and 8.0, respectively. Each of these moment frames requires varying degrees of additional strength, stability, stiffness and detailing requirements; the OMF has the least stringent requirements but they cannot be used in high seismic regions, and the SMF has the most stringent requirements. SMF’s are not subject to any building height restrictions even in high seismic zones. In general, each of these connection types is designed for a certain moment and rotation. These connections are generally designed around the concept of creating a plastic hinge in the beam away from the beam–column joint thus creating a strong column-weak beam system, which is the preferred or desired failure mode [10]. Figure 11-6 illustrates this concept.


[image: image]

FIGURE 11-6Plastic hinge formation in FR connections



There are several published analysis and testing data that can be used for OMF, IMF, and SMF connections (see Refs. [5, 7] and [10]). Using these prequalified connections is generally preferred since a rigorous analysis would be required for other connections that have not been tested. Figure 11-7 illustrates some of the basic types of connections that can be used for OMF, IMF, and SMF frames. Note that only Figures 11-7d and 11-7e are recognized in the AISC seismic provisions (see Ref. [5]), the other connection types are found in Ref. [10]. For the reduced beam section moment connection (see Figure 11-7d), care should be taken to prevent any unauthorized welding or connection of structural or non-structural members to the beam at or near the reduced section so as not to inadvertently increase the stiffness of the beam at the reduced section [10].

The prescriptive requirements for the connection types in Figure 11-7 are found in their respective standards (see Refs. [5] and [10]) and are beyond the scope of this text. It can be observed that using a seismic response modification factor, R, equal to or less than 3.0 is highly desirable because the analysis and design procedure is more simplified compared to the procedure for OMF, IMF, or SMF, and no material-specific detailing requirements have to be satisfied. In general, buildings with a Seismic Design Category A, B, or C can usually be economically designed with R ≤ 3.0. This approach is recommended where possible.


[image: image]

FIGURE 11-7 (a-d)Pre-qualified FR connections




[image: image]

FIGURE 11-7 (e-f)Pre-qualified FR moment connections



Note that the moment connections in Figures 11-7a and 11-7d have weld access holes (also sometimes called “rat holes”). Weld access hole dimensions should conform to AISC Specifications J1.6 and M2.2, and for heavy shapes (i.e., member thickness greater than 2 inches), the surface of the holes should be ground smooth to bright metal to eliminate any cracks that may form during the hole cutting or welding processes and to prevent the propagation of any microcracks. Weld access holes are used to create adequate clearance for welding the beam or girder flange fully to the column flange in moment connections. Without the weld access hole in the girder web, the bottom of the top flange and the top of the bottom flange of the girder at the intersection with the girder web cannot be welded fully to the column flange because of the interference that exists due to the presence of the girder web. The weld access holes also allows space for a backing bar to be placed underneath the girder top flange, and allow flat welding of the girder bottom flange to the column flange; thus, the weld access holes enable continuous full penetration welds between the top and bottom flanges of the girder and the column flange as depicted in Figures 11-7a and 11-7d. In addition, the weld access holes help to minimize the effect of weld shrinkage and avoid orthogonal intersecting welds (i.e., at the joint where the weld connecting the girder flange to the column flange would intersect the orthogonal weld connecting the girder web to the girder flange). Weld access holes should not be closed in or filled in with weld metal in order to prevent a triaxial state of stress in the weld when loaded; instead, if aesthetics or corrosion protection is an issue, the weld holes can be filled in or sealed with mastic material [1].

EXAMPLE 11-2

Bolted FR Moment Connection

Determine whether the FR connection shown in Figure 11-8 is adequate to support the factored moment due to wind loads. The steel plate is ASTM A36, the beam is ASTM A992, and the bolts are 3⁄4-in. A325N in standard (STD) holes.

Solution

From AISCM, Table 1-1, the section properties for W16, 45 are

[image: image]

[image: image]

[image: image]

[image: image]

For ½ in. × 8 in. top and bottom flange plates, Ag = (½)(8) = 4 in.2


[image: image]

FIGURE 11-8Detail for Example 11-2



Flange Force:

[image: image]

When the flanges of the beams and girders in moment connections are bolted, the flexural strength of the beam is reduced due to the presence of the bolt holes at the connection. The following provisions apply (AISC Specification, Section F13):

When [image: image] (11-1)

the reduced flexural strength does not need to be checked. When FuAfn < YtFyAfg, the design flexural strength at the moment connection is

[image: image] (11-2)

Where,


	ϕb	= 0.9,

	Fu	= Tensile rupture strength,

	Sx	= Section modulus,

	Afg	= Gross area of the tension flange of the beam,

	Afn	= Net area of the tension flange of the beam,

	Yt	= 1.0 for Fy/Fu ≤ 0.8

		= 1.1 for all other cases.



Check the reduced flexural strength of the W16 × 45 due to the bolt holes in the flanges:

[image: image]

[image: image]

[image: image]

Check direct shear in the bolts:

From AISCM, Table 7-1, the single shear capacity for one ¾ in. diameter A325N bolt is ϕvrn = 17.9 kips/bolt.

Therefore, the number of bolts required is

[image: image]

Check bolt bearing and tearout:

Since the thickness of the plate (tpl = 0.5 in.) is less than the flange thickness (tf = 0.565 in.), and since Fu for the plate is less than Fu for the beam, the bolt bearing and tearout on the plate will control. Figure 11-9 illustrates the failure modes for bearing, tension, and block shear.

The clear distance between the edge of the plate and the edge of hole No. 1 in the direction of the applied force is,

[image: image]

The clear distance between the edge of adjacent bolt holes in the direction of the applied force is,

[image: image]

The bearing strength for each bolt will now be determined. It is assumed that the deformation at a bolt hole under service loads is a design consideration indicating that this deformation is limited; the smaller of the bearing capacity and the tearout capacity of the bolts will control:

[image: image]


[image: image]

FIGURE 11-9Bolt bearing and block shear



[image: image]

[image: image]

[image: image]

The total strength of the connection for the bolt bearing and tearout failure modes is

[image: image]

Check tension on gross and net area of the flange plate:

[image: image]

Strength based on gross area is

[image: image]

Strength based on effective area is

[image: image]

Block Shear:

Since the flange plate thickness of 0.5 in. is less than the beam flange thickness of 0.565 in., block shear will be more critical in the flange plate. The block shear failure mode in Figure 11-9c will now be checked as follows:

Number of holes in each shear plane = 3.5 holes

Number of holes in each tension plane = 0.5 hole

Number of shear planes in each flange plate = 2

Number of tension planes in each flange plate = 2

[image: image]

The available block shear strength is found from equation (4-11a) as

[image: image]

[image: image]

Therefore, [image: image]

Compression:

[image: image]

Since KL/r < 25, Fcr = Fy  (AISC specification, Section J4.4).

[image: image]

The connection is adequate for the applied moment. Note that the column should also be checked for the need for stiffeners to resist and transfer the concentrated flange force (see Example 11-5).



11-5MOMENT CONNECTIONS: BEAMS AND BEAM SPLICES


In the previous sections, we considered moment connections at the beam-to-column joints in moment frames that are used to resist lateral loads. In this section, we will consider moment connections between beam elements supporting mainly gravity loads.

The simplest type of moment connection is one in which welds are used to connect one beam to another beam or other element. Figure 11-10a shows a small beam cantilevered from the face of a column. The beam flanges and web are connected to the column with groove welds. Note that the flanges are welded to develop the flexural strength of the beam and the web is welded to develop the shear capacity of the beam. Figure 11-10b shows the welds used at a beam splice. In each of these cases, the welds could be partial or full penetration welds, or fillet welds, depending on the magnitude of the applied shear and moment at the connection. Beams may be spliced because of restrictions in the maximum length of a member that can be transported by road.

There are various types of connections where moment transfer occurs between beam segments. Figure 11-11 shows two types of moment connections that occur in beams. Figure 11-11a shows a new beam added to an existing floor framing plan. The existing conditions would usually make it impossible to place this beam in one section, and therefore, one solution is to cut the beam at midspan and place the beam in two sections. The splice that is created would then be designed for the shear and moment that is required at the splice location. The top and bottom plates would be designed for the force-couple resulting from the moment; and the web plate would be designed for the shear (see Figures 11-11b and 11-11c). Figure 11-11d shows a cantilevered condition where a cantilevered beam frames into one side of an orthogonal girder and continued on the opposite side of the girder. To ensure continuity, the back-span and the cantilever segments of the beam are connected to each other with moment connections through the orthogonal girder. Thus, the connection is designed to transfer shear and moment across the intermediate supporting girder (see Figures 11-11e and 11-11f).


[image: image]

FIGURE 11-10Basic moment connections




[image: image]

FIGURE 11-11Beam splices



In each of these cases, the connection can be made with either bolts or welds, but not with bolts and welds in the same plane of loading unless slip-critical bolts and longitudinal welds are used (see AISC Specification J1.8). In many cases, the splice or moment connection is designed for the full moment capacity and full shear capacity of the beam for simplicity in the design. The location of the beam splice is also a design consideration. When a splice is located at midspan of a simply supported beam, the design moment is generally at a maximum, but the shear is generally at a minimum. The location of the splice may also have a practical significance. Figure 11-12 shows a two-span continuous beam, which is common in bridge construction. The basic moment diagram for this beam is such that the moment reaches zero at about the one-quarter point of each span measured from the center support. It is ideal to place a beam splice at this location since localized bending stresses are minimized.


[image: image]

FIGURE 11-12Beam splice location



EXAMPLE 11-3

Welded Beam Splice

A simply supported W16 × 36 beam requires a beam splice at midspan. Design the splice for the full moment capacity of the beam using welded plates. The beam is ASTM A992, the plates are ASTM A36, and the welds are E70XX.

Solution

From AISCM, Table 1-1, the section properties for W16 × 36 are

[image: image]   T = 13–5⁄8 in.

[image: image]   bf = 6.99 in.

[image: image]

From AISCM Table 3-6, ϕbMp = 240 ft. kips (i.e., the design moment capacity of a fully braced W16 × 36 beam)

Flange Force:

[image: image]

Tension on Gross Plate Area:

[image: image]

The flange plate size will now be selected:

[image: image]

Weld Strength:

The width and thickness of the beam flange are:

[image: image]

Therefore, L > b

tf = 0.43 in.

The 5/8 in. × 9 in. plate is selected, therefore, tplate = 5/8 in.

From Table 10-2,

With thickness of the thinner part = 0.43 in.,

[image: image], but ¼ in. weld was specified; therefore use D = 4

[image: image] = 5.9/16

[image: image]

From equation (10-7a),

[image: image]

[image: image]

[image: image]

Alternatively, from equation (10-7b),

[image: image]

[image: image]

[image: image]

Use the larger value, therefore, [image: image] (i.e., on each side of the beam splice)

Shear Strength:

The amount of shear at the midspan of a simply supported beam is usually close to zero; however, heavy concentrated loads could be present on any given beam in a building, so engineering judgment will be needed to select the necessary amount of shear capacity. In this case, we will assume that 50 kips is the required shear capacity.

Since the throat length, T, is 13.625 in. for the W16 × 36 beams, this is the maximum depth of the shear plate that will be welded to the web of the beam. Solving for the web plate thickness, assuming that the height of the plate is 13 in.,

[image: image]

[image: image]

For practical reasons, a web plate that has a thickness equal to or greater than the web thickness of the W16 × 36 beam (tw = 0.295 in.) should be used. Therefore, use tp = 3⁄8 in.

Thickness of the thinner part connected = 0.295 in.

From Table 10-2,

[image: image] (the 3/16 in. weld specified is OK.)

[image: image]

Assume that the length of the web plate parallel to the beam on each side of the splice = 3 in.

Therefore, the horizontal weld dimension, b = 3 in. (see Figure 11-13):


[image: image]

FIGURE 11-13Detail for Example 11-3



The x – coordinate of the center of gravity of the weld group is found from Table 10-5 as follows:

[image: image]

The total horizontal dimension of the web plate = 3 in. + ½ in. + 3 in. = 6.5 in.

The distance between the centroids of the web plate weld on both sides of the beam splice is e = 6.5 − [image: image] − [image: image]

From AISCM, Table 8-8,

[image: image]

Recall that we assumed a required shear capacity of 50 kips in the splice.

Therefore, [image: image]

Note that the final design detail includes a 1⁄2-in. gap between the ends of the beam that is added for construction tolerances.

EXAMPLE 11-4

Bolted Beam Splice

Repeat Example 11-3 for a bolted moment connection assuming Mu = 175 ft.-kips and Vu = 50 kips. Use 7⁄8-in.-diameter A490 SC bolts in STD holes and a Class A faying surface.

Solution

From AISCM, Table 1-1, the section properties for W16 × 36 are

[image: image]

From AISCM, Table 3-6, ϕbMp = 240 ft.-kips.

Flange Force:

[image: image]

Bolts in Top and Bottom Flanges:

In this case, slip is a strength limit state since slip at the joint would cause additional beam deflection (see discussion in Chapter 9).

From AISCM Table 7-3, ϕvRn = 16.6 kips/bolt; this is the single shear capacity for one [image: image] in. diameter A490 SC bolts in STD holes and Class A faying surface

[image: image]

Check the reduced flexural strength of the W16 × 36 beam due to the presence of bolt holes:

[image: image]

Plates

Assume that the top and bottom plates are still 5⁄8 in. × 9 in. Tension on the gross area was checked in the previous example; now we will check tension on the net area (see Figure 11-14).


[image: image]

FIGURE 11-14Bolt bearing and block shear for Example 11-4



Tension on the Net Plate Area:

[image: image]

[image: image]

Strength based on the effective area is

[image: image]

Check Bolt Bearing (see Figure 11-14):

Since tfFub = (0.43)(65) = 27.9 kips/in. < tpFup = (0.625)(58) = 36.2 kips/in.; therefore, bearing on the beam flange will control.

The clear distance between the edge of bolt hole 1 and the plate edge is

[image: image]

The clear distance between the edge of adjacent bolt holes is

[image: image]

The bolt bearing capacities are calculated assuming that deformation at the bolt hole at service load is limited and is therefore a design consideration. The smaller of the bearing capacity and the tearout capacity will control:

[image: image]

[image: image]

ϕRn = (2)(37.1 kips) + (6)(44.0 kips) = 338 kips > Puf = 132 kips, OK for bearing and tearout.

Block Shear:

Since tfFub (for the beam flange) = 27.9 kips

tpFup (for the plate) = 36.2 kips

Since tf Fub (for the beam flange) < tpFup (for the plate), therefore, the beam flange, (tf = 0.43 in.) will control the capacity for block shear and will be checked (see Figure 11-14).

Number of holes in each shear plane = 3.5 holes

Number of holes in each tension plane = 0.5 hole

Number of shear planes in each plate = 2

Number of tension planes in each plate = 2

[image: image]

The available block shear strength is found from Chapter 4 using Ubs = 1.0:

[image: image]

[image: image]

Therefore, ϕPn = 230 kips > Puf = 132 kips,  OK.

Compression:

Check the buckling of the flange plate; the plate is assumed to be fixed at both ends.

Recall that Ag (flange plate) = 5.62 in.2

[image: image]

Maximum unbraced length of the flange plate, [image: image] This is the distance between the bolts on each side of the splice.

Note: The unbraced length of the flange plate includes the 2 in. edge distance at each beam segment son each side of the splice, and the ½ in. gap at the splice.

[image: image]

[image: image]

ϕPn = ϕFcrAg = (0.9)(36)(5.62) = 182 kips > Puf = 132 kips,  OK.

Shear Strength:

A 3⁄8-in. × 13-in. plate will be used as the web plate (the same size used in the previous example). Assuming that a shear strength of 50 kips is needed, AISCM Table 7-6 can be used to check the capacity of the bolt group (see Figure 11-15). The eccentricity, ex, is the distance between the vertical row of bolts on both sides of the beam splice.

Therefore, [image: image]

[image: image]

Assume (4)- 7⁄8-in.-diameter A490 bolts; the single shear capacity of one 7⁄8 in. diameter A490N bolt is ϕvRn = 30.7 kips/bolt.

Therefore, the strength of the bolt group is

[image: image] = (2.58)(30.7) = 79.2 kips > 50 kips. OK.

Check bearing and tearout failure modes for the beam web (see Figure 11-15):

[image: image]

[image: image]
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[image: image]

FIGURE 11-15Detail for Example 11-4
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Block Shear in ASTM A36 Plate (3/8 in. x 6½ in. x 13 in Plate):

Use AISCM Tables 9-3a through 9-3c to determine the block shear strength per inch of thickness;

The distance from the top of the web plate to the center of the top bolt hole (see Figure 11-15), is Lev = 2 in.;

Leh = 1.5 in. (horizontal distance between the vertical bolt line in the web to the splice);

For (4) 7/8 in. diameter bolts in one vertical row, N = 4;

Fu = 58 ksi (A36 steel plate)

The available strength in block shear is calculated as follows:

Block shear – Tension Rupture Component (AISCM Table 9-3a):

For 3/8 in. thick ASTM A36 steel plate with 7/8 in. diameter bolt and Leh = 1½ in., we obtain from AISCM Table 9-3a

[image: image]

Block shear – Shear Yielding Component (AISCM Table 9-3b):

For 3/8 in. thick ASTM A36 steel plate with 7/8 in. diameter bolt; n = N = 4; and Lev = 2 in., we obtain from AISCM Table 9-3b

[image: image]

Block shear – Shear Rupture Component (AISCM Table 9-3c):

For ASTM A36 3/8 in. thick steel plate with 7/8 in. diameter bolt; n = N = 4; and Lev = 2 in., we obtain from AISCM Table 9-3c

[image: image]

The total block shear strength for the 3/8 in. thick ASTM A36 steel plate is

[image: image]

Therefore, ϕRn = 83 kips > 50 kips, OK.



11-6COLUMN STIFFENERS IN MOMENT CONNECTIONS


In Chapter 6, we considered the design of beams for concentrated forces. In this section, we will expand on this topic as it applies to concentrated forces in columns. In the previous sections, we considered the design of moment connections at the ends of beams. When these connections are made to column flanges, there are several localized failure modes that need to be investigated. When an end moment from a beam is applied to the flanges of a column as shown in Figure 11-16, the flange force due to the moment is transferred to the column through its flanges and to the web. This force could be either tension or compression and could cause localized bending of the column flange and localized buckling of the column web. To prevent such behavior, stiffener plates can be added to the column flange and to the column web. In some cases, these stiffeners might be added even if the column were adequate to support the concentrated forces as a means of providing redundancy to the connection. However, the addition of these plates can create constructability issues because these stiffeners might conflict with the orthogonal beam framing into the web of the column. The stiffeners could be field applied, but this adds cost to the connection since field welds are more expensive than welds applied in the shop. Figure 11-17 shows several possible column stiffening details.


[image: image]

FIGURE 11-16Concentrated forces on columns




[image: image]

FIGURE 11-17Column stiffeners for concentrated forces



Another possible solution is to use an extended shear plate connection for the beam framing into the web of the column as shown in Figure 11-18. This connection increases the bending moment in the column due to the increased eccentricity of the shear connection of the beam to the column web, and therefore the column would have to be designed accordingly. A simpler solution might be to increase the size of the column such that it has adequate capacity to support these localized concentrated forces without the use of stiffener plates.


[image: image]

FIGURE 11-18Extended shear plate connection



The various failure modes arising from the concentrated horizontal forces acting on the column flanges due to the moment at the girder-to-column connections will now be described in greater detail (see AISCM Section J10) [1].

Flange local bending (AISCM Section J10.1) occurs when a concentrated tension force is applied to the flange. The design strength for flange local bending when the concentrated force is applied at a distance greater than 10tf from the end of the member is

[image: image]   (11-3)

When the concentrated horizontal force occurs at a distance less than 10tf from the end of the member (e.g., moment connection at a roof level), the design strength is

[image: image]   (11-4)

Where,


	ϕfb	= 0.9 for flange local bending,

	Rn	= Nominal design strength,

	tf	= Flange thickness,

	bf	= Flange width, and

	Fy	= Yield strength of flange.



When the concentrated force exceeds the design strength for flange local bending, transverse stiffeners are required (stiffener design will be covered later). When the extent of the loading across the flange is less than 0.15bf, then flange local bending does not need to be checked.

Web local yielding (AISCM Section J10.2) applies to concentrated compression forces. The design equations for this case were discussed in Chapter 6 (beam bearing) but will be repeated here for clarity.

The design strength for web local yielding is

[image: image]   (11-5)

[image: image]   (11-6)

Where,


	ϕwy	= 1.0 for web local yielding,

	Rn	= Nominal design strength,

	tw	= Column web thickness,

	lb 	= Bearing length,

	d	= Column depth,

	y	= Distance from the concentrated applied force to the end of the column member (see Figure 11-19),

	k	= Section property from AISCM, part 1

	Fy	= Yield strength, ksi.



When the concentrated force exceeds the design strength for web local yielding, either transverse stiffeners or a web doubler plate is required.

Web local crippling (AISCM Section J10.3) occurs when the concentrated load causes a local buckling of the web. The design strength for web local crippling is obtained as follows:

[image: image]   (11-7)

[image: image]   (11-8)

[image: image]   (11-9)

Where


	Qf	= 1.0 for wide flange sections

	ϕwc	= 0.75 for web local crippling,

	E	= 29 × 106 psi.




[image: image]

FIGURE 11-19Dimensional parameters for concentrated forces



When the concentrated force exceeds the design strength for web crippling, either transverse stiffeners or a web doubler plate extending a distance of at least d/2 above and below the location of the horizontal concentrated force is required.

Web compression buckling (AISCM Section J10.5) can occur only when a concentrated compression force is applied to both sides of a member at the same location. This occurs at a column with moment connections on each side. The design strength for web compression buckling is

[image: image]   (11-10)

[image: image]   (11-11)

Where,


	ϕwb	= 0.90 for web compression buckling, and

	h	= Clear distance between the flanges, excluding the fillets (see Figure 11-19).



When the concentrated force exceeds the design strength for web buckling, a single transverse stiffener, a pair of transverse stiffeners, or a full-depth web doubler plate is required.

The concentrated force on a column flange could also cause large shear forces across the column web. The region in which these forces occur is called the panel zone. The shear in the panel zone is the sum of the shear in the web and the shear due to the flange force, Puf.

The design strength for web panel zone shear (AISCM Section J10.6) assumes that the effects of panel zone deformation on frame stability are not considered:

When αPr ≤ 0.4Py,

[image: image]   (11-12)

when αPr > 0.4Py,

[image: image]   (11-13)

Where,


	α	= 1.0 for LRFD and 1.6 for ASD

	ϕcw	= 0.9,

	Pr	= Required axial strength; for LRFD = factored axial load in the column, Pu,

	Py	= Axial yield strength of the column = FyA, and

	A	= Cross-sectional area of the column.



When the effects of panel zone deformation on frame stability is considered, the reader is referred to the AISC specification, Section J10.6 [1].

When the shear strength in the web panel zone is exceeded, a full-depth web doubler plate or a pair of diagonal stiffeners is required.

For all of the previous design checks for concentrated forces, stiffener plates are required when the applied forces are greater than the design strength for each failure mode. When transverse stiffeners are required, the force is distributed to the web or flange and the stiffener plates based on their relative stiffnesses. However, Section J10 of the the AISC specification [1] allows a more simplified approach where the size of the plate is based on the difference between the required strength and the available strength of the failure mode in question, which is expressed as follows:

[image: image]   (11-14)

Where,


	Ru,st	= Required strength of the stiffener (tension or compression),

	Puf	= Factored applied flange force,

	ϕRn,min	= Lesser of the design strength for flange local bending, web local yielding, web local crippling, and web compression buckling failure modes.



The transverse stiffeners are then designed to provide adequate cross-sectional area as follows:

[image: image]   (11-15)

Solving for the plate area gives

[image: image]   (11-16)

Where,


	ϕ	= 0.9 (yielding),

	Ast	= Area of the transverse stiffeners, and

	Fy,st	= Yield stress of the transverse stiffeners.



Web doubler plates are required when the shear in the column exceeds the web panel zone shear strength. The required design strength of the web doubler plate or plates is expressed as follows:

[image: image]   (11-17)

Where,


	Vu,dp	= Required strength of the web doubler plate or plates,

	Vu	= Factored shear in the column web at the concentrated force, and

	ϕcwRn	= Design shear strength of the web panel zone (equation (11-12) or (11-13)).



With reference to Figure 11-20, column stiffeners are proportioned to meet the following requirements in accordance with Section J10.8 of the AISC Specification.

The minimum width of a transverse stiffener is

[image: image]   (11-18)

Where,


	bst	= Width of the transverse stiffener,

	bb	= Width of the beam flange or moment connection flange plate,

	tw	= Column web thickness.



The minimum thickness of the stiffener is the larger of the following:

[image: image]   (11-19)

and

[image: image]   (11-20)

Where,


	bst	= Width of the transverse stiffener,

	tst	= Thickness of the transverse stiffener, and

	tb	= Thickness of the beam flange or moment connection flange plate.




[image: image]

FIGURE 11-20Dimensional requirements column stiffeners



Transverse stiffeners are required to extend the full depth of the column when there are applied concentrated horizontal forces on both sides of the column. For concentrated horizontal forces on one side of the column, the length of the transverse stiffener should extend to at least one-half of the column depth.

Transverse stiffeners are welded to both the web and the loaded flange. The weld to the flange is designed for the difference between the required strength and the design strength of the controlling limit state (equation (11-14)).

When web doubler plates are required, they are designed for the shear in the column that exceeds the web panel zone shear strength (equation (11-16)). This force in the doubler plate could be compression, tension, or shear, and therefore the doubler plate must be designed for these limit states (see AISCM Section J10.9). The web doubler plate is welded to the column web based on the force in the doubler plate (equation (11-16)).

EXAMPLE 11-5

Column with Concentrated Flange Forces

Determine whether the W8 × 40 column in Example 11-1 is adequate for the applied concentrated flange forces. Assume that the beam connection occurs at a location remote from the ends (i.e., y > d and y > 10bf) and that Pr ≤ 0.4Pc.

Solution

From Example 11-1,

[image: image]

[image: image]

From AISCM Table 1-1, the section properties for W8 × 40 are,

[image: image]

Flange Local Bending (see Equation (11-3)):

[image: image]

Web Local Yielding (see Equation (11-5)):

[image: image]

Web Local Crippling (see Equation (11-7)):

[image: image]

Web Panel Zone Shear:

[image: image]

[image: image]

Therefore, use equation (11-12) to calculate the web panel zone shear strength,

[image: image]

The W8 × 40 column is adequate for the applied concentrated forces. Note that web compression buckling does not need to be checked since the concentrated forces are applied to only one side of the column.



11-7COLUMN SPLICES


In buildings with less than four stories, it may be advantageous with regard to constructability to use the same column size and one continuous column for all of the stories instead of using smaller column sizes for the upper levels, even though the total weight of the column will be smaller when smaller columns are used for the upper levels. However, the addition of column splices also adds weight and complexity in terms of detailing to the structure. In this four-story case, the use of one continuous column without splices is usually the preferred option both from a constructability and cost perspective. In multistory buildings with four or more stories, the columns could be spliced every two, three, or four floor levels depending on the design and construction parameters. The OSHA (Occupational Safety and Health Administration) safety regulations for the erection of perimeter columns and columns at the edges of floor openings require that a steel erector have adequate protection from fall hazards of not more than 30 ft. height above a lower level [6].

An additional safety requirement related to column splices is that perimeter columns should have holes or other attachment devices sufficient to support a safety cable or other similar rail systems. The holes or attachment devices are located 42 in. to 45 in. above the finished floor and at the midpoint between the top cable or rail and the finished floor. The column splice is therefore required to be a minimum of 48 in. (some engineers specify 60 in.) above the finished floor or at a higher distance in order to avoid interference with the safety attachments. The safety regulations do allow for exceptions to the above requirement where constructability does not allow such a distance, but the overall safety compliance would be left to the steel erector to resolve [12].

The simplest column splice is one in which only compression forces are transferred between two column segments that have the same nominal depth (see Figure 11-21). The design strength in bearing between the areas of contact is

[image: image]   (11-21)


[image: image]

FIGURE 11-21Column splice details



Where,


	ϕ	= 0.75,

	Fy	= Yield strength, and

	Apb	= Contact area.



By inspection, it is evident that the bearing strength for a column with full-contact area will not be more critical than the design strength of the column in compression.

Column splice details for several framing conditions are presented in AISCM Table 14-3. This table, which consists of a series of tables for various column splice configurations, is used mainly for splices that support compression load only. Column splices with load conditions that result in tension, shear, bending, or some combination of these three forces in the splice would have to be designed accordingly using the procedures previously discussed in Chapter 4 for the design of tension members, and in this chapter for the design of members for combined axial load, shear, and bending.

EXAMPLE 11-6

Column Splice

Analyze the column splice between a W12 × 65 lower level column and a W12 × 53 upper level column. The steel is ASTM A992 Grade 50 and the floor-to-floor height is 15 ft.

Solution

From part 1 of the AISCM, the section properties for W12 × 65 and W12 × 53 are as follows:

W12 × 53:

Ag = 15.6 in.2

Zy = 29.1 in.3

Sy = 19.2 in.3

W12 × 65:

Ag = 19.1 in.2

Zy = 44.1 in.3

Sy = 29.1 in.3

Apb = the smaller area of the two column segments at the splice location = 15.6 in.2

Compression:

The depth of the W12 × 65 is equal to the depth of the W12 × 53, so there will be full contact for transferring the compression load. The design strength in bearing is

[image: image]

This value far exceeds the design strength of the columns in compression, even at a very small unbraced length, so steel column-to-steel column bearing is not a concern.

Tension:

The design strength in tension for a W12 × 53 is

[image: image]

While it is likely that the column does not experience that magnitude of tension under an actual design condition, the design strength in tension would likely have to be developed with a welded splice plate instead of bolts. Assuming that a plate on either side of the column web is provided with a cross-sectional area equal to the area of the column, a 7⁄8-in.-thick plate would be required on each side with a width less than or equal to the T distance of the column (T = 91⁄8 in. for the W12 × 65 and T = 91⁄4 in. for the W12 × 53)

Assume 7⁄8 in. × 9 in. plate on each side of the column web:

The area of the two steel plates is

[image: image]

Since the cross-sectional area of the two plates is greater than the smallest column cross-sectional area, the plates will be adequate in tension.

Assuming a 5⁄16-in. fillet weld (i.e., D = 5) and a 42-in. long × 9 in. wide plate (i.e., 21 in. long above and below the splice), the total fillet weld length on one side of the column web above or below the splice (see Figure 11-21c) is 21 in. + 9 in. + 21 in. = 51 in. Therefore, the weld strength above or below the splice (considering the plate on both sides of the column web) is

[image: image]

Therefore, the welds are adequate since their capacity is greater than the tension capacity of the smaller column.

Shear and Bending in the W12 × 53:

From AISCM Table 3-6, ϕVn = 125 kips.

From AISCM Table 3-10, for a W12 × 53 with unbraced length, Lb = 15 ft., the design moment capacity, ϕbMnx = 258 ft.-kips;

The design moment capacity can also be obtained from AISCM Table 3-2 as follows:

[image: image]

[image: image]

The splice detail for shear and for the bending moments about the strong and weak axes will not be developed here; however, Examples 11-3 and 11-4 provide the procedure for designing these splice plates (welded or bolted).



11-8DESIGN OF GUSSET PLATES IN VERTICAL BRACING AND TRUSS CONNECTIONS


Gusset plates are flat structural elements that are used to connect adjacent members meeting at vertical brace connections and at truss panel points as shown in Figure 11-22 and Figures 11-23a through 11-23d. Gusset plates help to transmit loads from one member to another at a joint. The importance of gusset plates as connecting elements at structural joints, even though they are a small part of the overall structure, cannot be overemphasized. According to the National Transportation Safety Board (NTSB), the primary cause of the August 1, 2007 collapse of the I-35W bridge in Minneapolis, MN that killed 13 people and injured many others were its under-designed gusset plates [13, 14]. The design of gusset plates is covered in part 9 of the AISCM. Where the gusset plate is part of a seismic force-resisting system with a seismic response modification factor, R, greater than 3, the requirements of the AISC seismic provisions for steel buildings must also be satisfied [5]. The gusset plates may be bolted or welded to the members meeting at the joint, and the practical minimum thickness of gusset plates used in design practice is usually 3⁄8 in. For diagonal brace connections with gusset plates, the gusset plate helps to transfer the diaphragm lateral forces from the beams or girders to the diagonal brace and the adjoining column. Several connection interfaces must be designed:


[image: image]

FIGURE 11-22Gusset plate at diagonal brace




	Diagonal brace-to-gusset connection,

	Gusset-to-beam connection,

	Gusset-to-column connection,

	Beam-to-column connection.



At truss joints, the gusset plates connect the web members to the chord members. The gusset plates are connected to the adjoining members with welds or bolts. At truss panel joints or at diagonal brace connections, it is common practice to choose the geometry of the joint such that the centroidal axes of all the members meeting at the joint coincide at one point, called the work point (WP), in order to minimize bending moments in the gusset plate and in the adjoining members. Where it is not feasible to have a common work point for all the members meeting at a joint, there will be moments induced in the gusset plate and the connecting members, in addition to other stresses. These additional moments must be considered in the design of the gusset plates and the members meeting at the joint. In addition to bending moments, gusset plates are usually also subjected to shear and axial tension or compression stresses. For direct axial stresses (i.e., tension and compression), the effective cross-section is defined by the Whitmore effective width, W (typical throughout), at the end of the connection, and this is obtained by projecting lines at an angle of spread of 30° on both sides of the connection starting from the first row of bolts to the last row of bolts in the connection. For welded connections, the lines are projected on both sides of the longitudinal weld and at the spread-out angle of 30° starting from the edge of the longitudinal weld to the end of the weld (see Figures 11-23a, 11-23c, and 11-23d). The effective gross area of the plate is the Whitmore effective width, W, times the plate thickness, t.


[image: image]

FIGURE 11-23aGusset plate at a welded truss panel point




[image: image]

FIGURE 11-23bGusset plate at truss panel point




[image: image]

FIGURE 11-23cGusset plate at a bolted truss panel point




[image: image]

FIGURE 11-23dGusset plate at truss support



Sometimes, the Whitmore section may be limited by the geometry of the connection, such as when the Whitmore effective width crosses a connected edge, or materials of differing strengths or thicknesses are used in the connection, or the geometry results in an unsymmetrical Whitmore section. For such cases, the recommendation in Ref. [15] can be followed to address these situations.

To ensure adequate out-of-plane rotation of the gusset plate when the bracing or truss web member is subjected to out-of-plane buckling under cyclic loading (e.g., seismic loads), Astaneh-Asl recommends that the end of the bracing member or truss web member be terminated at least a distance of 2t away from the re-entrant corner of the gusset plate at the gusset-to-beam and gusset-to-column interfaces [16] (see Figures 11-22 and 11-23a). This requirement can be relaxed for connections subject to monotonic or static loading. Although gusset plates may appear to be small and insignificant structural connecting elements, it is important that they be adequately designed, detailed, and protected against corrosion to avoid connection failures that could lead to the collapse of an entire structure.

In this section, only the design of the gusset plate is covered. The determination of the forces acting on gusset plate interface connections is discussed, but the design of the welds and bolts at these connection interfaces is not covered in this section because this matter has already been covered in previous chapters. The observed failure modes of gusset plates include the following [16]:


	Out-of-plane buckling of the gusset plate due to the axial compression force:
The unbraced length, Lg, of a gusset plate is taken as the larger of the length of the plate between adjacent lines of bolts parallel to the direction of the axial compression force and the length of the plate along the centroidal axis of the diagonal brace or the truss web member between the end of the diagonal brace or truss web member and the connected edge of the gusset plate (see Figures 11-22 and 11-23a). The gusset plate will buckle out of plane about its weaker axis, and the buckling is assumed to occur over a plate width equal to the Whitmore effective width, W. To determine the design compression load, determine the slenderness ratio, KLg/r, where r is approximately 0.3t and the effective length factor, K, is conservatively taken as 1.2 to account for some end fixity of the gusset plate (see Figure 5-4). The critical buckling stress, ϕFcr, is obtained from AISCM, Table 4-14, and the design compressive strength of the gusset plate is calculated as
[image: image]   (11-23)

Where


	Fcr	= Critical buckling stress (ϕFcr can be obtained from AISCM Table 4-14),

	W	= Whitmore effective width,

	t	= Thickness of the gusset plate,

	ϕ	= 0.9.





	Buckling of the free or unsupported edge of the gusset plate:
To prevent buckling at the unsupported edges of gusset plates, the minimum gusset plate thickness (without edge stiffeners) required in the American Association of State and Highway Transportation Officials (AASHTO) Code [17] and commonly used in design practice for monotonic or static loading is
[image: image]    (11-24a)

[image: image]

[image: image]

Where,


	Lfg	= Length of the free or unsupported edge of the gusset plate (see Figure 11-24),

	Fy	= Yield strength of the gusset plate, and

	E	= Modulus of elasticity of the gusset plate.



For gusset plates subjected to cyclic (or seismic) loading, the minimum required gusset plate thickness is

[image: image]    (11-24b)


[image: image]

FIGURE 11-24Free edge length of gusset plate




	Tension or compression failure of the gusset plate due to yielding within the Whitmore effective area:
Tension yielding is the most desirable form of failure because of the ductility associated with this failure mode.
The design tension or compression yield strength is
[image: image]

[image: image]   (11-25)

where


	ϕ	= 0.9,

	W	= Whitmore effective width (see Figures 11-23a, 11-23c, and 11-23d), and

	t	= Thickness of the gusset plate.




	Tension failure of the gusset plate due to fracture at a bolt line within the Whitmore effective area:
This is the least desirable form of failure and should be avoided for structures subjected to cyclic loading (e.g., seismic loads, traffic loads, and crane loads) because of the sudden and brittle nature of this failure mode.
The design tension strength, TPn = Net area of the Whitmore section × Fu

[image: image]   (11-26)

Where,


	Fu	= Tensile strength of the gusset plate,

	ϕ	= 0.75,

	n	= Number of bolt holes perpendicular to the applied axial force for each line of bolt, and

	dhole	= Diameter of the bolt hole = dbolt + 1⁄8 in. (see Chapter 4)




	Tension failure of the gusset plate due to block shear:
The calculation of the tensile strength of a plate for this failure mode has been discussed in Chapter 4.

	Fracture of the connecting welds and bolts:
The design of bolts and welds is covered in Chapters 9 and 10.

	Yielding failure of the gusset plate from combined axial tension or compression load, bending moment, and shear:
The applied loads on a diagonal brace or truss connection may result in a combination of shear, Vu, bending moment, Mu, and tension or compression force, Pu, acting on a critical section of the gusset plate. These forces are determined from a free-body diagram of the gusset plate using equilibrium and statics principles. The following interaction equation from plasticity theory (see AISCM equation (9-1)) [1] is recommended for the design of gusset plates under combined loads [16, 18, 19]:
[image: image]   (11-27)

Where,


	Pu	= factored axial load on gusset plate,

	Vu	= factored shear on gusset plate,

	Mu	= factored in-plane bending moment on gusset plate,

	ϕ	= 0.9,

	 ϕMp	= In-plane plastic moment capacity of the gusset plate at the critical section [image: image],

	t	= Thickness of gusset plate,

	b	= Length of the gusset plate at the critical section at the connection to the beam or column or truss member; the length is taken parallel to the beam or column or the truss web member,

	Fy	= Yield strength of the gusset plate,

	 ϕPy	= Axial yielding capacity = Ag,crFy,

	Ag,cr	= tb,

	 ϕVy	= Shear yielding capacity of the gusset plate = ϕ(0.6Ag,cr Fy)Cv1.






EXAMPLE 11-7

Gusset Plate at a Symmetrical Truss Joint

For the truss joint shown in Figure 11-25, determine the following, assuming a 5⁄8-in. gusset plate, 3⁄4-in.-diameter bolts, and ASTM A992 Grade 50 steel:

a.Whitmore effective width for the gusset plate on diagonal web members A and B,

b.Compression buckling capacity of the gusset plate on diagonal member A, and

c.Tension capacity of the gusset plate on diagonal member B (assume that block shear does not govern).


[image: image]

FIGURE 11-25Gusset plate detail for Example 11-11



Solution


	From Figure 11-26, the Whitmore effective width of the gusset plate on diagonal web members A and B is calculated as follow:
[image: image]

[image: image]



	The maximum unbraced length of the gusset plate is the larger of the distance between adjacent bolt lines (3 in.), the maximum unsupported distance of the gusset plate measured along the centroid of the brace or diagonal member from the end of the diagonal member to the connected edge of the gusset plate (assume 0 in. in this case since the W6 diagonal members have been extended to the point where they abut other W6 members at the joint; see Figure 11-26).
Therefore, the maximum unbraced length of 5/8 in. thick gusset plate, Lg = 3 in.
[image: image]

Therefore, according to AISCM, Section J4.4, buckling can be neglected and Fcr = Fy. Note that for cases where KL/r > 25, the buckling capacity, ϕPn, is determined from ϕFcrAg, where ϕFcr is obtained from AISCM, Table 4-14.


[image: image]

FIGURE 11-26Whitmore effective width of gusset plates



a.The tension yielding capacity of the 5/8 in. thick gusset plate on diagonal member B is
[image: image]

b.The tension capacity of the 5/8 in. gusset plate on diagonal member B due to fracture of the 5/8 in. thick gusset plate is

[image: image]

Where,

[image: image]

The smaller of the above two values will govern for the tension capacity of the ­gusset plate on diagonal member B. Therefore, the design tension strength, ϕPn = 251 kips.




EXAMPLE 11-8

Gusset Plate at a Nonsymmetrical Truss Joint

The gusset plate for a truss bridge is subjected to the factored loads shown in Figure 11-27, assuming ASTM A992 Grade 50 steel:


	Determine the combined moment, Mu, shear, Vu, and axial load, Pu, acting on the gusset plate at point C′ along the critical shear section C-C just below the work point.

	Using the plasticity theory interaction formula, determine whether the gusset plate is adequate to resist the combined loads.

	Determine whether the gusset plate is adequate for free-edge buckling.



Solution

The area of the ¾ in. thick gusset plate = tb = (¾ in.)(100 in.) = 75 in.2

The depth of the gusset plate for in-plane bending (perpendicular to the axis of bending) is b = 100 in.


	Summing the forces in the horizontal direction (i.e., SFx = 0) yields
[image: image]

Therefore, Vu = 1704 kips.

[image: image]

Summing the forces in the vertical direction (i.e., SFy = 0) yields

[image: image]

Therefore, Pu = 81 kips.

[image: image]


[image: image]

FIGURE 11-27Gusset plate detail for Example 11-8



Summing the moments about a point C′ on the critical section C-C just below the work point (i.e., ΣM = 0) yields

[image: image]

Therefore, Mu = 23,854 in.-kips.

[image: image]



	From equation (11-27), the plasticity theory interaction equation (see AISCM equation (9-1)) for a gusset plate under combined loading is
[image: image]



	The maximum unbraced length of the free (unsupported) edge of the gusset plate, Lfg = 30 in. From equation (11-24a), the required minimum gusset plate thickness to avoid unsupported edge buckling is
[image: image]

[image: image] 3⁄4 in. provided. OK

If this gusset plate were subjected to cyclic (i.e., seismic) loading, the minimum required thickness of the gusset plate, without edge stiffeners, would be 1.66 in., from equation 11-24b. Also note that if a gusset plate of A36 steel were used in this connection, we would find that the gusset plate thickness of ¾ in. would be grossly inadequate to resist the loads. The reader should confirm that a 1 in. thick gusset plate would be required if an A36 steel gusset plate was used in this connection and the value of the interaction equation from step 2 would be 0.88 for this case.




Gusset Plate Connection Interface Forces

The analysis of the gusset plate connection interface forces is a complex indeterminate problem and the most effective method for calculating the shear, axial tension or compression forces, and moments acting on gusset plate connections is the so-called uniform force method (UFM) illustrated in Figure 11-28 [1, 16, 20-23]. It results in the most economical design and the best prediction of the critical limit state and design strength for gusset plate connections [1]. For economic reasons, it is desirable to select a connection geometry that will avoid, or at least minimize, the in-plane moments acting on the gusset-to-beam, gusset-to-column, and beam-to-column connection interfaces, but in order for the joint to be free of moments leaving only axial and shear forces acting on the gusset connection interfaces, the UFM requires that the gusset plate connection satisfy the following conditions (see AISCM Part 13) [1]:

[image: image]   (11-28)

[image: image]   (11-29)

[image: image]   (11-30)

[image: image]   (11-31)

[image: image]   (11-32)

[image: image]   (11-33)

where


	θ	= Angle between the diagonal brace and the vertical plane,

	α	= Ideal distance from the face of the column flange or web to the centroid of the gusset-to-beam connection (Note: The setback between the gusset and the face of the column flange can typically be assumed to be approximately 0.5 in.),

	β	= Ideal distance from the face of the beam flange to the centroid of the gusset-to-column connection (where the beam is connected to the column web, set β = 0),

	db	= Depth of beam,

	dc	= Depth of column (where the diagonal brace is not connected to a column flange, set 0.5dc ≈ 0 and HC = 0),

	VB, HB	= Vertical and horizontal forces on the gusset–beam connection interface,

	VC, HC	= Vertical and horizontal forces on the gusset–column connection interface,

	X	= Horizontal length of the gusset plate = 2(α– 0.5-in. setback), and

	Y	= Vertical length of the gusset plate = 2β.



The preceding development assumes that the work point, WP, is located at the intersection of the centroidal axes of the connecting members. For work points occurring at other locations, the reader should refer to the special cases presented in Part 13 of the AISCM [1].


[image: image]

FIGURE 11-28Gusset connection interface forces using the uniform force method Adapted from Ref. [1]



The design procedure for a new gusset plate connection, with the beam and column sizes already determined, and assuming the work point, WP, lies at the intersection of the centroidal axes of the connecting members is as follows:


	Knowing the beam and column sizes and the brace geometry, determine 0.5db, 0.5dc, and θ.
Note: If the brace is connected to a column web, set dc = 0 and HC = 0. If the gusset is connected only to the beam and not to a column, set dC = 0, β= 0, VC = 0, and HC = 0.



	Select a value for Y, the vertical dimension of the gusset plate, and determine t = 0.5Y.

	Substitute β, θ, 0.5db, and 0.5dc into equation (11-28) to determine β.

	Knowing α, with the centroid of the gusset-to-beam connection interface assumed to be at the midpoint of this interface, the horizontal length of the gusset plate can be determined from the relationship [image: image], where 0.5 in. is the gusset setback from the column face.

	Determine the horizontal and vertical forces on the gusset plate connection interfaces, VB, HB, VC, and HC, using equations (11-29) to (11-33).




TABLE 11-1 Gusset Connection Interface Design Forces

[image: image]



R = Factored or required end reaction in the beam,

AB = Factored or required horizontal axial force from the adjacent bay (due to drag strut action),

H = Horizontal component of the factored or required diagonal brace force = Pbrace sin θ.

The forces on the gusset connection interfaces are given in Table 11-1.

For new connection designs, it is relatively easy to select a gusset geometry with values of X and Y or α and β that satisfy equation (11-28) and thus ensure that there are no moments on the gusset connection interfaces. However, for existing gusset plate connections or where constraints have been placed on the gusset plate dimensions, it may not be possible to satisfy equation (11-28), and therefore, moments may exist on one or both gusset connection interfaces or on the beam-to-column connection interface. It is usual in design practice to assume that the more rigid gusset connection interface will resist all of the moment required to satisfy equilibrium [24].

The procedure for the analysis of existing gusset plate connections is as follows:


	Determine 0.5db, 0.5dc, X, Y, and θ from the geometry of the connection.
Note that where the brace is not connected to a column flange, set 0.5dc ≈ 0 and HC = 0.

	Using the known horizontal and vertical lengths of the gusset plate, determine the actual α and β values as follows:
[image: image] [image: image]

[image: image]

[image: image]Actual distance between the face of the column flange or web and the centroid of the gusset-to-beam connection, and

[image: image] Actual distance between the face of the beam flange and the centroid of the gusset-to-column connection.


	If the gusset-to-beam connection is more rigid than the gusset-to-column connection (e.g., if a welded connection is used for the gusset-to-beam connection and a bolted connection is used for the gusset-to-column connection), set the ideal β equal to the actual β (i.e.,β from step 2) and calculate the ideal α using equation (11-28). These ideal values of α and β are used in equation (11-29) to calculate the parameter, r.
If the ideal α calculated in step 3 equals the actual α (i.e., [image: image] from step 2), then no moment exists on the gusset-to-beam connection interface. If not, the forces and moment on the gusset-to-beam connection interface are calculated as follows:

[image: image]   (11-34)

[image: image]   (11-35)

[image: image]   (11-36)

where

[image: image]   (11-37)


	If the gusset-to-column connection is more rigid than the gusset-to-beam connection (e.g., if a welded connection is used for the gusset-to-column connection and a bolted connection is used for the gusset-to-beam connection), set the ideal α equal to the actual α (i.e., [image: image] from step 2) and calculate the ideal β using equation (11-28). These ideal values of  α and β  are used in equation (11-29) to calculate the parameter r.
If the ideal β, calculated in step 4, equals the actual, β (i.e., [image: image] from step 2), then no moment exists on the gusset-to-column connection interface. If not, the forces and moment on the gusset-to-column connection interface are calculated as follows:

[image: image]   (11-38)

[image: image]   (11-39)

[image: image]   (11-40)

where

[image: image]   (11-41)




EXAMPLE 11-9

Design of Gusset Plate Connection

Determine the dimensions of the gusset plate and the gusset connection interface forces for the diagonal brace connection shown in Figure 11-29.

Solution


	[image: image]
[image: image]

[image: image]


[image: image]

FIGURE 11-29Diagonal brace connection design for Example 11-9




	Assume Y = 18 in.
[image: image]


	Using equation (11-28), we have
[image: image]

[image: image]

Therefore, α = 14.15 in.


	Hence, the horizontal length of the gusset plate, X, is obtained from
[image: image]

[image: image]

[image: image]

From step 2, Y = 18 in. = 1 ft. 6 in.


	Use equation (11-29) to determine
[image: image]

Using equations (11-30) to (11-33) the gusset connection interface forces are determined as follows:

[image: image]




EXAMPLE 11-10

Analysis of Existing Diagonal Brace Connection

Determine the force distribution at the gusset plate connection interfaces for the existing diagonal brace connection shown in Figure 11-30, assuming that

a.The gusset-to-beam connection is more rigid than the gusset-to-column connection, and

b.The gusset-to-column connection is more rigid than the gusset-to-beam connection.

Assume a 1⁄2-in. setback between the gusset plate and the face of the column.


[image: image]

FIGURE 11-30Diagonal brace connection alalysis for Example 11-10



Solution


	[image: image]
[image: image]

[image: image]

[image: image]


	The actual centroidal distances are calculated as follows:
[image: image]


	If the gusset-to-beam connection is more rigid than the gusset-to-column connection (e.g., if a welded connection is used for the gusset-to-beam connection and a bolted connection is used for the gusset-to-column connection),
[image: image]

[image: image]

[image: image]

Therefore, set [image: image] from step 2. Thus, we find that a moment exists on the gusset-to-beam connection interface; the moment and forces on this interface are calculated as follows:

[image: image]

The forces on the gusset-to-beam interface are

[image: image]

The forces on the gusset-to-column interface are

[image: image]


	If the gusset-to-column connection is more rigid than the gusset-to-beam connection (e.g., if a welded connection is used for the gusset-to-column connection and a bolted connection is used for the gusset-to-beam connection), set [image: image] (from step 2) = 15.5 in. Substituting this in equation (11-28) yields
[image: image]

Therefore, [image: image] from step 2. Thus, we find that a moment exists on the gusset plate-to-column connection interface, and the moment and forces on this interface are calculated as follows:

[image: image]

The forces on the gusset plate-to-column interface are:

[image: image]

[image: image]

[image: image]

The forces on the gusset plate-to-beam interface are:

[image: image]

[image: image]

[image: image]

The available strength of the gusset plate connection is determined using the methods presented in Chapters 9 and 10 for calculating bolt and weld design capacities.

For more information and detailed design examples of gusset-plated connections, the reader should refer to Chapter 2 of Ref. [25].





11-9COPED BEAMS


The analysis and design of coped beams - which occur on virtually every steel-framed project - is covered in this section. The geometry of a beam cope will generally be a function of the shape of the connected member. In some cases, field conditions may dictate the requirement of a cope. For example, Figure 11-31 shows a beam framing into the web of a column. When this beam is erected into its final position, it is dropped down in between the column flanges. This particular beam would require a coped bottom flange to enable it to be placed without any interference or obstruction. Other common coped beam connections are shown in Figure 11-32.

Additional beam modifications for connections are shown in Figure 11-33. A beam cope is defined as the removal of part of the beam web and flange. A block is the removal of the flange only, and a cut is the removal of one side of a flange. In each of these cases, it is common to refer to any of them as copes since the analysis and design procedures are similar.

When beams are coped, the load path of the end reaction must pass through a reduced section of the connected beam (see Figure 11-34). The strength of beams in block shear was covered in Chapter 9, and we will now consider the effect of the bending stresses at the critical (reduced) section of a coped beam due to the eccentricity of the beam end reaction, Ru, from the face of the cope. The coped section acts like a short cantilevered beam and is subjected to shear from the beam end reaction, plus bending stresses due to the moment, Rue, of the beam end reaction about the face of the cope; the eccentricity, e, is equal to the distance from the point of inflection to the face of the cope, and due to the rotational rigidity of the beam end connection, the point of inflection will not always occur at the face of the supporting member; it will occur closer to the face of the cope, thus reducing the eccentricity. However, it is not practical to determine the inflection point for coped beams; therefore in this text, the eccentricity, e, is defined as the distance from the face of the supporting member to the face of the cope, or the distance from the vertical line of bolts in the coped member to the face of the cope (see Figure 11-34); in the former case, the line of action of the beam end reaction is assumed to occur at the face of the supporting member while in the latter case, the line of action of the beam end reaction is assumed to occur through the line of action of the bolt group [1, 26]. A lower value of the eccentricity, e, can be used if justified by analysis.


[image: image]

FIGURE 11-31Coped bottom flange due to construction sequence




[image: image]

FIGURE 11-32Types of beam copes




[image: image]

FIGURE 11-33Cope, block, cut




[image: image]

FIGURE 11-34Reaction location and eccentricity at a coped beam



When the geometry of the beam cope is such that the localized stresses exceed the design strength, the beam can be reinforced at the cope. In Figure 11-35a, a web doubler plate is shown; in Figure 11-35b, a longitudinal stiffener is shown. In these two cases, the reinforcement should be extended a distance of dc past the critical section, where dc is the depth of the beam cope. In Figure 11-35c, both transverse and longitudinal stiffeners are shown. The given geometry of a connection will dictate the type of reinforcement to use where reinforcement is required.

The failure modes to be considered for coped beams include flexural rupture strength and flexural local buckling strength, in addition to checking the strength of the beam web in shear.


[image: image]

FIGURE 11-35Reinforcement of coped beams



Flexural Rupture Strength:

The nominal flexural rupture strength is obtained from AISCM equation (9-1) as

[image: image]   (11-42)

Where,

Fu is the ultimate tensile strength of the steel

Znet = plastic section modulus of the reduced beam section at the cope

For LRFD, the design flexural rupture strength (see AISCM equation (9-4)) is given as

[image: image]    (11-43a)

The allowable maximum moment is,

[image: image]    (11-43b)

Where,


	ϕbr	= 0.75 (LRFD strength reduction factor for the flexural rupture limit state)

	Ωbr	= 2.0 (ASD safety factor for the flexural rupture limit state)



As indicated at the beginning of this chapter, the ASD method is not used for the examples in this chapter, but the interested reader can easily and readily obtain the ASD solutions to the examples using the ASD equations.

Flexural Local Buckling Strength - Beams Coped at the Top Flange Only:

For beams coped at the top flange only, the reduced cross-section at the cope will be an inverted T-section and the web will be subjected to local buckling from the compression stresses due to flexure. Thus, for this case, the flexural local buckling limit state will be applicable. The minimum length of the shear connector (i.e., the double angles or shear tab) should be no less than 50-percent of the depth of the beam at the cope, ho. The nominal moment capacity at the coped section due to flexural local buckling will depend on the slenderness of the coped section and are obtained from Part 9 of the AISCM [1] as follows:

[image: image]

The design moment capacity (LRFD) = ϕbMn    (11-49a)

The allowable maximum moment, [image: image]    (11-49b)

Where,


	ϕb	= 0.9 (LRFD strength reduction factor for the flexural local buckling limit state)

	Ωb	= 1.67 (ASD safety factor for the flexural local buckling limit state)

	Mn	= nominal moment capacity

	Mp	= plastic moment capacity of the reduced beam section at the cope = FyZnet

	My	= nominal yield moment capacity of the reduced beam section at the cope = FySnet

	E	= modulus of elasticity = 29,000 ksi

	Fy	= yield stress of the steel in ksi

	Snet	= elastic section modulus of the reduced beam section at the cope, in.3



The net elastic section modulus, Snet, for various beams and cope depths is provided in AISCM, Table 9-2. In this table, the cope depth is limited to the smaller of 0.5d and 10 in.

Znet = plastic section modulus of the reduced beam section at the cope, in.3

The net plastic section modulus, Znet, is not tabulated in the AISCM, but is tabulated in the AISC Design Examples PDF which can be downloaded from aisc.org. Znet can be calculated for coped sections using the method presented in Chapter 1 for calculating plastic section modulus.


	k1	= f k ≥ 1.61 (11-50)

	f	= buckling adjustment factor

		[image: image] for [image: image] (11-51a)

		[image: image] for [image: image] (11-51b)

		= slenderness of the web = [image: image]

	c	= cope length (see Figure 11-36)

	dc	= cope depth (see Figure 11-36)

	d	= beam depth

	ho	= depth of the coped section (see Figure 11-36)

	tw	= beam web thickness



The plate buckling coefficient, k, is given by the following equations:

[image: image] for [image: image]    (11-52a)

[image: image] for [image: image]    (11-52b)

Lateral Torsional Buckling Strength - Beams Coped at Both the Top and Bottom Flanges:

For beams coped at both the top and bottom flanges, the coped section behaves in bending like a rectangular plate section [1, 26, 27] and AISC Specification Section F11 is applicable in calculating the flexural strength of the coped section, and the lateral torsional buckling limit state should be checked. The moment capacity and allowable moment for the lateral torsional buckling limit state should be modified by the lateral-torsional buckling modification factor, Cb, calculated as follows:


[image: image]

FIGURE 11-36Dimensional parameters for local buckling in a coped beam



When the bottom cope is equal in length or longer than the top cope (i.e., [image: image] ), the lateral torsional buckling modification factor [1] will be

[image: image]   (11-53)

When [image: image], the unbraced length of the cope, Lb = ct, in.

When the bottom cope is shorter than the top cope (i.e., [image: image] ), the lateral torsional buckling modification factor [1] will be

[image: image]   (11-54)

When [image: image], the unbraced length of the cope, Lb = [image: image], in.

All the other parameters in equations (11-53) and (11-54) above are defined as follows:


	ct	= length of cope in top flange, in. (see Figure 11-36b)

	cb	= length of cope in bottom flange, in. (see Figure 11-36b)

	dct	= depth of cope at the top flange, in. (see Figure 11-36b)

	dcb	= depth of cope at the bottom flange, in. (see Figure 11-36b)



Note that buckling is checked at the top flange (which is usually in compression) hence the cope depth at the top flange, dct, affects the lateral torsional stability factor in equations (11-53) and (11-54). The larger the value of dct, the smaller the lateral torsional buckling modification factor, thus reducing the nominal moment strength.

For beams that are coped at both the top and bottom flanges, the rectangular coped section when subjected to flexure is susceptible to lateral torsional buckling and the design moment capacity and allowable moment from AISC Specifications F11 for bending about the strong (or x-x) axis are given as follows as a function of the slenderness of the net section:


	For [image: image], the design moment capacity and the allowable moment, respectively, are calculated as follows:
[image: image] for LRFD    (11-55a)

[image: image] for ASD    (11-55b)


	For [image: image], the design moment capacity and the allowable moment, respectively, are calculated as follows:
[image: image] for LRFD    (11-56a)

[image: image] for ASD    (11-56b)


	For [image: image], the design moment capacity and the allowable moment, respectively, are calculated as follows:
[image: image] for LRFD    (11-57a)

[image: image] for ASD    (11-57b)

For this limit state,


	ϕb	= 0.9

	Ωb	= 1.67

	Lb	= unbraced length

	Cb	= lateral torsional buckling modification factor (see equations (11-53) and (11-54))

	d	= bar depth (i.e., plate or bar dimension perpendicular to the axis of bending) = ho for the beam coped at top and bottom flange

	t	= bar thickness (i.e., plate or bar dimension parallel to the axis of bending) = tw for the coped beam

	[image: image]

	[image: image]

	My	= yield moment for bending about the strong (i.e., x-x) axis = FySx

	Mp	= yield moment for bending about the strong (i.e., x-x) axis = FyZx



[image: image]   (11-58)




EXAMPLE 11-11

Beam Coped at the Top Flange

For the beam shown in Figure 11-37, determine whether the beam is adequate for flexural rupture and flexural yielding at the beam cope. The steel is ASTM A992, grade 50.

Solution

[image: image]

From AISCM Table 1-1, the section properties for W16 × 40 are

[image: image]

Section properties at the critical section (see Table 11-2):

[image: image]

[image: image]


[image: image]

FIGURE 11-37Detail for Example 11-11




TABLE 11-2 Section Properties at the Beam Cope

[image: image]



[image: image]

[image: image]

[image: image]

Alternatively, using AISCM Table 9-2 with dc = 3 in., confirm that Snet = 13.6 in.3

Also, using the equal area principle for homogeneous sections (see Chapter 1), the plastic section modulus of the reduced section, Znet, can also be calculated to be 24.64 in.3

The factored applied moment due to the eccentricity of the beam end reaction is

[image: image]

Flexural rupture strength:

[image: image] (see equation (11-43a))

[image: image]

Flexural local buckling strength:

[image: image]

[image: image]

[image: image]

Therefore, the flexural local buckling strength is

[image: image]

Since the flexural local buckling strength (912 in.-kips) is less than the flexural rupture strength (1201 in.-kips), therefore, the flexural local buckling strength controls the flexural strength for this coped beam. In most cases, the flexural strength of the coped beam will be controlled by the flexural local buckling limit state.

Therefore, [image: image]

Shear strength of the coped section (from Chapter 6):

[image: image]

The coped beam is adequate in shear and flexure. The preceding discussion and solution assume that the coped beam is laterally braced in the compression zone (i.e., at the top flange) at the end of the uncoped region of the beam.

EXAMPLE 11-12

Beam Cope with Reinforcing

For the beam shown in Figure 11-38, determine whether the beam is adequate for flexural rupture and flexural yielding at the beam cope. The steel has a yield strength of 50 ksi.

Solution

This is a common connection condition when W-shape beams are used in the same framing plan as open-web steel joists that have a seat depth of 2.5 in. at the bearing ends. For the connection shown, the depth of the cope, dc, is 5.49 in. (greater than 0.5d = 4.0 in.) and therefore it must be reinforced as shown with the 3⁄8-in. × 2-in. plates. Note that the plates must extend beyond the face of the cope for a distance equal to at least the depth of the cope (i.e., at least 5.49 in.); see Figures 11-35 and 11-38.

The capacity of this connection must be checked for flexural rupture since flexural local buckling will not occur because the coped section is reinforced. The section properties of the critical section of the reinforced coped beam are summarized as follows.


[image: image]

FIGURE 11-38Detail for Example 11-12



From AISCM Table 1-1, the section properties of an uncoped W8 × 13 are

[image: image]

Section properties at the critical section (see Table 11-3 and Figure 11-38):

[image: image]

[image: image]

[image: image]


TABLE 11-3 Section Properties of Reinforced Beam Cope

[image: image]



[image: image]

[image: image] (use the smaller section modulus)

Using the equal area principle for homogeneous sections (see Chapter 1), the plastic neutral axis or equal area axis will be located at a distance of 0.359 in. from the bottom of the reduced 2.5 in deep beam (i.e., from the bottom of the reinforcing plates). The plastic section modulus is found to be

[image: image]

Flexural rupture strength:

[image: image]

With the eccentricity, e, from the support reaction to the face of the cope equal to 4 inches., the factored moment at the face of the cope is

[image: image]

Shear strength (from Chapter 6):

[image: image]

EXAMPLE 11-13

Beam Cope at Both Flanges

For the beam shown in Figure 11-39, determine the maximum reaction that could occur based on flexural rupture and flexural yielding at the beam cope. The steel is ASTM A992, Grade 50.

Solution

From AISCM, Table 1-1, the section properties for a W16 × 40 beam are


[image: image]

FIGURE 11-39Detail for Example 11-13



[image: image]

[image: image]

[image: image] (beam is coped at both the top and bottom flanges)

[image: image]

[image: image]

Flexural rupture strength:

[image: image]

The eccentricity, e, which is the distance between the support reaction and the face of the cope, is 4 inches; therefore, the required maximum reaction is

[image: image]

Flexural local buckling strength – beam coped at both the top and bottom flanges:

Since the beam is coped at both the top and bottom flanges, the coped section behaves like a rectangular section bending about its strong axis. Since the length of the bottom (tension) cope is equal to that of the top cope [image: image], therefore, the unbraced length, [image: image] The lateral torsional buckling modification factor is calculated from equation (11-53) as follows:

[image: image]

[image: image]

[image: image]

[image: image]

Use equation (11-56a); therefore, the flexural capacity is

[image: image]

The maximum reaction due to the flexural lateral torsional buckling limit state is

[image: image]

Shear strength of coped beam (see Chapter 6):

[image: image]

The maximum reaction due to the shear yielding limit state is Ru,max = 98.8 kips.

Comparing the maximum reactions from the three limit states (133.8 kips, 123.5 kips, and 98.8 kips), we find that the shear yielding limit state controls. Therefore, for this coped beam, the maximum reaction that can be supported is Ru,max = 98.8 kips.

11-10HOLES IN BEAMS

Holes in any steel section are generally not desirable, especially if the holes are made after construction and were not part of the original design. In many connections, bolt holes are intentional and necessary, and are always considered in the original design. In other cases, field conditions might dictate the need for an opening in a steel beam, usually for the passage of mechanical, electrical, or plumbing ducts that conflict with a steel member (e.g., see Figure 3-8c). Careful attention to coordination among all of the construction trades could avoid such a conflict, but sometimes it is unavoidable. The use of open-web steel joists or castellated beams would provide a framing system that allows for the passage of moderately sized ducts through the framing members (see Figure 11-40).


[image: image]

FIGURE 11-40Beams with openings



Other references provide more detailed coverage of beams with web openings [28], but the approach taken here will be similar to a common approach taken in practice. When an opening has to be made through a steel member, the following general guidelines apply:


	Provide reinforcement above and below the opening so that all of the original section properties are maintained. For example, if an opening is required in a W-shaped beam, provide a steel angle or plate so that the addition of the angles or plates will yield a composite steel section that has a cross-sectional area, section modulus, and moment of inertia that is equal to or greater than the original section. This will help to ensure the same behavior of the beam with respect to the applied loads. For beams that are to be left unreinforced, refer to Ref. [28].

	Concentrated loads should not be permitted above the opening, nor should the opening be within a distance d from the bearing end of the beam.

	Circular openings are preferred because they are less susceptible to stress concentrations. Square openings should have a minimum radius at the corners of 2tw or 5⁄8 in., whichever is greater.

	Openings should be spaced as follows:
a.Rectangular openings:

[image: image]   (11-59)

[image: image]   (11-60)

b.Circular openings:

[image: image]   (11-61)

[image: image]   (11-62)

c.Openings in composite beams:

[image: image]   (11-63)

[image: image]   (11-64)

Where,


	S	= Clear space between openings,

	ho	= Opening depth,

	ao	= Opening width (parallel to the longitudinal axis of the beam),

	Do	= Opening diameter,

	d	= Beam depth,

	Vu	= Factored shear,

	ϕ	= 0.9 for noncomposite beams

		= 0.85 for composite beams,

	Vp	= Plastic shear capacity

		[image: image]   (11-65)

	Fy	= Yield stress,

	tw	= Web thickness, and

	s	= Depth of the remaining section.





	The weld strength within the length of the opening should be as follows:
[image: image]   (11-66)

Where,


	Rwr	= Required weld strength,

	ϕ	= 0.9 for noncomposite beams,

		= 0.85 for composite beams,

		[image: image] (11-67)

	Ar	= Cross-sectional area of the reinforcement above or below the opening.





	The length of the extension beyond the opening should be as follows:
[image: image]   (11-68)



	The weld strength within the length of the extension should be as follows:
[image: image]   (11-69)

The design parameters indicated above are illustrated in Figure 11-41.





[image: image]

FIGURE 11-41Web opening design parameters



EXAMPLE 11-14

Beam with Web Opening

Determine the required reinforcement for the noncomposite beam shown in Figure 11-42. The 6-in. opening is centered in the beam depth and is at midspan of a simple-span beam away from any significant concentrated loads. The steel is ASTM A992 Grade 50.


[image: image]

FIGURE 11-42Detail for Example 11-14



Solution

From AISCM Table 1-1, the section properties for W16 × 40 are

[image: image]

The cross-sectional area of the web that has been removed is (6 in.)(0.305 in.) = 1.83 in.2

Assuming that a pair of angles is provided on the top and bottom of the opening, the required area for each vertical leg of the angle reinforcement is

[image: image]

An L2 × 2 × 1⁄4 angle is selected that has an area of (2 in.)(1/4 in.) = 0.50 in.2 per vertical leg. This ensures that an equivalent amount of shear strength is provided to replace the portion of the web that has been removed. By inspection, the area provided is greater than the area removed, and the location of the angles is such that the composite section properties will be greater than the original section properties.

Required weld length within the opening:

Cross-sectional area of L2 × 2 × ¼ reinforcement = 0.938 in.2

The area of the reinforcement for the web above or below the web opening is

[image: image]

Note: Only the vertical leg of the angle reinforcement that lies on the same plane as the beam web is considered in calculating Ar, hence the factor, “½” in the previous calculation for the area of the reinforcement.

The length of the web opening, ao = 12 in.

[image: image]

Assuming a 3⁄16-in. weld (i.e., D = 3), the weld strength (given the length of the opening of 12 in.) is

[image: image]

Required extension length of reinforcement:

[image: image]

Therefore, L1 = 3 in.

Required weld strength within the length of the extension:

[image: image]

Assuming a 3⁄16-in. weld (i.e., D = 3), the weld strength (given the extension length L1 = 3 in.) is

[image: image]

The weld size could be increased, but a simpler solution would be to increase the extension length so that a 3⁄16-in.-long weld could be used throughout. The minimum required length of the extension beyond the opening is:

[image: image]
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Exercises

11-1.Determine whether the W14 × 34 beam shown in Figure 11-43 is adequate for flexural rupture and flexural yielding at the cope. The steel is ASTM A992, grade 50.


[image: image]

FIGURE 11-43Detail for Exercise 11-1



11-2.Determine the maximum reaction, Ru, that could occur, considering flexural rupture and flexural yielding at the cope for the beam shown in Figure 11-44. The steel is ASTM A992, grade 50. What is the required plate length for the transverse stiffener?


[image: image]

FIGURE 11-44Detail for Exercise 11-2



11-3.Determine whether the W21 × 44 beam shown in Figure 11-45 is adequate for flexural rupture and flexural yielding at the cope. The steel is ASTM A36.


[image: image]

FIGURE 11-45Detail for Exercise 11-3



11-4.Design the top and bottom plates for the moment connection shown in Figure 11-46, including the welds to the beam. The beam is ASTM A992 Grade 50 steel and the welds are E70XX.


[image: image]

FIGURE 11-46Detail for Exercises 11-4 and 11-5



11-5.Repeat Exercise 11-4 assuming that the plates are bolted to the beam flange. Use 3⁄4-in.-diameter ASTM A490N bolts.

11-6.Figure 11-47 shows details for a column splice connection. The required strength in bending and shear across the splice is stated in terms of a percentage of the capacity of the column. All steel is ASTM A992 Grade 50. Determine the following:

a.The maximum moment that can be transferred across the splice based only on the shear strength of the bolts. Does it meet the required moment?

b.The maximum moment that can be transferred across the splice based only on the tensile rupture and tensile yielding strength of the plate. Does it meet the required moment?

c.Are the bolts in the end plate adequate to transfer the shear?


[image: image]

FIGURE 11-47Details for Exercise 11-6



11-7.Determine the maximum reaction, Ru, that could occur in Figure 11-48. The details below show a W8 × 15 framing into another beam through a single plate shear connection. Bolts are ¾" in STD holes. All steel is ASTM A36.


[image: image]

FIGURE 11-48Details for Exercise 11-7



a.Find Ru based on shear on the bolts and bolt bearing. The bolts are ¾" A325 SC and slip is a serviceability limit state. Faying surface is Class “C”.

b.Find Ru based on block shear in the web of the W8 × 15.

c.Find Ru based on the weld strength of the single plate to the supporting beam. Use the AISCM design aids.

d.Based on the above, what is the maximum load (Ru) that could occur?

11-8.Design a beam splice for a W21 × 44 beam assuming that the top and bottom plates and the shear plate are welded. The steel is ASTM A36 and the welds are E70XX. Assume that the required design bending strength is the full plastic moment capacity (ϕbMp) and that the required shear strength is one-third of the design shear strength (ϕvVn).

11-9.Determine whether the column in Exercise 11-4 is adequate for the concentrated forces due to the applied moment. Assume that the beam connection occurs at a location remote from the ends of the column.

11-10.For a W16 × 50 beam with the top and bottom flanges fully welded to the flanges of a W10 × 54 supporting column, determine the maximum end moment that could be applied without the use of stiffeners, taking into consideration the strength of the column in supporting concentrated forces. Assume that the beam connection occurs at a location remote from the ends. The steel is ASTM A992 Grade 50.

11-11.A diagonal brace in Chevron vertical bracing is connected to a W12 × 72 column and a W21 × 44 beam with a gusset plate in a connection similar to that shown in Figure 11-28. The factored brace force is 100 kips and the diagonal brace is inclined 60° to the horizontal. Determine the dimensions of the gusset plate and the forces on the gusset–column and gusset–beam interfaces. Assume a 1⁄2-in. setback between the gusset plate and the face of the column.

11-12.A diagonal brace in Chevron vertical bracing is connected to a W12 × 72 column and a W21 × 44 beam with a gusset plate in a connection similar to that shown in Figure 11-29, but with a gusset horizontal length, X of 2 ft. 4 in. and a vertical length, Y of 1 ft. 2 in. The factored brace force is 90 kips and the diagonal brace is inclined 35° to the horizontal. Determine the force distribution in the gusset plate connection interfaces assuming that the gusset-to-beam connection is more rigid than the gusset-to-column connection. Assume a 1⁄2-in. setback between the gusset plate and the face of the column.

11-13.Repeat Exercise 11-12 assuming that the gusset-to-column connection is more rigid than the gusset-to-beam connection.




CHAPTER

12

Floor Vibrations due to Human Activity

12-1INTRODUCTION


Steel-framed floors are generally designed to satisfy strength and deflection requirements, as discussed in previous chapters. However, deflection is not the only serviceability criterion that has to be satisfied. Floor vibrations due to human activity such as walking, dancing, running, aerobics, or jumping exercises are important serviceability criteria that should also be checked for steel framed floors and other floor systems to ensure occupant comfort and proper functioning of sensitive equipment [1, 7, 8]. Floor vibrations problems caused by resonance are difficult and expensive to fix after the fact; one famous example that illustrates this point is London’s Millennium Bridge, a pedestrian bridge that cost several million dollars to retrofit with dampers after it developed vibration problems during its opening, and had to be closed for two years for repairs. Long span floor systems that require large column free areas (e.g., members framing over exhibition halls, gymnasiums, auditoriums, ballrooms, or roadways) are particularly susceptible to floor vibration problems even though the frequency of the forcing function of the source of vibration may be low, such as walking vibrations. Other vibration-sensitive structures include suspended running tracks, and floor systems supporting aerobic or other rhythmic activities. The regular activity of human occupancy can be annoying to other occupants in the same space or in adjoining areas, and thus a vibration analysis should be part of the design process. Steel-framed floors have traditionally been designed to satisfy a live load deflection limit of L/360, as well as a span-to-depth ratio, L/d, not to exceed 24. These rules of thumb are still in use today and are usually sufficient for shorter spans. Floors that are framed with longer span beams, girders or trusses, or with open-web steel joists, are the most susceptible to vibration problems. In this chapter, we introduce the floor vibration analysis procedures presented in Ref. [1] to acquaint the reader with this important topic.

There are two basic types of floor vibrations: steady state and transient vibrations. Steady-state vibrations are due to continuous harmonic dynamic forces, such as vibration due to equipment or rotating machinery. These vibrations are best controlled by isolating the equipment from the structure.

Transient vibrations are due to low frequency and low-impact activities such walking and dancing, and high-impact activities such as aerobics, jumping, concerts, and athletics. This type of vibration decays or fades out eventually due to damping (i.e., friction or viscous forces). Transient vibrations are best controlled by relocating the activity, increasing the damping, increasing the mass of the structure, stiffening the structure, or a combination of these options. In this chapter, we will discuss the basic process for evaluating and mitigating transient vibrations in steel-framed floor systems. In general, the evaluation process involves the following steps:


	Determine the natural frequencies and the various modes of vibration of the floor system

	Determine the characteristics of the vibration source – i.e., the frequency and force magnitude

	Calculate the maximum acceleration of the floor system caused by the vibration source. Alternatively, dynamic testing of the floor system can be carried out to determine the modal properties and the acceleration of the floor due to a specified dynamic force caused by walking, dancing, running, aerobics or jumping exercises. Finite element analysis can also be used to model the dynamic behavior of the floor system.

	Compare the calculated maximum or peak acceleration to the acceleration tolerance limits for the floor system; the acceleration tolerance limit is dependent on the floor damping available, the type of activity causing the vibration as well as the type of human activity in the adjoining areas (e.g., in the case of a space used for aerobics adjacent to a floor area used for dining and dancing, the acceleration tolerance limits for dining and dancing will control);

	Apply mitigation measures to the floor system if the acceleration tolerance limits are exceeded (see Section 12-10); and

	Re-evaluate the floor system with the mitigation measures in place, and re-calculate the maximum accelerations to ensure that the acceleration tolerance limits are not exceeded [13].



A detailed coverage of the evaluation and analysis of the vibrations of steel-framed floor systems can be found in Ref. [1].



12-2VIBRATION TERMINOLOGY


In this section, we introduce and define some basic vibration terminology that will be referred to later in this chapter:

Damping ratio (β): Damping in a structural system is usually expressed as a percentage of critical damping. Critical damping is the amount of damping required to bring the system to rest in one-half cycle. See Table 12-2 for typical values of damping ratios.

Period (T): Time, in seconds, for one complete cycle of oscillation.

Frequency (f): Number of oscillations per second in hertz (Hz) or cycles per second, f = 1/T. A person walking at a pace of two steps per second is said to walk at a frequency of 2 Hz or 2 cycles per second.

Forcing Frequency (ff): The frequency, in hertz, of an applied dynamic force.

Harmonic: An integer multiple of a forcing frequency, ff. Any forcing frequency can have an infinite number of harmonics, but human activities are generally limited to a maximum of three harmonics. For example, for an applied forcing frequency of 2 Hz, the first harmonic is 2 Hz, the second harmonic is 4 Hz, and the third harmonic is 6 Hz.

Natural Frequency (fn): The frequency of the first mode of vibration of a structure when it is displaced and then suddenly released from an at-rest position, without any applied external forces (i.e., free vibration). The natural frequency of a structure is proportional to its stiffness. A structure typically has modal frequencies that corresponds to its modes of vibration. The first three modes of vibration of a structure are usually the most important, and the frequency of the first mode of vibration is also often referred to as the fundamental natural frequency, fn. The natural frequency and mode shapes of a structure are independent of the dynamic force causing vibration in the structure.

Resonance: A phenomenon where the forcing frequency, ff (or a harmonic multiple of the forcing frequency), of the dynamic activity coincides with one of the natural frequencies, fn, of the structure. This causes very large displacements, velocity, acceleration, and stresses. For a person walking at a pace of 2 steps per second (i.e., ff = 2 Hz), the floor will have to be checked for the first three harmonics of this forcing frequency (i.e., 2 Hz, 4 Hz, and 6 Hz).

Mode Shape: The deflected shape of a structural system that is subjected to free vibration. Each natural frequency of a structure has a corresponding deflected or mode shape.

Modal Analysis: Analytical method for calculating the natural frequencies, mode shapes, and responses of individual modes of a structure to a given dynamic force. A structure has multiple mode shapes, and the total structural system response to a dynamic force is a ­function of all the individual modal responses.



12-3NATURAL FREQUENCY OF FLOOR SYSTEMS


The most critical parameter in the vibration analysis of a floor system is its natural frequency. There are several factors that affect the natural frequency of a floor system, such as the floor stiffness and its mass. The natural frequency of a complex floor system can be determined from a finite element analysis, but for regular floor systems, the simplified approach presented in Ref. [1] will be used in this text. The floor system is assumed to be a concrete slab with or without a metal deck supported by steel beams or joists that are supported by some combination of steel girders, walls, or columns. Even non-composite floor systems with a metal deck and a concrete slab (without shear studs) are assumed to have full composite action under vibration loads from human activity; this is because the interface shear forces between the steel beam and the steel deck/concrete slab caused by the vibration or dynamic loading are low enough so that the shear capacity of the puddle welds connecting the metal deck to the steel beams [5] are sufficient to transfer the horizontal interface shear. Therefore, the section properties for the floor members are calculated assuming full composite action between the beams and slab even when noncomposite action is assumed for ultimate strength design.

The natural frequency of a simply supported uniformly loaded beam or joist can be estimated as follows [1]:

[image: image]   (12-1)

where



	fn
	= Natural frequency, Hz,



	g
	= Acceleration due to gravity (386 in./s2),



	E
	= Modulus of elasticity of steel (29 × 106 psi),



	I
	= Moment of inertia, in.4,



	
	= Transformed moment of inertia, It, for composite floors,



	w
	= Uniformly distributed load, lb./in. (see discussion below), and



	L
	= Beam, joist, or girder span, in.




Equation (12-1) can be simplified in terms of the maximum deflection as follows:

[image: image] Hz   (12-2)

where

Δ= Maximum deflection at the midspan of the flexural member

[image: image], in.

For a combined beam (or joist or hollow core slab) and girder system, the natural frequency of the floor system can be estimated as follows [1, 7, 8]:

[image: image]   (12-3)

where



	fj
	= Frequency of the beam or joist, and



	fg
	= Frequency of the girder.




Since the beams (or joist or hollow core slab) in a floor bay will be supported on two girders (one at each end), use the girder with the smaller frequency (i.e. the girder with the smaller stiffness).

Combining equations (12-2) and (12-3) yields the natural frequency for the combined floor system:

[image: image] Hz   (12-4)

where



	Δj
	= Beam or joist maximum deflection, and



	Δg
	= Girder maximum deflection (use the girder with the larger maximum deflection).




The effect of column axial deformation must be considered for taller buildings with rhythmic activities since the axial deformation of a column increases as the length increases. For this case, the natural frequency of the floor system becomes

[image: image]   (12-5)

where



	Δc
	= Column axial deformation



	
	= PL/EA,



	P
	= axial load on the column,



	L
	= total length of the column below the floor level under consideration,



	A
	= cross-sectional area of the column,



	E
	= modulus of elasticity of the column.




The uniform load, w, in the natural frequency equations above represents the actual dead load plus the sustained live load (in Ib/in.) supported by the beam or girder. Table 12-1 lists recommended values for the sustained live load, but the actual value should be used if it is known. The above equations are also based on the assumption that the beams and girders are uniformly loaded, which is typically the case. The exception to this assumption are the girders that support a single concentrated load from a beam or joist at midspan, in which case the deflection should be increased by a factor of 4/[image: image].

In practice, it is recommended that the vertical natural frequency of floor systems in buildings be greater than or equal to 3 Hz to avoid significant floor vibration problems caused by resonance because the floor natural frequency matches the first harmonic frequency of walking vibrations (1.6 Hz to 2.2 Hz). For pedestrian bridges, the recommended minimum lateral natural frequency is 1.3 Hz [1].

TABLE 12-1 Recommended Sustained Live Load Values^



	Occupancy
	Sustained live load



	Paper office
Electronic office
	11 psf
6-8 psf



	Residential floors
Assembly area
	6 psf
0 psf



	Footbridges, gymnasiums, and shopping center floors
	0 psf




^Adapted from Table 3-1 of Ref. [1]. Copyright © American Institute of Steel Construction. Reprinted with permission. All rights reserved.

EXAMPLE 12-1

Frequency of a Floor System

For the floor system shown in Figure 12-1, calculate the natural frequency of the floor system. The dead load of the floor is 40 psf. Assume there are no sustained live loads. The moment of inertia of the beam is Ib = 371 in.4 and the moment of inertia of the girder is Ig = 500 in.4. Neglect the column axial deformation.


[image: image]

FIGURE 12-1Frequency of a floor system



Solution

The free-body diagram of the beam is shown in Figure 12-2.

The dead load plus sustained live load on the beam with a tributary width of 6 ft. is

[image: image]

The beam reaction is

[image: image]

The beam maximum deflection is

[image: image]

 [image: image]


[image: image]

FIGURE 12-2Free-body diagram of the beam



The natural frequency of the beam panel mode is

[image: image] where, g = 386 in./s2

   [image: image]

Using the beam reactions calculated previously, the free-body diagram of the girder is as shown in Figure 12-3. From AISCM Table 3-23 [3], the maximum deflection in the girder due to the concentrated reactions from the beams due to dead load plus sustained live load is

[image: image]

   [image: image]

The natural frequency of the girder panel mode is

[image: image]

   [image: image]

The natural frequency of the combined system [1] is

[image: image]

   [image: image]

[image: image]

Alternatively, the natural frequency of the combined system can be calculated as follows:

[image: image] [image: image]

The preceding calculations illustrate the application of the natural frequency equations to an isolated floor, with the beams and girders considered as simply supported members. The above calculations assumed that the weight of the steel framing (i.e., the beams and the girders) was already included in the given uniform dead load of 40 psf.


[image: image]

FIGURE 12-3Free-body diagram of the girder





12-4FLOOR SYSTEMS WITH OPEN-WEB STEEL JOISTS


For wide-flange beams with solid webs, the shear deformation is usually small enough to be neglected. For open-web steel joists, shear deformation in the chords occurs due to the eccentricity at the joints, which occurs as a result of the fabrication process (see Figure 12-4). For this reason, shear deformation must be considered for open-web steel joists [6] when designing for serviceability.

For the purposes of vibration analysis, the effective moment of inertia of a simply supported joist is calculated as follows [1]:

[image: image]   (12-6)

where



	Ijeff
	= Effective moment of inertia of the joist, in.4 to account for shear deformation



	Icomp
	= Composite moment of inertia of the joist, in.4



	Ichords
	= Moment of inertia of the joist chords, in.4 (see Ref. [6])




Equation (12-6) is valid for joist span-to-depth ratios greater than or equal to 12.

For the case when open-web steel joists are supported by wide-flange girders or joist girders, the girders do not act as a fully composite section with the concrete slab because the slabs are not directly supported by the girders but on the joist shoes or seats, so the girders are physically separated from the floor slab by the joist seats (see Figure 12-5).


[image: image]

FIGURE 12-4Shear deformation of a bar joist




[image: image]

FIGURE 12-5Floor section at a joist girder



For the purposes of vibration analysis, the effective moment of inertia of hot-rolled or built-up girders supporting open-web steel joists is calculated as follows:

[image: image]   (12-7)

where



	Igeff
	= Effective moment of inertia of the girder, in.4 to account for shear deformation,



	Inc
	= Noncomposite moment of inertia of the girder, in.4,



	Ic
	= Composite moment of inertia of the girder in combination with the concrete slab, in.4.




To account for shear deformations and the eccentricity at the joist panel points which affects the stiffness of the joist but not its strength [1], the effective moment of inertia of the joists is modified as follows:

[image: image]   (12-8)

where



	Ijeff
	= Effective moment of inertia of the joist, in.4,



	Icomp
	= Composite moment of inertia of the joist, in.4,



	Ichords
	= Moment of inertia of the joist chords, in.4




[image: image]   (12-9)

where Cr is a parameter that is determined as follows [1]:

For open-web steel joists with single- or double-angle web members,

[image: image]   (12-10)

For open-web steel joists with round web members,

[image: image]   (12-11)

Where,

D = the nominal depth of the joist or joist girder, in.

Lj = span of the joist or joist girder, in.



12-5EVALUATION OF FLOOR SYSTEMS FOR WALKING VIBRATIONS


Most common floor systems support live loads where the dynamic force is caused by walking. This motion could be annoying to other stationary occupants if the structure in question does not have adequate stiffness or damping. The perception of floor vibrations can be subjective and is a function of the individual sensitivities of the building occupants. Some common occupancy types that should be evaluated for walking vibrations include offices, residential buildings, retail spaces, pedestrian bridges, and hospitals. The floor systems in hospitals typically support sensitive equipment such as MRI, CAT scan, and X-ray equipment that have more stringent vibration criteria, and this topic is covered in Ref. [1]. The first harmonic frequency for walking vibrations is 1.6 to 2.2 Hz, and the maximum or 4th harmonic frequency for walking vibrations is 8.8 Hz. [1]

The AISC Design Guide 11 [1] divides the evaluation of floor systems for walking vibrations into two categories depending on the combined natural frequency of the floor system: low frequency floors (LFF) that have a natural frequency less than or equal to 9 Hz, and high frequency floors (HFF) that have a combined natural frequency greater than 9 Hz. High frequency floor systems are not susceptible to resonance due to walking vibrations since their natural frequency is higher than the maximum harmonic frequency for walking vibrations which is 8.8 Hz. The following evaluation procedure for walking vibrations is for low frequency floor (LFF) systems. To satisfy the walking vibration criteria for a low-frequency floor system, the peak floor acceleration, ap/g, due to walking vibrations should not exceed a specified limit, ao/g, given in Table 12-2 [1]. The peak acceleration, ap/g, due to walking vibration is ­calculated as


TABLE 12-2 Recommended Values of the Dynamic Parameters for Walking Vibrations

[image: image]



Source: Adapted from Tables 4-1, 4-2, and 4-4 of Ref. [1]. Copyright © American Institute of Steel Construction. Reprinted with permission. All rights reserved.

*β = 0.025 for electronic office including framing, ceiling, ductwork and office fitout
 = 0.03 for paper office including framing, ceiling, ductwork and office fitout
 = 0.02 for churches, schools and malls

 = 0.05 to 0.08 for paper office with full height partitions including framing, ceiling, ductwork and paper office fitout (i.e., 0.03 for paper office + 0.02 to 0.05 for partitions)

^It is recommended that the lateral natural frequency of pedestrian bridges be ≥ 1.3 Hz.

^^This force is for a single walker; for a group of random walkers, [image: image]; for a marching group of walkers, [image: image], where n is the number of walkers

**Assumes bare structural framing

[image: image]   (12-12)

where



	[image: image]
	= Peak floor acceleration as a fraction of gravity,



	[image: image]
	= Human acceleration tolerance limit as a fraction of gravity (see Table 12-2),



	Po
	= Constant force (see Table 12-2),



	fn
	= Natural frequency of the floor system (see equation (12-5)),



	β
	= Modal damping ratio (varies between 0.01 and 0.05; see Table 12-2),



	W
	= Weighted average mass of the floor system (see equation (12-13)).




Note that Po is a constant force obtained by multiplying the body weight causing the walking vibration by the product of a dynamic load factor and a reduction factor that accounts for one-way or two-way mode shapes [1].

For the vibration analysis of a framed or suspended track, the peak acceleration for running activity can be calculated using a modified form of equation (12-12), where Po varies from 133 for recreational runners to 198 for athletes (assuming an athlete weight of 250 Ib), and the exponent changes from −0.35fn to −0.173fn.

The effective weight of the floor system or the weighted average mass of the floor system is a function of the weight of the beam or joist mode panel combined with the weight of the girder mode panel as follows:

[image: image]   (12-13)

where

Δj = Maximum deflection of the beam or joist

[image: image] and

Δg = Maximum deflection of the girder

[image: image]

Where,



	wj
	= wt × tributary width of the beam or joist, Ib/ft.



	wg
	= wt × tributary width of the girder (if the girder self-weight  is included in wt), Ib/ft.



	
	= wt × tributary width of girder + self-weight of the girder (if the girder self-weight is not included in wt), Ib/ft.



	wt
	= dead load (includes weight of steel framing) plus sustained live load per unit area, psf.




Note that the sustained live load (see Table 12-1), which is the portion of the occupancy live load that remains permanently on the floor, should not be confused with the occupancy live load that is used in the ultimate strength design of the floor system.

Beam Panel:

The beam panel is an effective area of the floor system that is influenced by the vertical vibration of the floor beams; it is equal to the product of the joist or beam span, Lj, and the ­effective floor width, Bj, which is a function of the structural properties of the floor system but with a maximum value of two-thirds of the width of the entire floor perpendicular to the beams or joists. The weighted average mass of the beam panel, Wb (or Wj for a joist panel), is calculated as follows [1]:

[image: image]   (12-14)

Where,



	γ =
	1.0 for joists or beams, except



	=
	1.5 for rolled steel beams shear-connected to the supports and with the adjacent beam span greater than 70% of the beam span under consideration



	=
	1.3 for joists with extended bottom chords



	wt =
	Dead load (includes weight of steel framing) plus sustained live load per unit area, psf,



	Lj =
	Length or span of the beam or joist,



	Bj =
	Effective width of the joist panel



	
	[image: image] [image: image] floor width parallel to the girders (see Figure 12-7),   (12-15)



	Cj =
	2.0 for most beams and joists



	=
	1.0 for beams or joists at and parallel to a free edge (because of the reduced effective mass)



	Ds =
	Transformed moment of inertia of the slab per unit width



	
	[image: image]   (12-16)



	de =
	Average depth of the concrete slab on metal deck (see Figure 12-6)



	
	[image: image],   (12-17)





[image: image]

FIGURE 12-6Floor slab section



Where,



	tc =
	Concrete slab thickness above the deck ribs,



	n =
	Dynamic modular ratio,



	
	[image: image]   (12-18)



	Es =
	Modulus of elasticity of steel



	=
	29,000,000 psi,



	Ec =
	Modulus of elasticity of concrete from Ref. [4]



	
	[image: image]   (12-19)



	wc =
	Unit weight of concrete, lb./ft.3,



	[image: image] =
	28-day compressive strength of the concrete, psi,



	Dj =
	Transformed moment of inertia of the beam or joist per unit width



	
	[image: image]   (12-20)



	Ij =
	Transformed moment of inertia of the beam or joist,



	S =
	Beam or joist spacing, ft.




Girder Panel:

The girder panel is an effective area of the floor system that is influenced by the vertical vibration of the floor girders; it is equal to the product of the girder span, Lg, and the effective width of the girder panel, Bg, which is a function of the structural properties of the floor system but with a maximum value equal to two-thirds of the length of the entire floor perpendicular to the girders. The weighted average mass of the girder panel, Wg, is calculated as follows [1]:

[image: image] + self-weight of girder*   (12-21)

*This is equal to zero if the self-weight of the girder is included in wt.

Where,



	Bg =
	Effective width of the girder panel



	
	[image: image] [image: image] floor length parallel to the beams (see Figure 12-7)   (12-22)



	Cg =
	1.8 for girders supporting rolled steel beams connected to the girder web



	=
	1.6 for girders supporting joists with joist seats on the girder flange.



	Dg =
	Transformed moment of inertia of girder per unit width



	
	[image: image]   (12-23)



	
	[image: image]   (12-24)



	Lg =
	Girder span





[image: image]

FIGURE 12-7Floor width and floor length



Note that the floor length (see Figure 12-7) is parallel to the beams or joists and the floor width is parallel to the girders or perpendicular to the beams (or joists). The floor length and floor width will vary depending on the floor bay under consideration and will also be affected by any floor openings. As an example, assume that Bay 1 (see Figure 12-7) was completely open, then the floor length for Bays 2, 3, 5, and 6 will be 70 ft., while the floor length for Bay 4 will be 35 ft. On the other hand, the floor width for Bays 2 and 3 will be 60 ft., while the floor width for Bays 4, 5 and 6 will be 90 ft.

With reference to Figure 12-7, the plan aspect ratio of the floor needs to be checked. If the girder span is more than twice the beam or joist span, (i.e., Lg > 2Lj), then the beam or joist panel mode, as well as the combined mode, should be checked separately. It should be noted that this is not likely to be the case in most structures since it is generally more economical to have beam or joist spans that are longer than the girder span in a typical steel-framed floor system.

When the girder span is less than the beam or joist panel width, Lg < Bj, the combined mode exhibits greater stiffness. To account for this, the girder deflection, Δg, used in equation (12-13) is modified as follows:

[image: image]   (12-25)

The damping ratio, β, in a floor system is a function of the amount of nonstructural components present, such as walls, furniture, and occupants (for rhythmic vibrations, see Section 12-6). Table 12-2 lists the recommended damping values for different types of building occupancy [1]. The floor vibration evaluation procedures presented thus far pertains to floor systems with vertical natural frequency less than or equal to 9 Hz – i.e., low-frequency floor (LFF) systems.

Walking Vibrations in High Frequency Floor Systems (i.e., fn > 9 Hz):

As noted previously, high frequency floor (HFF) systems (i.e., with vertical natural frequency greater than 9 Hz) rarely exhibit problems with walking vibrations. For high frequency floors, a semi-empirical equation for the peak acceleration from Ref. [1] is given as follows:

[image: image]   (12-26)

Where,



	W=
	effective weight of the floor system (equation (12-13))



	β=
	the damping ratio.



	fstep =
	step frequency for walking from Table 12-3



	h=
	the harmonic that corresponds to the natural frequency, fn, from Table 12-4




TABLE 12-3 Forcing Frequencies for Walking Vibration and the Corresponding Harmonics



	Harmonic, i
	Step Frequency ifstep, (Hz)



	1
	1.6 – 2.2



	2
	3.2 – 4.4



	3
	4.8 – 6.6



	4
	6.4 – 8.8




Adopted from Table 2-1 of Ref. [1]. Copyright © American Institute of Steel Construction. Reprinted with permission. All rights reserved.

TABLE 12-4 Matching Harmonics Corresponding to the Natural Frequency for fn > 9 Hz



	Natural frequency, fn (Hz)
	Matching harmonic, h



	9 – 11
	5



	11 – 13.2
	6



	13.2 – 15.4
	7




Adopted from Table 2-2 of Ref. [1]. Copyright © American Institute of Steel Construction. Reprinted with permission. All rights reserved.



12-6ANALYSIS PROCEDURE FOR WALKING VIBRATIONS


The analysis procedure for evaluating walking vibrations for floor systems is outlined as follows:


	For a typical floor bay, use the interior beams and the girder with the lower natural frequency at both ends of the beam in the vibration analysis. Spandrel beams and girders tend to be stiffer than the typical interior members. The spandrel girders can be restrained by the exterior cladding that they support, therefore, it is conservative to use the interior beam and interior girder in the vibration analysis because these members are more flexible and have lower natural frequencies [1]. Determine the effective slab width, beff, and use this to calculate the composite moment of inertia of the joists/beams and girders. Use the composite moment of inertia unless the upper flange of the beam, joist, or girder is separated from the concrete slab, or where the deck frames into the web of the beam or girder, in which case, the noncomposite moment of inertia is used. (see Example 12-2).
For a typical interior flexural member,

[image: image]

 [image: image]

For a spandrel flexural member,

beff = 0.2 × length of the flexural member + the edge distance

   ≤ Tributary width of the flexural member

Note: For footbridges that are supported by beams only, with no girders, calculate only the beam properties and the beam panel mode.


	Calculate the dead loads and sustained live loads supported by the joist or beam, and the girder.

	Calculate the joist or beam and girder deflections and the natural frequency, fn, of the floor system using equation (12-5). For walking vibrations, ensure that the natural ­frequency of the floor system is greater than 3 Hz (i.e., [image: image]) to avoid resonance with the first harmonic of the forcing frequency for walking vibrations; otherwise, stiffen the joist or beams and girders.

	Calculate the effective weight, W, of the floor system using equation (12-13).

	Obtain the occupancy-dependent constant force, Po, and the damping ratio, β, from Table 12-2, Use equation (12-12) to calculate the peak acceleration of the floor system due to walking vibration, ap/g, for low frequency floor systems (i.e., fn ≤  Hz).

	For high frequency floor systems (i.e., fn > 9 Hz), use equation (12-26) to calculate the peak acceleration, ap/g, of the floor system due to walking vibrations.

	Ensure that the peak acceleration of the floor system, ap/g, is less than or equal to the human acceleration limit, a0/g, given in Table 12-2; otherwise, increase the floor stiffness and/or the floor dead load, and/or increase the floor damping (see Section 12-10 for the remedial measures for floor vibrations).



EXAMPLE 12-2

Walking Vibrations with Wide-Flange Beam Framing

The floor framing system shown in Figure 12-8 is to be used in an office building (paper office). Check if the floor is adequate for walking vibrations assuming a walking frequency of 1.6 Hz. Assume normal weight concrete with a density of 145 pcf and a 28-day compressive strength of 4000 psi. The floor loads are as follows:

Floor dead load = 55 psf (includes weight of slab, deck, finishes, mechanical and electrical fixtures, and partitions).

Sustained live load = 11 psf (see Table 12-1).

Solution

Beam Section Properties and Deflection

From part 1 of the AISCM, the section properties for a W16 × 26 are as follows [3]:

d = 15.7 in.

A = 7.68 in.2

I = 301 in.4

[image: image]

[image: image]

tc = Concrete slab thickness above deck ribs = 2 in.

hr = Depth of metal deck ribs = 2 in.

Note: Only concrete above the deck ribs is used to compute the Icomp for the beam.

Es = 29,000 ksi

[image: image]


[image: image]

FIGURE 12-8Floor framing plan for Example 12-2




[image: image]

[image: image]

[image: image]

be = Transformed effective width of the concrete slab

 [image: image]

 [image: image]

The centroid of the composite beam (see Figure 12-9) is found by summing the moments of areas about the top of the slab. Therefore,

[image: image]

 [image: image]


[image: image]

FIGURE 12-9Section through composite beam



The composite moment of inertia of the beam is

[image: image]

 [image: image]

 [image: image]

= 996 in.4

The dead load plus sustained live load on the beam with a tributary width of 6 ft is

[image: image]

[image: image]

The beam maximum deflection is

[image: image]

[image: image]

Girder Section Properties and Deflection

From part 1 of the AISCM, the section properties for a W24 × 76 are as follows [3]:

d = 23.9 in.

A = 22.4 in.2

I = 2100 in.4

Effective slab width, beff ≤ 0.4 × Girder span = 0.4 × 18 ft. = 7.2 ft. = 86.4 in. controls

≤Girder tributary width = 24 ft.

tc = Concrete slab thickness above deck ribs = 2 in.

hr = Depth of metal deck ribs = 2 in.

[image: image]

[image: image]

Note: Concrete within and above the deck ribs is used to compute the Icomp for the girder.

[image: image]

[image: image]

[image: image]

The centroid of the composite girder (see Figure 12-10) is found by summing the moments of the areas about the top of the slab. Therefore,

[image: image]

[image: image]


[image: image]

FIGURE 12-10Section through composite girder



The composite moment of inertia of the girder is

[image: image]

  [image: image]

  [image: image]

= 5230 in.4

Assuming the girder self-weight is already included in the 55 psf dead load, the dead load plus sustained live load on the girder with a tributary width of 24 ft is

[image: image]

[image: image]

The girder maximum deflection is

[image: image]

[image: image]

Beam Effective Weight, Wj:

[image: image] (see equation (12-14))

The beams are assumed to be connected to the girders at both ends with simple shear connectors (e.g., clip angles and shear plates) and the adjacent beam span is greater than 70% of the span of the beam being considered (both spans are equal). Therefore, γ = 1.5.

[image: image]

[image: image]

[image: image]

[image: image]

Cj = 2.0 (interior beam is being considered)

[image: image] [image: image] floor width parallel to the girders (see equation (12-15))

[image: image] [image: image] (90 ft.)

[image: image]

Therefore, [image: image]

From equation (12-14), the weighted average mass of the beam panel is

[image: image]

Girder Effective Weight, Wg:

[image: image] (see equation (12-21))

Since the span of the girder is less than the width of the beam panel (Lg = 18 ft. < Bj = 19.6 ft.), the girder deflection has to be modified using equation (12-25):

[image: image]

[image: image]

[image: image]

Therefore, use [image: image]

[image: image]

[image: image]

Cg = 1.8 (girders supporting rolled steel beams)

[image: image] [image: image] floor length parallel to the beams (see equation (12-22))

[image: image] [image: image] (72 ft.)

[image: image]

Therefore, [image: image]

From equation (12-21), the weighted average mass of the girder panel is

[image: image]

Effective Weight of the Floor System, W:

From equation (12-13), the weighted average mass of the floor system is calculated as

[image: image]

[image: image]

[image: image]

The natural frequency of the floor system is determined from equation (12-4):

[image: image]

[image: image]

Since the combined natural frequency of the floor system is greater than 9 Hz, this is a high-frequency floor (HFF) system and it is not likely that walking vibrations will cause any problems [1]. In any case, the peak acceleration for high frequency floors can be calculated using equation (12-26) as follows:

β = 0.03 (for a paper office)

W = 44,625 Ib. (calculated previously)

For fn = 10 Hz, the matching harmonic, h = 5 (see Table 12-4)

fstep = [image: image] (see Table 12-3)

The peak acceleration of the floor is

[image: image]

From Table 12-2, the recommended acceleration limit for offices is ao/g = 0.5%, so the floor is adequate for walking vibrations.

EXAMPLE 12-3

Walking Vibrations with Open-Web Steel Joist Framing

The floor framing system with the partial plan shown in Figure 12-11 is to be used for an office building. The building has full-height partitions. Determine whether the floor is adequate for walking vibrations. Assume lightweight concrete with a density of 110 pcf and a 28-day compressive strength of 3500 psi. The floor has at least three bays in each orthogonal direction, and the floor loads are as follows:

Floor dead load = 55 psf (includes weight of slab, deck, finishes, mechanical and electrical fixtures, and partitions)

Sustained live load = 11 psf (see Table 12-1)


[image: image]

FIGURE 12-11Floor framing partial plan for Example 12-3



Solution

Joist Section Properties and Deflection

For a 24K5 open-web steel joist (see Ref. [6]),

d = 24 in.

[image: image]

I = 210 in.4 (Note: Exact section properties for the joist would be provided by the joist supplier)

[image: image]

[image: image]

tc = Concrete slab thickness above deck ribs = 2.5 in.

hr = Depth of metal deck ribs = 1 in.

Note: Only concrete above the deck ribs is used to compute the Icomp for the joist (see Figure 12-12)

[image: image]

[image: image]

[image: image]

[image: image]

[image: image]

[image: image]

[image: image]

[image: image]

The centroid of the composite joist (see Figure 12-9) is found by summing the moments of areas about the top of the slab. Therefore,

[image: image]

[image: image]


[image: image]

FIGURE 12-12Section through composite joist



The composite moment of inertia of the joist is

[image: image]

[image: image]

  [image: image]

[image: image]

For joists with double angle web members with 6 ≤Lj/D = (30 × 12)/24 in. = 15 ≤ 24, equation (12-10) is used to calculate Cr:

[image: image]

[image: image] < 0.9

Therefore, [image: image]

[image: image]

  [image: image]

The effective moment of inertia of the joists is modified as follows for this case:

[image: image]

[image: image]

The uniformly distributed dead load plus sustained load on each joist is,

[image: image]

  [image: image]

The joist maximum deflection is

[image: image]

[image: image]

Girder Section Properties and Deflection

From part 1 of the AISCM, the section properties for a W21 × 44 are as follows [3]:

d = 20.7 in.

A = 13.0 in.2

I = 843 in.4

For a typical interior bay in the floor, the effective width of the girder is calculated as follows [1, 3]:

[image: image]

  [image: image]

tc = Concrete slab thickness above deck ribs = 2.5 in.

hr = Depth of metal deck ribs = 1 in.

[image: image]

[image: image]

Note: Concrete within and above the deck ribs is used to compute the Icomp for the girder.

[image: image]

[image: image]

[image: image]

The centroid of the composite girder (see Figure 12-13) is found by summing the moments of areas about the top of the slab. Therefore,

[image: image]

[image: image]

The composite moment of inertia of the girder is

[image: image]

 [image: image]

 [image: image]

[image: image]

The composite moment of inertia is reduced since the joist seats prevent the slab from acting fully compositely with the girder:



[image: image]

FIGURE 12-13Section through composite girder



[image: image]

 [image: image]

Girder Deflection:

The uniformly distributed dead load plus sustained live load on the girder with a tributary width of 30 ft., assuming the girder self-weight is already included in the 55 psf dead load, is calculated as

[image: image]

[image: image]

The girder maximum deflection is,

[image: image]

[image: image]

Joist Effective Weight, Wj:

[image: image]  (see equation (12-14))

Since joists are used, γ = 1.0.

[image: image]

[image: image]

[image: image]

[image: image]

[image: image]

[image: image] [image: image] floor width parallel to the girders

[image: image] [image: image] (3 bays)(21 ft.) = 42 ft.

[image: image] 42 ft.

Therefore, Bj = 23.1 ft.

From equation (12-14), the weighted average mass of the beam (or joist) panel is,

[image: image]

Girder Effective Weight, Wg:

[image: image]  (see equation (12-21))

Since the span of the girder is less than the width of the beam panel (Lg = 21 ft. < Bj = 23.1 ft.), the girder deflection has to be modified using equation (12-25):

[image: image]

[image: image]

[image: image]

Therefore, [image: image]

[image: image]

[image: image]

[image: image]

[image: image] floor length parallel to the beams/joist

[image: image]

[image: image]

From equation (12-21), the weighted average mass of the girder panel is,

[image: image]

Effective Weight of the Floor System, W:

From equation (12-13), the weighted average mass of the floor system is calculated as

[image: image]

[image: image]

[image: image]

The natural frequency of the floor system is determined from equation (12-4):

[image: image]

[image: image]

Since the combined natural frequency of the floor system is no greater than 9 Hz, this is a low-frequency floor (LFF) system and the peak acceleration of the floor system can be calculated using equation (12-12) as follows:

From Table 12-2,

[image: image]

[image: image]

The peak acceleration of the floor system due to walking vibrations is calculated as follows from equation (12-12):

[image: image]

[image: image]

From Table 12-2, the recommended floor acceleration limit is ao/g = 0.5%, which is greater than the peak acceleration of ap/g = 0.43%, so the floor is adequate for walking vibrations. However, if this was an electronic office (which has damping ratio of 0.025), the peak acceleration would be ap/g = 0.86%, therefore the floor would not be adequate for walking vibrations.



12-7RHYTHMIC VIBRATION CRITERIA


Rhythmic activities that cause floor vibrations include dancing, jumping exercises, aerobics, jogging, concerts, and sporting events. To avoid resonance during rhythmic activities, it is recommended that the natural frequency of the floor system should be greater than 7 Hz [14]. For any given rhythmic activity, there are several possible harmonics of vibration. For example, the participants in a lively concert might induce a forcing frequency of 2.0 Hz for the first harmonic and 4.0 Hz for the second harmonic. The floor system would need to be checked for both harmonics. For most rhythmic activities, not more than three harmonics would need to be checked.

The peak floor acceleration for each harmonic of the specific rhythmic activity is given as [1]

[image: image]   (12-27)

Where,

[image: image] = Peak floor acceleration for each harmonic, and

  β= Damping ratio = 0.06 for rhythmic activity

Note: The damping ratio, β, used for rhythmic vibrations in equation (12-27) is higher than the values indicated in Table 12-2 because the rhythmic activity participants also contribute to the damping of the floor system [1].



	fstep =
	step forcing frequency of the rhythmic activity (see Table 12-5),



	fn =
	natural frequency of the floor system using equation (12-4) or (12-5),



	i =
	the harmonic number, 1, 2, 3 (see Table 12-5),



	αi=
	Dynamic coefficient (see Table 12-5),



	ao/g=
	Acceleration limit for rhythmic activity (see Table 12-6),



	wp =
	Weight of the participants in the rhythmic activity, psf (i.e., sustained live load; see Table 12-5). Note that wp can be reduced if the area used for the rhythmic activity is less than the total floor area, in which case:




[image: image]


TABLE 12-5 Recommended Dynamic Properties for Rhythmic Activities

[image: image]



Source: Adapted from Table 5-2 of Ref. [1]. Copyright © American Institute of Steel Construction. Reprinted with permission. All rights reserved.
*Area of floor space per couple = 25 ft2
^Area of floor space per person = 5 ft2
^^Area of floor space per person = 35 ft2

TABLE 12-6 Recommended Floor Acceleration Limits for Rhythmic Activity



	Affected occupancies (Rhythmic activities adjacent to …)
	Acceleration Limit ao/g



	Office or residential
	0.5%



	Dining or weightlifting
	1.5%–2.5%



	Dining and dancing
	2%



	Dining and aerobics
	2%



	Rhythmic activity only
	4%–7%




Source: Adapted from Table 5-1, Ref. [1] and Ref. [9]. Copyright © American Institute of Steel Construction. Reprinted with permission. All rights reserved.

A typical bay is a rectangular floor area bounded by columns at the four corners.

wt = Dead plus sustained live load per unit area, psf.

The effective maximum acceleration due to rhythmic activity, considering all the harmonics is given as [1]:

[image: image]   (12-28)

 [image: image]

For rhythmic vibrations, the natural frequency is calculated from either equation (12-4) or (12-5). The decision - whether or not - to include the effects of column axial deformation is left to the designer. Buildings with fewer than five stories generally do not have a significant contribution from column axial deformation. To avoid resonance, it is recommended that the vertical natural frequency of floor systems subjected to rhythmic vibrations (e.g., concerts, jogging, aerobics and jumping) be greater than 7 Hz; if it is not feasible to achieve this, other vibration mitigation measures such as mechanical dampers or a structural vibration control device may need to be used [14].

EXAMPLE 12-4

Rhythmic Vibrations

Determine the adequacy of the floor framing shown in Figures 12-14 and 12-15 for jumping exercises. The precast hollow core slab properties are as follows:

[image: image]

[image: image]

[image: image]

[image: image]

Solution

Slab Deflection:

From Table 12-5, the weight of participants in the rhythmic activity (i.e., jumping exercises), wp = 4.2 psf


[image: image]

FIGURE 12-14Floor framing plan for Example 12-4




[image: image]

FIGURE 12-15Floor section for Example 12-4



[image: image]

[image: image]

The total dead load plus weight of participants (see Table 12-5) on the slab (with a tributary width of 1 ft) is

[image: image]

Therefore, ws [image: image]

The precast hollow core slab maximum (i.e., mid-span) deflection is

[image: image]

[image: image]

Girder Deflection:

Assuming the girder self-weight is already included in the 120 psf dead load, the dead plus weight of participants (see Table 12-5) on the girder (which has a tributary width of 22 ft.) is

[image: image]

  [image: image]

From part 1 of the AISCM, the moment of inertia, I, of W18 × 46 = 712 in.4

The girder maximum (i.e., midspan) deflection is

[image: image]

[image: image]

Natural Frequency of the Floor System:

[image: image]

[image: image] < 9 Hz; therefore, this is a LFF system.

The peak acceleration for ith harmonic of the rhythmic activity is computed using equation (12-27) is as follows:

[image: image]

Since the ifstep for each harmonic is a range, it is not always readily apparent the step frequencies within each harmonic that will produce the peak acceleration. It is recommended that a spreadsheet be used to compute the accelerations for each step frequency for each harmonic (i.e., 1fstep, 2fstep, and 3fstep). The peak acceleration for jumping exercises for each step frequency (i.e., 2.0 - 2.75 Hz for the first harmonic; 4.0 - 5.5 Hz for the second harmonic; and 6.0 - 8.25 Hz for the third harmonic from Table 12-5) can be obtained using a spreadsheet, and they are ­presented in Table 12-7.


TABLE 12-7 Peak Accelerations for Example 12-4

[image: image]



The following are sample calculations for the peak acceleration for jumping exercises for step frequency, ifstep, of 2.75 Hz, 5.5 Hz, and 8.25 Hz, respectively. Note that the peak values obtained are similar to those indicated in Table 12-7.

First harmonic (i.e., i = 1):

[image: image]

Second harmonic:

[image: image]

Third harmonic:

[image: image]

The effective maximum or peak acceleration, considering all the harmonics, is

[image: image]

 [image: image]

From Table 12-6, the recommended acceleration limit is between 4% and 7% for rhythmic activities only, with the average of these two values being 5.5%.

The peak floor acceleration obtained is greater than the average of the specified limits and even greater than the upper limit of 7%, so the floor is not adequate for jumping exercises. If this floor were, say, to be used for jumping exercises adjacent to a dining area, the average acceleration limit, from Table 12-6, would be 2% (i.e., for dining in the same area as aerobics). Therefore, this floor would also not be adequate in that case. One way to reduce the peak acceleration would be to increase the size of the girder which results in increased stiffness and a smaller deflection.



12-8SENSITIVE EQUIPMENT VIBRATION CRITERIA


In the previous sections, we considered transient floor vibrations in terms of peak floor acceleration (i.e., ap/g) that was compared to the floor acceleration tolerance limit, ao/g. For floor structures that support sensitive equipment, the floor vibration also needs to be evaluated to ensure proper functioning of the equipment. There are several methods available in Chapter 6 of Ref. [1] for evaluating the impact of floor vibrations on sensitive equipment and these methods yield the peak accelerations due to slow, moderate or fast walking; these peak accelerations are then compared to the peak acceleration limits for the sensitive equipment. An alternate method involves calculating the one-third octave velocity due to slow, moderate or fast walking, and the predicted peak velocity (in micro-inch per second or mips or μ-in./sec) is then compared to the velocity limit for the equipment [2, 10]. Of the two methods, the velocity method is more commonly used and vibrational velocity limits (in mips or μ-in./sec) for sensitive equipment are readily available. For example, floors with MRIs are limited to a vibrational velocity of 500 μ-in./sec, whereas laboratory floors may have vibrational velocity limits of 2000 μ-in./sec, while floors supporting computer equipment have a less stringent vibrational velocity limit of 8000 μ-in./sec [1].

In both methods, the predicted velocity or acceleration is a function of the natural frequency of the floor system (fn), the damping ratio (β), the effective weight of the floor system (W) from equation (12-13), and the walking speed (i.e., whether very slow, slow, moderate, or fast walking). One common way to mitigate the impact of floor vibration on sensitive equipment is to isolate the equipment from the floor. More information on the evaluation of floor systems ­supporting sensitive equipment for the impact of walking vibrations can be found in Ref. [1].



12-9VIBRATION OF MONUMENTAL STEEL STAIRS


Slender monumental steel stairs are often used by architects as a showcase in the atriums of buildings. The architectural constraints usually require these stairs to have long spans with slender members for aesthetic appeal. The combination of long spans and heavy treads results in a structure with a low stiffness and therefore low natural frequencies, which makes them more susceptible to perceptible vibrations from the dynamic forces induced by people descending and ascending the stair. The design of monumental steel stairs for the ultimate limit state is usually straightforward using the methods discussed in previous chapters, but it is the design for vibration serviceability that is sometimes overlooked. Davis and Murray [11] carried out a test and analyses of existing slender monumental steel stairs, and they found that stairs experience higher accelerations when people are descending the stair compared to when they are ascending the stair. The AISC Design Guide 11 [1] provides design guidance for evaluating steel stairs for floor vibration, and it recommends that the minimum vertical and lateral natural frequencies of monumental stairs should be 5 Hz and 2.5 Hz, respectively. Complex steel stairs should be analyzed using finite element analysis, and designed for vibration serviceability, and the architect and the owner should be made aware early in the design process of the implications of the acceleration tolerances on the stair member sizes. The floor beams or girders supporting the steel stair stringers should also be designed for the transmitted vibrations from the steel stairs, and these transmitted vibrations, if not mitigated, can lead to perceptible vibrations at the floor levels.



12-10VIBRATION CONTROL MEASURES


For small dynamic forces such as those caused by walking vibrations, the vibration effects can be more effectively controlled by either increasing the mass of the structure, or increasing the stiffness of the structure, or increasing the damping, or a combination of the preceding measures.

For large dynamic forces such as those caused by aerobics, the vibration effects are most effectively controlled by keeping the natural frequency of any mode of vibration most affected by the dynamic force away from the forcing frequency causing the vibrations. To achieve this, the natural frequency of the structure must be much greater than the forcing frequency of the highest harmonic dynamic force causing the vibration. This can be achieved by stiffening the structure (e.g., by adding beam depth, columns, or posts).

Floors with a natural frequency greater than 10 Hz and a stiffness greater than 5.7 kips/in. do not generally have vibration problems due to human activities. Occupants may experience discomfort in floor systems with natural frequencies in the range of 5 Hz to 8 Hz because this frequency range coincides with the natural frequencies of many internal human organs.

The use of an isolated “floating floor” completely separated from the surrounding slabs is effective mostly for controlling vibrations due to aerobics and other rhythmic activities (see Figure 12-16 for examples). The floating floor concept is similar to that used in vibration isolation of equipment. The floor is supported on very soft springs (e.g., neoprene pads) attached to the structural floor. The combined natural frequency of the floating floor and the springs should be very small—less than 2 Hz to 3 Hz. This can be achieved by using a thick slab (4 in. to 8 in. thick). The space between the floating floor and the structural slab must be properly vented to prevent the change in pressure due to the movement of the floating floor from causing the structural floor to move. An isolated column base similar to that shown in Figure 12-16b can be used to isolate a building from ground vibrations induced by nearby vehicular or train traffic.

Rhythmic activities, such as aerobics, can be located on the ground floor of a building or an isolated framing system can be used. Weightlifting activity can be accommodated on framed floors; however, one must consider the dynamic effect of weights being dropped suddenly on the floor, which is a common occurrence with weightlifting activity. This dynamic force can be mitigated by using an appropriate mat to absorb some of the energy of the falling weight, but it is generally advisable to locate weightlifting activity on the ground floor of a building.


[image: image]

FIGURE 12-16Floating or isolated structures



Floors with a natural frequency of less than 3 Hz should be avoided. Walking speed in an office is usually between 1.25 to 1.5 steps per second (or 1.25 Hz to 1.5 Hz). Floors with a natural frequency of 3 Hz may experience resonance at the second harmonic frequency of walking (i.e., between 2.5 Hz and 3 Hz).

Damping is a critical parameter in vibration analysis and has a significant impact on the calculated accelerations, but the designer typically has very little control over the amount of damping that is present in a floor system. For example, full-height partitions provide the best form of damping but they are usually specified by someone other than the structural engineer. Furthermore, such partitions may not be present for the entire life of the structure. The same holds true for other damping components, such as furniture and ductwork. The point is that increasing damping to reduce vibration is generally not feasible, since damping is a parameter that is difficult to quantify and control, so the designer has to make reasonable assumptions as to the amount of damping that is present in a structure.

Sensitive equipment should ideally be located on the ground floor of a building, but when such equipment needs to be on elevated floors, it should be located close to columns and away from heavily traveled corridors. In buildings with sensitive equipment, such as laboratories or microchip fabrication facilities, avoid locating the equipment near long corridors since long corridors encourage fast walking and running, which cause vibrations that are detrimental to the operation and proper functioning of sensitive equipment. Where long corridors cannot be avoided, provide visually pleasing space along the corridor to encourage slower walking. Where possible, a building layout with short corridors and possibly with several turns should be used to discourage fast walking and thus minimize any adverse impact on sensitive equipment located close to the corridor.

To mitigate vibrations in existing floors, one possible solution is to add support posts. In some cases, this may be the only reasonable solution, but it is intrusive because the columns interrupt the amount of available open floor space. When steel posts are used to mitigate floor vibrations at an upper floor, the posts need to extend to the slab on grade in order to be effective. As mentioned earlier, fixing floor vibration problems after the fact can be quite expensive. For the Millennium Pedestrian Bridge, which had a low natural frequency of less than 1.3 Hz [12], dampers had to be installed to stop the excessive lateral swaying of the bridge that was first noticed as thousands of pedestrians walked across the bridge during its initial opening.
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Exercises

12-1.Calculate the natural frequency of a W18 × 35 beam spanning 30 ft. with an applied load (dead plus sustained live loads) of 500 plf.

12-2.Given the floor plan and floor section shown in Figure 12-17 with


	Dead load = 60 psf,

	Concrete is normal weight with f′c[image: image] = 3500 psi, and

	Assume loads to the joist and girder are uniformly distributed,
determine the following:





	Natural frequency of the floor system, and

	Adequacy for walking vibrations in a shopping mall.




[image: image]

FIGURE 12-17Floor framing plan for Exercise 12-2



12-3.Given the floor plan shown in Figure 12-18 with


	Dead load = 70 psf; sustained live load = 11 psf,

	Floor is an open office area with few nonstructural components,

	Transformed moment of inertia, IBEAM = 2100 in.4, IGIRDER = 3100 in.4, and

	Assume loads to the beam and girder are uniformly distributed,

	Assume the weighted average mass of the floor system is 70,000 lb.,
determine the following:





	Natural frequency of the floor system, and

	Adequacy for walking vibrations in an office.




[image: image]

FIGURE 12-18Floor framing plan for Exercise 12-3



12-4.Given the floor plan shown in Figure 12-19 with


	Dead load = 75 psf, sustained live load = 11 psf, and

	Transformed moment of inertia, IBEAM = 2100 in.4, IGIRDER = 3400 in.4,
determine the following:





	Natural frequency of the floor system, and

	Adequacy for jumping exercises in a facility with rhythmic activities.




[image: image]

FIGURE 12-19Floor framing plan for Exercise 12-4



12-5.Given the floor plan shown in Figure 12-20 with a dead load of 55 psf and a sustained live load of 11 psf, determine whether the floor system is adequate for walking vibrations in an office area with some nonstructural components. The concrete is normal weight with [image: image] = 4000 psi.


[image: image]

FIGURE 12-20Floor framing plan for Exercise 12-5



12-6.Develop a spreadsheet to analyze a floor for walking vibrations. Include the following as variables:


	Beam and girder section properties

	Beam and girder lengths

	Deck and slab thickness
Submit the results for Exercise 12-5.




12-7.Calculate the natural frequency of the isolated floor system shown in Figure 12-21.

a.The total floor dead load is 85 psf (Ignore beam self-weight.)

b.Assuming the girder size does not change, select the most economical beam to achieve a natural frequency of the floor system greater than 7 Hz.


[image: image]

FIGURE 12-21Floor framing plan for Exercise 12-7






CHAPTER

 13

Built-up Sections—Welded Plate Girders

13-1INTRODUCTION TO WELDED PLATE GIRDERS


Welded plate girders (see Figure 13-1a), which are the most common form of plate girders, are built-up structural steel members that consist of flange plates welded to a web plate with fillet welds [1]. They are used to support large loads over long spans (60 ft. to 200 ft.) [2] and to support structural loads that are too large for which no rolled steel shapes can be found in the American Institute of Steel Construction Manual (AISCM). Plate girders are rarely used in building structures, but they are commonly used in bridge structures [3] and in oil and gas facilities [5]. Long-span tapered cantilevered plate girders are also used for stadium roof canopy framing. In building structures, they are used as transfer girders to support discontinued columns above large column-free areas such as atriums, auditoriums, ballrooms, exhibition halls and other assembly areas as shown in Figure 13-1a. An example of a welded plate girder is shown in Figure 13-1b.


[image: image]

FIGURE 13-1aTransfer plate girder



Plate girders may also be used in the retrofitting of existing building structures where column-free areas are required, and existing columns have to be cut off or removed below a certain floor level. An example of such a detail is shown in Figure 13-2.

Plate girders are also used as crane support girders in heavy industrial structures. One disadvantage of using plate girders in building structures is that mechanical ducts may have to be placed below the girder to avoid cutting holes in the web of the girder which will reduce the strength of the transfer girder; locating mechanical ducts below a deep transfer plate girder increases the floor-to-floor height of the building, with a resulting increase in construction costs. In any case, it is more common to use transfer trusses in place of transfer girders in building structures because it allows for passage of mechanical ducts between the web members of the truss without adversely affecting the strength of the truss, and without increasing the required headroom.


[image: image]

FIGURE 13-1bWelded Plate Girder (Photo courtesy of JGM, Inc.)




[image: image]

FIGURE 13-2Transfer plate girder detail in retrofitting of an existing building



The term “plate girder” no longer exists in the most recent AISC Specification [4]. Instead, this term has been replaced by the term “built-up sections,” and the design requirements for flexure and shear for these sections are found in Sections F5 and G of the AISC Specification, respectively. In this text, we classify plate girders as built-up sections with noncompact or slender webs, and the design for flexure is carried out in accordance with Section F5 of the AISC Specification. The web depth-to-thickness ratios that define the limits of noncompactness or slenderness of the web of doubly symmetric and singly symmetric I-shaped built-up sections are given in Table 13-1.


TABLE 13-1 Web Depth-to-Thickness Ratios for Noncompact and Slender Webs (AISCM Table B4.1b, Cases 15 and 16)

[image: image]



To prevent web buckling, web stiffeners can be added for stability (see Figure 13-3c). The AISC Specification prescribes mandatory limits for the web depth-to-thickness ratios as a ­function of the clear spacing between the transverse stiffeners as presented in Table 13-2 [4]. The parameters in Tables 13-1 and 13-2, and Figure 13-3 are defined as follows:


	a =
	 Clear horizontal distance between transverse stiffeners, if any,

	h =
	 Depth of the web = Clear distance between the flanges of a plate girder minus the fillet or corner radius for rolled sections; for welded built-up sections, this is the clear distance between the flanges (see Figure 13-3),

	hc =
	 Twice the distance between the elastic neutral axis (ENA) and the inside face of the compression flange for nonsymmetric welded built-up sections,

	  =
	 Clear distance, h, between inside faces of the flanges for welded built-up sections with equal flange areas,

	hp =
	 Twice the distance between the plastic neutral axis (PNA) and the inside face of the compression flange for nonsymmetric welded built-up sections,

	  =
	 Clear distance, h, between inside faces of the flanges for welded built-up sections with equal flange areas,

	tw =
	 Web thickness,

	d =
	 Overall depth of the plate girder,

	Mp =
	 Plastic moment of the section = ZxFy,

	My =
	 Yield moment of the section = SxFy,

	Aw =
	 Area of the web = htw,

	Afc =
	 Area of the compression flange = bfctfc,

	Iy =
	 Moment of inertia of the built-up cross section about the weak axis (y–y) or the vertical axis in the plane of the web, and

	Iyc =
	 Moment of inertia of the compression flange of the built-up cross section about the weak axis (y–y) or the vertical axis in the plane of the web.




[image: image]

FIGURE 13-3Welded plate girder



In a typical welded plate girder (see Figure 13-3), the bending moment is resisted through a tension–­compression couple in the top and bottom flanges, and the web plate primarily resists the vertical shear. Transverse vertical stiffeners are used to increase the web buckling capacity of the built-up section. Longitudinal web stiffener plates are rarely used except for very deep webs [2]. The web plate is fillet welded to the top and bottom flange plates and these welds resist the horizontal interface shear between the flanges and the web. The width and thickness of the compression and tension flanges may be varied along the span in proportion to the bending moment, but the web thickness is generally kept constant along the span of the girder. The depth of the plate girder may also be varied for long-span girders. When higher yield strength steel is used for the flange plates and conventional steel is used for the web plates, the built-up section is known as a hybrid girder.


TABLE 13-2 Size Limitations for I-shaped Built-up Sections (AISCM, Section F13.2)

[image: image]





13-2DESIGN OF PLATE GIRDERS


Whereas vertical shear is not typically a major consideration in the design of rolled I-shaped sections (see Chapter 6), however, shear is a major design consideration in the design of plate girders because of the relatively high web depth-to-thickness ratio. There are two possible approaches to the design of plate girders for shear:

a.Considering diagonal tension field action,

b.Not considering diagonal tension field action;

The condition under which diagonal tension field action can occur in a plate girder will depend on whether or not web stiffeners with an adequately small enough spacing to enable the development of a diagonal tension field are present. Therefore, in the design of plate girders, the two possible design and detailing scenarios to consider that will impact the development of the diagonal tension field are as follows:


	Unstiffened Plate Girder: In this case, the plate girder is proportioned with adequate flange and web thicknesses to avoid the need for web stiffeners (see Figure 13-3a). The unstiffened plate girder option results in a thicker web and thicker flanges, therefore resulting in a heavier plate girder self-weight, but the complexity of fabrication is minimized. Since fabrication and erection costs make up more than 60% of the construction costs of structural steel buildings, this may be a more economical option in some cases. Note that the unstiffened web shear strength includes web shear buckling strength and web post-buckling strength, but diagonal tension field action cannot be developed because of the absence of stiffeners with adequately small spacing (i.e., stiffener spacing is greater than 3x the plate girder web depth or a > 3h).

	Stiffened Plate Girder: In this case, web stiffeners are provided and spaced close enough to ensure the development of diagonal tension fields (i.e., stiffener spacing is less than or equal to 3x the plate girder web depth or a 3h). This stiffened plate girder option results in a lighter weight plate girder, but the fabrication costs are higher. It is possible to find optimum thicknesses for the web and flanges, and an optimum size and spacing of stiffeners that will yield a stiffened plate girder with self-weight and fabrication and erection costs that are less costly than an equivalent unstiffened plate girder. The presence of vertical web stiffeners improves the buckling resistance of the web. After the initial shear buckling of the web, the plate girder is still capable of resisting additional loads because of the diagonal tension fields that develop in the web of the plate girder between the stiffeners in the web post-buckling range [3]. A plate girder with diagonal tension field action behaves like a Pratt truss as shown in Figure 13-4.




[image: image]

FIGURE 13-4Diagonal tension field action in plate girders (Similar to a Pratt truss under load)





13-3BENDING STRENGTH OF WELDED PLATE GIRDERS WITH SLENDER WEBS


When a plate girder section has a noncompact or slender web (see AISC Specification Section F5), the nominal moment capacity, Mn, will be less than the plastic moment capacity, Mp, of the section because of several limit states that are attained before the section can reach its full plastic moment capacity. The following are the four possible limit states that may occur in built-up sections in bending:


	Compression flange yielding,

	Lateral torsional buckling,

	Compression flange local buckling, and

	Tension flange yielding.



The design moment capacity or allowable moment for a built-up section with slender webs depends on the compactness, noncompactness, or slenderness of the flanges, and will be the smallest moment strength obtained for the following four possible limit states:


1.Compression flange yielding limit state
Design moment capacity for LRFD, [image: image] (13-1a)
[image: image]   (13-1b)

Where,


	ϕb	= 0.9,

	Ωb =	1.67

	Rpg is as defined in equation (13-7),

	Fy =	Yield strength of the compression flange,

	Sxc =	Elastic section modulus about the strong axis (x–x) relative to the outermost face of the compression flange of the built-up section, Ix–x /yc, and

	yc =	Distance from the neutral axis to the outer most face of the compression flange.

	Ix–x =	moment of inertia of the plate girder about the strong axis (x–x)

	Mn =	nominal moment capacity = RpgFySxc




2.Lateral torsional buckling limit state
Lateral torsional buckling is a function of the lateral unbraced length, Lb, of the compression flange of the plate girder. This limit state only applies when the unbraced length of the compression flange, Lb, is greater than Lp. The lateral torsional buckling limit state does not apply when Lb ≤Lp.
The design bending strength for LRFD is [image: image]   (13-2a)
[image: image]   (13-2b)


Where,

The critical bending stress, Fcr, is obtained from Table 13-3,


	ϕb =	0.9,

	Ωb =	1.67

	Rpg is as defined in equation (13-7),

	Sxc is as defined previously for the compression flange yielding limit state.

	Mn =	nominal moment capacity = RpgFcrSxc



The lateral support length parameters, Lp and Lr, are defined in equations (13-5) and (13-6). Lp is the unbraced length at the transition point between plastic behavior and inelastic lateral-torsional buckling, while Lr is the unbraced length at the transition point between inelastic lateral-torsional buckling and elastic lateral-torsional buckling.


TABLE 13-3 Critical Bending Stress as a Function of the Unbraced Length

[image: image]



[image: image]   (13-5)

[image: image]   (13-6)

Cb = Bending moment gradient factor (see Chapter 6). It is conservative to assume a Cb value of 1.0.

The bending strength reduction factor, Rpg, is given as

[image: image]   (13-7)

where

aw = Ratio of two times the web area in compression due to the application of major axis bending moment alone to the area of the compression flange components. Mathematically,

[image: image]   (13-8)


	bfc =	Width of the compression flange,

	tfc =	Thickness of the compression flange,

	tw =	Thickness of the web,

	hc =	Twice the distance between the elastic neutral axis (ENA) and the inside face of the compression flange for nonsymmetric welded built-up sections, and

	 =	Clear distance, h, between inside faces of the flanges for welded built-up sections with equal flange areas.



The parameter rt in equations (13-4) through (13-6) is the radius of gyration of the flange components in flexural compression plus one-third of the web area in compression due to the application of major axis bending moment. Mathematically, rt can be approximated for I-shaped sections as

[image: image]   (13-9)


3.Compression flange local buckling limit state
This limit state does not apply to built-up sections with compact flanges. For all other sections, the design moment capacity for LRFD is given as

[image: image]   (13-10a)

[image: image]   (13-10b)

where the critical bending stress, Fcr, is obtained from Table 13-4 and Rpg is as defined in equation (13-7).


	Sxc is as defined previously for the compression flange yielding limit state, and

	ϕb	 = 0.9,

	Ωb	 = 1.67

	Mn	 = nominal moment capacity = RpgFcrSxc



FL, the nominal compressive flange stress for major axis bending above which inelastic buckling limit states apply, is obtained from Table 13-5 and used to calculate the critical stress, Fcr, in Table 13-4.


TABLE 13-4 Critical Bending Stress, Fcr, due to Flange Local Buckling

[image: image]



Fy = Yield strength of the compression flange,

For FL, see Table 13-5.

[image: image]

λpf = Limiting slenderness for the compact compression flange obtained from Table 6-2 (see AISCM, Table B4.1b (case 11))

[image: image] for the compression flange,

λrf = Limiting slenderness for noncompact compression flange obtained from Table 6-2 (see AISCM, Table B4.1b (case 11))

[image: image] for the compression flange,

bfc = Width of the compression flange,

tfc = Thickness of the compression flange,

[image: image]

tw = Web thickness, and

h = Clear distance between the inside faces of the flanges for welded built-up sections.

TABLE 13-5 FL for Major Axis Bending (use in Table 13-4)

[image: image]


	hc =	Twice the distance between the elastic neutral axis and the inside face of the compression flange for nonsymmetric welded built-up sections,

	 =	Clear distance, h, between the inside faces of the flanges for symmetric welded built-up sections,

	Sxc =	Elastic section modulus about the strong axis (x–x) with respect to the compression flange of the built-up ­section, and

	Sxt =	Elastic section modulus about the strong axis (x–x) with respect to the tension flange of the built-up section.



Source: Adapted from AISCM Section F4.3.


4.Tension flange yielding limit state

This limit state does not apply to built-up sections when the section modulus of the built-up section with respect to the tension face, Sxt, is greater than or equal to the section modulus with respect to the compression face, Sxc (i.e., when Sxt Sxc).

For all other sections, the design moment capacity for LRFD is given as

[image: image]   (13-11a)

[image: image]   (13-11b)



13-4DESIGN FOR SHEAR IN PLATE GIRDERS WITHOUT DIAGONAL TENSION FIELD ACTION (AISCM SECTION G2.1)


Due to the relatively higher web-depth-to-thickness ratios used in plate girders compared to hot rolled I-shaped sections, the design for shear in plate girders is more complicated than for rolled sections. The failure mode in shear for plate girders with low web-depth-to-thickness ratio is shear yielding, but for plate girders with moderate to high web depth-to-thickness ratio, failure occurs by shear buckling with a further increase in strength due to post-buckling in the web with or without tension field action [6].

There are two approaches for determining the shear strength of plate girders with moderate to high web-depth-to-thickness ratios when subjected to shear and bending in the plane of the web. In the first method, which is conservative, the shear strength takes into account the post-buckling strength of the web that occurs after shear buckling, but the development of the classical tension field action is not considered or included. In the second approach, which will be covered in another section of this chapter, the shear strength of the web includes the shear buckling strength and additional post-buckling strength due to diagonal tension field action. Diagonal tension field action is only possible and can only be considered in plate girders with closely spaced transverse stiffeners (i.e., stiffener spacing-to-web depth ratio, a/h 3). For ease of construction and to reduce the cost associated with providing stiffeners in plate girders, some engineers provide sufficient web thickness in plate girders to avoid the need for transverse stiffeners.

For unstiffened and stiffened webs of doubly symmetric and singly symmetric shapes subject to shear in the plane of the web, the design shear strength and the allowable shear, respectively, are given as follows:

The design shear strength, [image: image]   for LRFD   (13-12a)

The allowable shear, [image: image]   for ASD   (13-12b)

where


	ϕv	 = 0.9 [image: image], except

	ϕv	 = 1.0 [image: image] for webs of rolled I-shaped members with [image: image]

	Cv1	 = web shear strength coefficient (see Table 13-6)

	h	= clear distance between the inside face of the top and bottom flanges less the fillet at each flange, in inches

	a	= clear distance between transverse stiffeners, in inches

	Aw	 = Overall depth of built-up section times the web thickness = dtw,

	Fyw	 = Yield strength of the web material,



The web shear strength coefficient, Cv1, and the web plate shear buckling coefficient, kv, are obtained from Table 13-6 and Table 13-7, respectively, as a function of the web depth-to-thickness ratio.

TABLE 13-6 Web Shear Strength Coefficient, Cv1

[image: image]

TABLE 13-7 Web Plate Shear Buckling Coefficient, kv

[image: image]

a = Horizontal clear distance between transverse stiffeners, and
h = Clear distance between the flanges for welded plate girders.

Stiffened Webs without Diagonal Tension Field Action (AISCM Section G2)

If web stiffeners are provided, but with a stiffener spacing-to-web depth ratio, a/h, greater than 3, then diagonal tension field cannot develop and should not be considered.

Without diagonal tension field action, the transverse stiffeners, if provided, are there only to prevent web buckling. For transverse stiffener requirements with or without tension field action, see Section 13-5. Transverse stiffeners are not required if one of the following conditions is satisfied:


	[image: image]
or



	[image: image].




[image: image]

FIGURE 13-5Plan view of web stiffeners





13-5 DIAGONAL TENSION FIELD ACTION IN PLATE GIRDERS (AISCM SECTION G2.2)


When a stiffened plate girder is loaded, it continues to support loads even after initial shear buckling of the web panels between the transverse web stiffeners [3]. After this initial web buckling, diagonal tension fields develop in the webs of the plate girder between the transverse stiffeners during the post-buckling phase, leading to an increase in the strength of the plate girder. The formation of these diagonal tension bands, or fields, during the post-buckling phase are balanced by vertical compression bands in the transverse stiffeners (which are assumed to support no loads prior to web buckling), thus creating a Pratt truss-like load-carrying mechanism [3] as shown in Figure 13-4. The consideration of diagonal tension field action, which is only permitted if certain conditions are met (i.e., a/h 3) and if the web plate is supported on all four sides by the flanges and the transverse stiffeners, can increase the load-carrying capacity of a plate girder by up to two to three times the initial web-buckling capacity [3]. It should be noted, however, that in the AISC Specification, it is not mandatory to consider tension field action in the design of plate girders [4].

The AISC Specification does not permit diagonal tension field action to be considered for the following situations:


	End panels in stiffened plate girders cannot fully develop tension field action because the end panels are typically narrow and thus the vertical shear in the plate girder is resisted by beam action in this panel.

	Built-up sections with web members for which [image: image] because for these a/h ratios, the diagonal tension bands become too flat to function effectively as truss members.

	Built-up sections with [image: image] or [image: image]



The design shear strength, when the diagonal tension field is considered and the tension field is assumed to yield, is given in Table 13-8 (design aids are presented in AISCM Table 3-16 (a through c) for 36 ksi steel and AISCM Table 3-17 (a through c) for 50 ksi steel to facilitate the solution of the equations in Table 13-8).

where


	ϕv	 = 0.9,

	kv	has been defined previously and is obtained from Table 13-7.

	Cv2	 = the web shear buckling coefficient obtained from Table 13-9.

	Afc	 = Compression flange area = bfc tfc, in.2,

	Aft	 = Tension flange area = bft tft, in.2,

	bfc, tfc	 = Compression flange width and thickness, respectively, in.,

	bft, tft	 = Tension flange width and thickness, respectively, in.,

	Fyw	 = Yield strength of the web material,

	Aw	 = Overall depth of the built-up section times the web thickness = dtw, and



a and h are as previously defined in Section 13-4.

Note that the web shear strength coefficient, Cv1, applies to the post-buckling strength of webs without tension field action considered (see AISC Specification Section G2.1). In contrast, the web shear buckling coefficient, Cv2, applies to the post-buckling strength of stiffened interior web panels with stiffeners that are spaced such that a/h ≤ 3, and with tension field action considered (AISC Specification Section G2.2).

TABLE 13-8 Design Shear Strength, ϕvVn, with Diagonal Tension Field Action Considered^

[image: image]

^ (i.e., post-buckling strength considered and a/h ≤3)

(see Table 13-9 for the web shear buckling coefficient, Cv2 and Table 13-7 for the web plate shear buckling coefficient, kv); ) ϕv = 0.9

TABLE 13-9 Web Shear Buckling Coefficient, Cv2

[image: image]

Stiffened Webs with Diagonal Tension Field Action Considered

The design shear strength, ϕvVn, with diagonal tension field considered are given in Table 13-8. When diagonal tension field action is considered – which is applicable to interior web panels of plate girders with closely spaced stiffeners (i.e., stiffener spacing-to-web depth ratio, a/h ≤3), the transverse stiffeners must satisfy the requirements indicated below (AISC Specification Section G2.2).

Transverse Stiffener Requirements

Transverse stiffeners are not required if one of the following two conditions is satisfied:


	[image: image]
or



	[image: image] (see equation (13-12a))
Where, Vu = factored shear or required shear strength



For all other conditions, transverse stiffeners must be provided and the spacing, a, between the transverse stiffeners, the width of the stiffener, bst, and the thickness, tst, of the stiffener must be selected to satisfy the following two conditions [4]:

	[image: image]

	[image: image]



Where,


	Fy,st	 = Yield strength of the stiffener material,

	Fyw	 = Yield strength of the web material,

	Ist	 = Moment of inertia for a pair of stiffeners (i.e., with stiffeners on both sides of the web) about a horizontal axis at the centerline of the web (see Figure 13-5a)



[image: image] in.4, for a pair of stiffeners

For a single transverse stiffener (see Figure 13-5b), the moment of inertia about a horizontal axis at the face of the web in contact with the stiffener is given as

Ist = [image: image]

[image: image] = minimum moment of inertia of the transverse stiffener required for development of the full shear post-buckling resistance of the stiffened web panels. Vr = Vc1, in4.

[image: image] = minimum moment of inertia of the transverse stiffener required for development of the web shear buckling resistance, Vr = Vc2, in4.


	Vc1 = 	  available shear strength, in kips = Vn (see equation 13-12a or Table 13-8)

	Vc2 = 	  available shear strength, in kips = [image: image] (See Table 13-9 for Cv2)

	ρw = 	  maximum shear ratio

		[image: image] within the web panels on each side of the transverse stiffener

	ρst = 	  larger of [image: image]

	Vr = 	  required shear strength in the panel under consideration, in kips = Vu

	bst = 	  width of stiffener perpendicular to the longitudinal axis of the plate girder, in inches (see Figure 13-5b)

	tst = 	  thickness of stiffener, in inches (see Figure 13-5b)

		[image: image] = Stiffener width-to-thickness ratio

	bp = 	  smaller of the dimension a and h, in inches.

	Note that Ist	may be conservatively taken as Ist1.

	a = 	  Horizontal clear distance between transverse stiffeners, and

	h = 	  Clear distance between the flanges for welded plate girders.

	Vu = 	  Factored shear force or required shear strength, and

	ϕVn = 	  Design shear strength.





13-6CONNECTION OF WELDED PLATE GIRDER COMPONENTS


The connections of the components of a welded plate girder include the fillet welds at the flange-to-web interface, the fillet welds at the transverse stiffener-to-web interface, and the fillet welds at the bearing stiffener-to-web interface. For very long span girders, it might also include the welds at the flange and web splice locations.

Connection of Plate Girder Flanges and Web

The connection between the flange plates and the web plate of the built-up section can be achieved by using intermittent or continuous fillet welds, with the latter more commonly preferred in design practice. However, care should be taken with continuous fillet welds, especially for thin plates, as the heat generated from the welding process could lead to distortion of these plates, creating undesirable residual stresses. The factored horizontal shear force per unit length or the shear flow, vh, at the interface between the web plate and the flange plate is calculated as follows [1]:

[image: image]   (13-13)

where


	Vu	 = Factored vertical shear force for LRFD, kips,

	Qf	 = Statical moment of the flange area about the neutral axis of the built-up section, in.3, and

	Ix–x	 = Moment of inertia of the built-up section about the strong axis (x–x), in.4.



Although the vertical shear force, Vu, may vary along the length of the girder depending on the loading, and the required weld size will also vary, it is practical to use the maximum factored shear force in the girder in equation (13-13) and to provide a constant size of fillet weld to resist the horizontal shear flow, vh.

Connection of Intermediate Stiffeners to Girder Web (AISCM Section G2.2)

The intermediate stiffeners do not have to be connected to the tension flange, but they are connected to the web with intermittent fillet welds, and the end distance between the intermittent stiffener-to-web fillet weld and the nearest toe of the web-to-flange fillet weld shall not be less than 4tw nor more than 6tw (see Figure 13-6). The clear spacing between the web-to-stiffener fillet welds shall not be greater than 16tw, or 10 in. Pairs of stiffeners do not have to be connected to the compression flange, but to the web only. Single stiffeners should be connected to both the web and the compression flange to resist any uplift arising from torsion in the flange of the plate girder [4].


[image: image]

FIGURE 13-6Spacing requirements for the stiffener-to-web fillet welds



Connection of Bearing Stiffeners to Girder Web

The bearing stiffeners are connected to the girder web with continuous fillet welds on both sides of the stiffener plate because bearing stiffeners are direct load-carrying elements that have to transfer the support reactions into the girder web. The design of bearing stiffeners has already been discussed in Chapter 6.



13-7PLATE GIRDER PRELIMINARY DESIGN (LRFD)


In the preliminary design of plate girders, it can be assumed that the web resists all of the vertical shear force and the flanges resist all of the bending moment. The design procedure for the LRFD method is as follows:


	Calculate the maximum factored moment, Mu, and maximum factored shear, Vu, ­initially neglecting the self-weight of the plate girder.

	Assume that the plate girder overall depth, d, is between L/8 and L/12, where L is the span of the girder [1]. For d ≤48 in., it is recommended that a sufficient web thickness be provided to avoid the use of transverse stiffeners. Even for d > 48 in., as few stiffeners as possible should be used to minimize the cost of fabrication [2].

	Assume a flange width, bf > d/6, but preferably greater than 12 in. [2].

	Assume that the couple of forces in the top and bottom flanges, Tu = Cu ≈Mu/0.95d.

	Assume that the initial flange thickness, tf = Tu/0.9Fy bf ≥3/4 in.

	The depth of the web, h = d − 2tf.

	Select a web thickness, tw, that meets the proportion limits given in Table 13-2, but it should be greater than or equal to 1/2 in. [2].





13-8 PLATE GIRDER FINAL DESIGN (LRFD)


Using the size obtained from the preliminary design above, the procedure for the final design using the LRFD method is as follows:


	Calculate the self-weight of the plate girder and recalculate the total factored moment, Mu, and the total factored shear, Vu, on the plate girder.

	Decide whether to include diagonal tension field action. Note that tension field action can only be considered and included in the shear strength of the plate girder only when stiffeners are used and only if their spacing is such that the stiffener spacing-to-web depth ratio, a/h ≤ 3.0. It is not mandatory to account for the post-buckling strength of stiffened webs resulting from diagonal tension field action.
a.If the diagonal tension field action is not considered, stiffeners should not be used and a sufficient web thickness for the plate girder should be provided.

b.If diagonal tension field action is to be considered as contributing to the shear strength of the plate girder, then select a stiffener spacing such that the a/h ratio is between 1.0 and 2.0. Ensure that the transverse stiffeners meet the requirements in Section 13-5.



	With the trial section selected in the preliminary design phase, determine the design moment capacity, ϕMn, considering all four possible limit states (see Section 13-3). The smallest ϕMn is the design moment capacity of the built-up section.

	Determine kv from Table 13-7, Cv1 from Table 13-6, and Cv2 from Table 13-9.

	Based on the choice made in step 2 regarding diagonal tension field action, determine the design shear strength, ϕvVn.

	Check deflections and vibrations as discussed previously in Chapters 6 and 12, respectively.

	Design the bearing stiffeners at the support reactions or at concentrated load locations as discussed in Chapter 6.

	Design the fillet welds required at the flange-to-web interface and the stiffener-to-web interface (see Section 13-6).



EXAMPLE 13-1

Design of a Welded Transfer Plate Girder

A five-story building has the elevation shown in Figure 13-7. The building has typical column grids at 30 ft. on center in both orthogonal directions. The floor dead load is 100 psf and the live load is 50 psf. The roof dead load is 30 psf with a flat roof snow load of 40 psf. In order to span over a large column-free atrium area at the ground floor, a series of transfer plate girders spanning 60 ft. and spaced at 30 ft. on center are to be used at the second-floor level. Design a typical interior second-floor transfer plate girder to support the column loads from above, as well as the second-floor load. Neglect any live load reduction and ignore diagonal tension field action. Assume ASTM A992 Grade 50 steel and the compression flange of the plate girder is fully braced.


[image: image]

FIGURE 13-7Interior building section for Example 13-1



Solution

Second-Floor Load on Transfer Girder

At this preliminary stage, we will initially neglect the self-weight of the girder, but this will be calculated later in the final design stage.

Tributary width of girder = 30 ft.

Assume that the infill beams are to be spaced such that a uniform floor load can be assumed on the girder. Therefore, the uniformly distributed loads on the girder are

[image: image]

[image: image]

The column loads are calculated as

[image: image]

[image: image]

[image: image]

[image: image]

Note that the self-weight of the column has been neglected since this is usually negligible compared to the total dead load on the girder. Using the LRFD load combination 2 from Section 2-3, the factored uniformly distributed load and concentrated loads on the transfer girder are calculated as

[image: image]

[image: image]

A free-body diagram of the transfer girder is shown in Figure 13-8.

The factored or required shear and the bending moment are calculated as

[image: image]

[image: image]

[image: image]


[image: image]

FIGURE 13-8Freebody diagram of simply supported transfer girder



Preliminary Design (LRFD)


	Mu = 14,796 ft.-kips and Vu = 583 kips.

	Assume a plate girder overall depth, d = L/10 = (60 ft.) (12)/10 = 72 in.

	Assume a flange width, bf = d/6 (≥ 12 in.) = 72 in./6 = 12 in. Try bf = 15 in.

	The couple of forces in the bottom and tension flange is
[image: image]



	Assume an initial flange thickness, [image: image]
= 3.84 in. = 3/4 in.

[image: image]

(Note: This is a heavy shape in accordance with AISC Specification A3.1d, and therefore, the requirements of AISC Specification Sections A3.1d, J1.5, J1.6, J2.6 and M2.2 must be satisfied.)



	Depth of web, h = d − 2tf = 72 in. − (2)(4 in.) = 64 in.

	From Table 13-2, assuming an unstiffened web, the minimum web thickness is
[image: image]

[image: image]





Based on shear strength and web compactness, which will be checked later in this example, a 1/2-in. web will not be adequate.

Therefore, try tw = 0.75 in.

The trial plate girder cross section resulting from the preliminary considerations above is shown in Figure 13-9.


[image: image]

FIGURE 13-9Trial plate girder for Example 13-1



After the preliminary sizing of the plate girder, the final design using the LRFD method is next carried out as follows:


	Using the preliminary size selected, the self-weight of the plate girder is now calculated.
Total area of the trial plate girder = (15 in.)(4 in.)(2 flanges) + (64 in.)(0.75 in.) = 168 in.2

With density of steel = 490 lb./ft.3, the self-weight of the plate girder is

[image: image]

The factored self-weight of the girder = 1.2(0.6 kips/ft.) = 0.72 kips/ft.

The revised total factored uniform load = 6 + 0.72 = 6.72 kips/ft. Therefore, the revised factored shear and bending moment are

[image: image]

[image: image]

[image: image]



	To avoid using stiffeners, we will ignore diagonal tension field action and its contribution to the shear strength of the plate girder. Consequently, sufficient web thickness will be provided to avoid the use of intermediate stiffeners. The upper limit of the web depth-to-thickness ratio for a compact web of a doubly symmetric I-shaped built-up section is given in Table 13-1 as
[image: image]

The web thickness from step 7 of the preliminary design, tw = 0.75 in.

Therefore, the web depth-to-thickness ratio is

h/tw = 64 in./0.75 in. = 85.3 < 90.55 OK.

Therefore, using Table 13-1, we conclude that this built-up section has a compact web and therefore the plastic moment capacity of the section, Mp, is attainable. However, for illustrative purposes, we will still check the four limit states of flexure in Step 3.

[image: image]

[image: image]

[image: image], as required in Table 13-2 for unstiffened webs, OK.



	The four possible limit states for bending will now be checked (see Section 13-3).
The unbraced length of the compression flange, Lb = 0 (i.e., fully braced).

a.Compression flange yielding limit state

Fy = 50 ksi

hc = h = 64 in. (welded plate girder with equal flange areas)

ϕb = 0.9

From equation (13-8),

[image: image]

From equation (13-7),

[image: image]

[image: image]

[image: image]

Therefore, use Rpg = 1.0.

The moment of inertia of the plate girder about the strong axis is

[image: image]

The distance from the elastic neutral axis to the outermost face of the compression flange is

[image: image]

The elastic section modulus relative to the compression face is

[image: image]

The design moment capacity for this limit state is

[image: image]

b.Lateral torsional buckling limit state

From equation (13-9),

[image: image]

From equation (13-5),

[image: image]

The floor deck is assumed to be welded to the top of the plate girder; therefore, the lateral unbraced length, Lb = 0.

Since Lb = 0 < Lp, the lateral torsional buckling limit state is not applicable.

c.Compression flange buckling limit state

[image: image] (see Table 13-4).

Therefore, from Table 13-4, this is a compact flange, and Fcr = Fy.

From equation (13-10), the design moment capacity for the LRFD method is

[image: image]

[image: image]

d.Tension flange yielding

Since the plate girder section selected is doubly symmetric, Sxt = Sxc, therefore, the tension flange limit state is not critical. In fact, since this is a compact section, the design moment capacity for tension flange yielding is exactly the same as the design moment capacity for compression flange yielding.

Thus, the design moment capacity for the plate girder, which is the smallest moment strength from all of the four limit states, is

[image: image]



	From Table 13-7, considering an unstiffened web (i.e., webs without transverse stiffeners), therefore, kv = 5.34
The web depth-to-thickness ratio limits, from Table 13-6, are

[image: image]

[image: image]

Therefore, the web shear strength coefficient is obtained from Table 13-6 as

[image: image]



	Based on the choice made in step 2 not to consider diagonal tension field action, determine the design shear strength, ϕvVn.
From equation (13-12a), the design shear strength for LRFD is

[image: image]



	Check the deflections and vibrations as discussed previously in Chapters 6 and 12, respectively.

	Design the bearing stiffeners at the support reactions or at concentrated load locations as discussed in Chapter 6.

	Design the fillet welds required at the flange-to-web interface and the stiffener-to-web interface.



Since there are no intermediate stiffeners, only the weld at the web–flange interface will be designed for this plate girder.

The moment of inertia of the plate girder about the strong axis is

[image: image]

[image: image]

The statical moment of the flange area about the elastic neutral axis of the built-up section is

[image: image]

Maximum factored vertical shear, Vu = 605 kips.

From equation (13-13), the maximum horizontal shear force per unit length at the web-to-flange fillet weld is

[image: image]

Since the web is welded to the flange of the girder with fillet welds on two sides, therefore, the shear flow on the fillet weld on each side of the web is [image: image] [image: image]

A 3/16-in. continuous fillet weld (i.e., D = 3) that has a design shear strength of (1.392 kips/in.) × (3) = 4.18 kips/in. (see Chapter 10) is adequate to resist the shear flow of 3.97 kips/in. However, the minimum weld size from AISCM Table J2.4, is 5/16 in. for a material (the girder web) that is 3/4 in. thick and greater.

With respect to bending and shear, the 72-in.-deep unstiffened plate girder consisting of two 15-in. × 4-in.-thick flange plates and a 64-in. × 3/4-in.-thick web plate as shown in Figure 13-9 is adequate to resist the applied loads and will suffice as the final girder selection. The reader should check deflections and bearing for the girder as was previously done in Chapter 6 to ensure that they are also within allowable limits.
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Exercises

13-1.Plate girders are frequently used in steel bridges. List some conditions that might warrant their use in building structures.

13-2.List some of the disadvantages of using plate girders in building structures and list one alternative to plate girders in building structures.

13-3.Determine the moment capacity of the welded built-up section shown in Figure 13-10, which has the following dimensions:

[image: image] = 3/4 in.


[image: image]

FIGURE 13-10Plate girder for Exercise 13-3



13-4.What is diagonal tension field action and when does it occur in plate girders? List the conditions under which a diagonal tension field may be considered in the design for shear in plate girders.

13-5.Repeat the design exercise in Example 13-1, taking into account diagonal tension field action.

13-6.Using the LRFD method, design a transfer built-up plate girder to support a column carrying 18 floor levels and spanning 50 ft. across a ballroom. The ceiling space over the ballroom is limited to a maximum depth of 60 inches and the discontinued column is supported at the midspan of the girder. The total cumulative load supported by the column are D = 1000 kip and L = 500 kip. The girder also supports a floor dead load of 85 psf and a live load of 50 psf with a tributary width of 30 ft. Assume ASTM A992 Grade 70 steel. The girder is simply supported on wide flange columns at both ends and is continuously braced by the floor above the ballroom.

13-7.Using the LRFD method, design a transfer built-up plate girder that spans 55 ft. over a gallery with a 15 ft. cantilever or overhang at one end. The spacing of the girders is 30 ft., and the floor dead load (excluding the weight of the girder) is 110 psf, with a floor live load of 50 psf. The maximum depth of the plate girder is limited to 90 inches. Check strength, deflection, and floor vibration requirements. Assume ASTM A992 Grade 50 steel.

13-8.The typical floor plan of an office building consists of a 60 ft. by 30 ft. grid, with plate girders spanning 60 ft. between columns and spaced at 30 ft. on centers. The floor beams and the roof beams span 30 ft. between the plate girders and are spaced at 10 ft. on centers. The 5th floor deck system consists of 3-inch normal weight concrete on 2-inch 18-gauge composite metal deck. Assume a superimposed dead load on the 5th floor of 35 psf (includes 5 psf for the self-weight of the floor beams but does not include the self-weight of the plate girder). The roof dead load is 35 psf (includes all roof framing self-weight) with a 40 psf snow load. The exterior cladding supported by the 5th floor spandrel beams weighs 20 psf of the vertical surface area.

The welded plate girders consist of 23-inch wide by 2.5-inch thick flanges, and a web that is 21 inches deep by 1-inch thick. The typical columns in the building have a story height of 15 ft., but because of set-back at the 2nd floor through the 4th floor levels, the perimeter columns on the west side of the building are super-tall built-up I-shaped columns that only support the 5th floor plate girders, the 5th floor spandrel beams, and the roof plate girders and roof spandrel beams. The supertall column has an unbraced height of 63 ft. between the ground floor and the 5th floor, and 15 ft. between the 5th floor and the roof level. Assuming ASTM A992 Grade 50 steel, determine the following design parameters:

a.The live load capacity of the floor deck, and compare to the occupancy live load

b.The elastic section modulus and the plastic section modulus of the built-up welded plate girder

c.The moment of inertia of the plate girder

d.The maximum factored moment and shear in the plate girder

e.The maximum moment and shear strength of the plate girder using the LRFD method

f.Is the girder adequate for strength?

g.Is the plate girder adequate for deflection, assuming the deflection limit is L/240 under total dead plus live load, and L/360 under live load?

h.If the deflection criteria in part (g) are not satisfied and the plate girder size or properties cannot be changed, what else can be done to ensure that the deflection criteria are met? Support your answer with calculations.




CHAPTER

14

Practical Considerations in the Design of Steel Buildings

14-1INTRODUCTION AND RULES OF THUMB FOR STRUCTURAL STEEL DESIGN


In this chapter, we present rules of thumb used for the quick selection of structural steel members and systems, and several topics of importance in the practical design of steel structures are covered.

Two structural steel design project excercises are also introduced in this chapter, with subsequent end-of-chapter design project questions. The goal is that by the time the student works through all the chapters of this text and the corresponding design project questions in this chapter pertaining to the topics covered in earlier chapters, the student will have completed the design of an entire structure, thus reinforcing the connection between the design of individual structural steel components and the design of an entire structural system.

Structural design is typically an iterative process where the member sizes are initially unknown, but the loads on the structure are known. Design rules of thumb aid the designer in selecting preliminary member sizes that could be useful in laying out the framing for a structure. Such preliminary sizes are also useful to the engineer in getting a “feel” for the structure and the potential sizes of the members. Some design rules of thumb available for the preliminary sizing of structural steel members, are presented in Table 14-1. In selecting steel members, the designer should strive for simplicity as much as possible, and endeavor to use as few different details, member sizes, and connections as possible to keep the labor cost down since fabrication and erection accounts for more than 60% of the cost of structural steel buildings, while material cost accounts for only about 30% [1]. Therefore, specifying the least weight for structural members does not necessarily lead to the most economical structure.

In designing the vertical lateral force resisting system (LFRS) for steel structures in seismic design category (SDC) A, B, or C, a structural systems response modification factor, R, of 3.0, corresponding to “Structural steel systems not specifically detailed for seismic resistance,” in ASCE 7 is recommended in order to reduce the complexity of the member connection details and hence avoid the increased detailing, construction inspection and construction costs associated with using higher R values. In addition, the use of braced frames for the lateral force resisting system should be given first consideration in the absence of other requirements because of its relative economy when compared to moment frames. For more ductile buildings or structures in SDC D, E, or F, where higher R values are required, the lateral force resisting systems and other building components must be detailed to satisfy the special seismic detailing requirements in the AISC Seismic Provisions for Structural Steel Buildings (AISC 341-05) [2].


TABLE 14-1 Design Rules of Thumb [1], [3], [4]

[image: image]



If moment frames cannot be avoided, wide-flange column sections bending about their strong axis should be used in these frames, and it is recommended that no column in the building be part of any two orthogonal moment frames to avoid wide flange columns bending about their weak (y–y) axis, unless flanged cruciform columns (see Chapters 5, 6, and 8) are used for the columns in the orthogonal moment frames.

With flanged cruciform columns (see Figure 5-15) used in orthogonal moment frames, the moment frames in both orthogonal directions will consist of identical columns bending about their strong (x-x) axis. In this case, the moment capacity or strength of each column in the orthogonal moment frame will be the bending moment strength of the column about its strong (x-x) axis taking into account its unbraced height (see Chapter 6).



14-2LAYOUT OF STRUCTURAL SYSTEMS IN STEEL BUILDINGS


The practical and economic considerations necessary to achieve optimum and functional layout for the horizontal (roof and floor) systems and the vertical lateral force resisting structural systems (LFRS) in steel buildings are discussed in this section.

Layout of Floor and Roof Framing Systems

The design process for a steel building begins with a review of the architectural drawings and laying out the roof and floor framing systems to support the gravity loads (i.e., providing an adequate gravity load path), as well as laying out the lateral force resisting systems (i.e., providing an adequate lateral load path), considering architectural, mechanical, and electrical constraints. Issues such as headroom limitations, roof or floor openings, and door and window openings must be considered when laying out the gravity load resisting system and the lateral force resisting system. The different types of floor and roof framing schemes commonly used in design practice to support gravity loads are presented in this section. The following design considerations should be considered when selecting the floor and roof framing systems:


	For rectangular bays, the beams and joists should span in the longer direction, while the girders should span in the shorter direction to produce optimum sizes for the structural framing.

	The roof and floor deck should be framed in a direction perpendicular to the beams and joists. It is more economical to maximize the span and spacing of the roof and floor beams, thereby using fewer in-fill or filler beams which results in fewer beam-to-girder connections. The fewer the connections in a steel structure, the lower the construction cost.

	The framing around stair and floor or roof openings should consist of wide-flange sections, except for very short spans and lightly loaded members where channel or angle sections may suffice. It should be noted that at stair openings, the edge framing also supports the stair stringer reactions and partition wall loads around the stair. For floor beams or girders supporting stair stringers (and escalator support beams), the resulting torsion in the supporting floor beams due to the eccentricity of the reaction from the stair stringer (or the escalator beam) must be adequately considered (see Chapter 6).

	Use wide-flange steel beams and girders along the column grid lines and along the grid lines or vertical planes containing the vertical lateral force resisting systems – LFRS (e.g., shear walls, moment frames, or braced frames), and along the perimeter of the building. Open-web steel joists should not be used along the perimeter of a building since they cannot provide adequate lateral support for exterior cladding perpendicular to their span; open web steel joists should also not be used along the grid lines or vertical planes where the lateral force resisting systems are located, unless the joists are specified to be part of the lateral force resisting system, something that is rarely done in design practice.

	Heavy partition walls should be supported directly by a wide flange (W-shape) floor beam or girder located directly underneath the wall, with the longitudinal axis of the beam or girder spanning parallel to the partition wall.

	Roof or floor openings should be located offset from the column grid lines to minimize interruption of the beam and girder framing.

	For industrial buildings where concentrated loads hanging from the roof or floor framing are common, it is more structurally efficient to use wide-flange beams instead of open-web steel joists for the roof or floor framing since the hanging loads can be located anywhere along the beam bottom flange, whereas for open-web steel joists, the hanging loads would have to be located at the joist panel points, otherwise the joist bottom chords would need to be reinforced.



Several examples of roof and floor framing layouts for supporting gravity loads are shown in Figures 14-1 through Figure 14-5 [5].


[image: image]

FIGURE 14-1Simple roof/floor framing layout
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FIGURE 14-2Roof/floor framing layout with outrigger framing schemes
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FIGURE 14-3Roof framing with cantilevered joist shoes



Layout of Vertical Lateral-Force-Resisting-Systems (LFRS)

The simple shear connections between the horizontal members (i.e., beams or girders) and the vertical linear members (i.e., columns) in steel buildings behave as a hinge which provides little or no restraint to the moments caused by the lateral loads; therefore, these shear connections – which are the default connections specified in steel buildings - do not provide any inherent lateral stability to the structure. Consequently, steel buildings must be adequately braced for lateral loads by using either braced frames, moment frames, or shear walls, or a combination of these vertical lateral force resisting systems (LFRS). Moment frames provide the most flexibility regarding architectural considerations since the door or window layouts do not have any adverse effect or impact on the layout of moment frames. On the other hand, since the main lateral force resisting members in braced frames are the diagonal brace members, these diagonal members must be located such that they do not conflict with the locations of the doors or windows. Careful coordination with the architect is necessary at the preliminary design stage to avoid the unpleasant situation of having to cut or modify the orientation of the diagonal members in a braced frame because of unforeseen conflict with a door or window opening.
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FIGURE 14-4Roof/floor framing layout with interruption of drag strut and chords



Braced frames should preferably be located along column lines at partition wall locations to help conceal the diagonal brace within the partition wall unless the architect intends to expose the diagonal braces for aesthetic purposes. The size of the diagonal brace member should be selected to fit within the partition wall thickness. X-braced frames with single- or double-angle diagonal braces may require the use of gusset plates at the intersection of the diagonal members to ensure that the intersecting diagonal X-brace members lie on the same vertical plane, thus minimizing the required wall thickness necessary to accommodate the diagonal brace members. An example layout of vertical bracing in a floor framing plan is shown in Figure 14-6. The vertical bracing may be located on the interior of the building as shown on grid lines 2 and 4 or along the perimeter of the building as shown on grid lines A and D of Figure 14-6.
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FIGURE 14-5Cantilevered roof framing



Masonry shear walls are frequently used to resist lateral forces in low rise steel buildings, in addition to serving as the exterior cladding to resist wind loads acting perpendicular to the face of the wall. In this system, the steel framing resists only gravity loads, and the connection between the steel beams or girders and the masonry shear wall is detailed in such a way as to prevent the gravity load from being transferred from the steel roof or floor framing into the masonry shear wall below. This is achieved by using a connection detail with vertically slotted bolt holes as shown in Figure 14-7. This detail allows the lateral load (in the direction parallel to the plane of the wall) to be transferred from the roof or floor diaphragm into the masonry shear wall through the drag struts or collectors (i.e., the steel beams or girders that lie on the same vertical plane as the masonry shear wall) without transmitting the gravity loads onto the shear wall. The structural steel is usually erected before the masonry shear walls are built; therefore, the building must be temporarily braced (usually with guy wires) during construction until the masonry shear walls are built.

Masonry shear walls may also be used in infill frames where the block walls are built tightly against the columns and tightly to the underside of the steel beams and girders. In this system, both the gravity load and the lateral loads are resisted by the combined steel beam/girder/column and masonry wall system.
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FIGURE 14-6Diagonal bracing layout
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FIGURE 14-7Lateral force transfer detail





14-3LATERAL LOAD DISTRIBUTION IN HORIZONTAL DIAPHRAGMS; DRAG STRUTS (OR COLLECTORS) AND CHORDS


The roof and floor deck or slabs in a steel building resist and transmit in-plane lateral loads to the vertical lateral force resisting systems (LFRS) parallel to the lateral loads by acting as a horizontal diaphragm or a deep in-plane horizontal beam spanning between adjacent vertical lateral force resisting systems (LFRS) (see AISC Specification, Section B3.5 [20]).

The component elements of the entire lateral force resisting systems (LFRS) in any structure - including the shear walls, braced frames, moment frames, horizontal diaphragms, and the chords and drag struts - can be modeled using 3-D finite element analyses where the horizontal diaphragms and shear walls are modeled using planar shell elements and the moment resisting frames and braced frames are modeled using 3-D beam-column elements. The result of the 3-D finite element analysis - which implicitly accounts for in-plane torsional effects in the horizontal diaphragms - will give the forces distributed to each of the component elements in the lateral force resisting system as well as the lateral displacements at each diaphragm level. The 3-D analysis just described is cumbersome and not commonly used in a typical design office, especially for low to mid-rise building structures.

In lieu of such complicated 3-D finite element analyses, a simplified 2-D analysis is commonly used in practice to determine the lateral force distribution to the component elements of the lateral force resisting system. In this simplified method, the diaphragms are modeled as simply supported horizontal beams spanning between the vertical lateral force resisting system (LFRS) – i.e., the shear walls, moment frames or braced frames, or as a continuous horizontal beam spanning between several vertical LFRS. The horizontal diaphragm is subjected to in-plane bending moment, shear and axial forces, and the chords and drag struts are subjected to in-plane axial tension and compression forces. The connections between all the component elements of the vertical LFRS along the lateral load path must be continuous and of sufficient strength to ensure the uninterrupted flow and transfer of the lateral load. The designer must identify a distinct and continuous lateral load path in both orthogonal directions through which the lateral load is transmitted from the diaphragm to the vertical LFRS, and subsequently to the foundations and finally to the soil or bedrock.

In summary, the horizontal diaphragm (i.e., roof or floor deck or slab) performs the following functions, in addition to supporting the gravity loads and distributing them to the supporting beams, girders and columns [6, 38, 39]:


	Distribute and transfer in-plane lateral or horizontal shear forces to the vertical lateral force resisting systems (LFRS) such as shear walls, braced frames or moment frames.

	Act as a stabilizing tie and lateral support for all the gravity-load supporting elements in the building such as columns and walls, and provide lateral support to the beams and girders.



A typical horizontal diaphragm in a steel-framed structure consists of the following structural elements:


	The roof deck and floor deck/slab which resists the in-plane shear (like the web of a beam or girder)

	The chords at the perimeter of the roof or floor diaphragm perpendicular to the lateral load, which resist the tension-compression couple from the in-plane bending of the diaphragm (like the flanges of a beam or girder). The chords are typically the beams at the edge of the floor or roof diaphragm; for roofs framed with open web steel joists, the chords would be the continuous perimeter angle or bent plate at the edges of the roof to which the roof deck is welded (see Figures 14-3b, 14-5b, and 14-7).

	The collectors or drag struts which are situated on the same vertical plane or grid lines as the vertical LFRS; they help to drag the in-plane lateral shear force from the diaphragm - beyond the location of the vertical LFRS - into the vertical LFRS. The drag struts or collectors are usually the beams or girders that lie on the same grid line or the same vertical plane as the vertical LFRS. These members would be subjected to axial tension and compression forces for which they must be designed. In addition, the connections of the chords and drag struts to the vertical LFRS and to the columns would have to be designed for the axial tension/compression forces resulting from the lateral loads.



In steel buildings, the vertical LFRS typically consists of one or more of the following systems:


	Shear walls - reinforced concrete, steel, steel-concrete composite, or masonry walls.

	Braced frames – X-braced frames or Chevron or inverted V-braced frames.

	Multi-tiered braced frames (MTBF) which consists of two or more levels of braced frames within each story with each braced frame panel connected to the ones above and below with horizontal struts can be used for structures with tall story heights. The braced frame within each vertical panel could be X-braced frames, Chevron or inverted V-braces. The columns in MTBF are oriented such that the weak (y-y) axis bending of the column occurs in the plane of the braced frame, and any out-of-plane bending of the columns is about their strong (x-x) axis.

	Moment frames (see Chapter 11 for the different types).



For any structure, there must be a well-defined and continuous gravity load path and lateral load path, and they should be clearly identified on the structural drawings, indicating how the lateral load is transferred from the horizontal diaphragm (i.e., the floors and roof) into the vertical LFRS and safely to the foundation/ground.

Horizontal diaphragms can be classified into three categories depending on the in-plane stiffness of the diaphragm relative to the in-plane lateral stiffness of the lateral force resisting systems: rigid, semi-rigid, and flexible diaphragms. The lateral stiffness of the vertical lateral force resisting system (i.e., the vertical LFRS), expressed in kips/inch, is defined as the lateral force that causes a lateral deflection of 1-inch at the top of the vertical LFRS.

Rigid Diaphragms:

In rigid diaphragms, the in-plane stiffness of the roof and floor plate or slab is much greater that the lateral stiffness of the vertical LFRS, thus, the roof or floor slabs behave as rigid horizontal members that transmit the lateral seismic and wind loads to the vertical LFRS in proportion to the lateral stiffness of the vertical LFRS.

If the vertical LFRS in a building with rigid diaphragms are not symmetrically located, or the vertical LFRS do not have equal stiffnesses, or if the center of mass (CM) of the horizontal diaphragm or center of area of the vertical wall surface receiving the wind pressure does not coincide with the center of rigidity (CR) of all the vertical LFRS in the building, the building will be subjected to in-plane twisting (i.e., twisting on the horizontal plane about a vertical axis of rotation), due to the torsional moment from the lateral seismic or wind forces (see Figure 14-8).

Therefore, in addition to the direct lateral forces transmitted to the vertical LFRS that are parallel to the direction of the lateral wind or seismic load, a rigid diaphragm is also capable of transmitting the in-plane torsional or rotational moments, MT, that results in additional lateral forces to all the vertical LFRS below that diaphragm level.
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FIGURE 14-8In-plane torsion of horizontal diaphragms



For seismic loads, the in-plane torsional moment, MT, at any floor level is a function of both the floor eccentricity and the accidental eccentricity. The floor eccentricity is the distance between the center of mass of the floor level (CM) and the center of rigidity (CR) of all the vertical LFRS just below that floor level under consideration (i.e., the floor eccentricities are XCR -XCM and YCR-YCM); this floor eccentricity is as a result of the non-symmetrical placement of the vertical LFRS in a building, and the in-plane torsion caused by this eccentricity is called the natural or inherent torsion. The in-plane torsion from seismic loads due to accidental eccentricity – which accounts for the uncertainties in calculating the actual location of the center of mass, XCM and YCM - must also be included in calculating the in-plane torsional moment, MT. The accidental eccentricity specified for seismic load calculations is defined as 5% of the width of the building perpendicular to the direction of the seismic force (see ASCE 7, Section 12.8.4.2). The inherent and accidental eccentricities and the corresponding in-plane torsional moments are calculated for each orthogonal direction of the building.

For wind loads on the main wind force resisting system (MWFRS), the in-plane torsional moments, MT, are caused by the following factors: non-uniform wind pressures on the face of the building; the dynamic effects of the wind; the effects of adjacent or nearby buildings interfering with the wind flow (see ASCE 7, Section C27.3-5) [25]. The eccentricity of the lateral wind forces is defined in the design Wind Load Cases 2 and 4 given in ASCE 7, Figure 27.3-8 [25]; Note that Load Cases 1 and 2 indicate only direct lateral wind forces on a building in the two orthogonal directions, without any in-plane torsion. The eccentricity is measured in a direction perpendicular to the direction of the lateral wind force. For wind force parallel to the X-direction, BX is the width of the face of the building perpendicular to the X-direction and the eccentricity, eX = 0.15BX. For wind force parallel to the Y-direction, BY is the width of the face of the building perpendicular to the Y-direction and the eccentricity, eY = 0.15BY (see Figure 14-8b). Note that these eccentricities apply to “rigid buildings” or buildings with fundamental or natural lateral frequency of vibration, f ≥ 1 Hz. For “flexible buildings” (i.e., f < 1 Hz), the dynamics of the wind loading can increase the torsional loading, and the eccentricity is calculated using ASCE 7 equation 27.3-4 (see ASCE 7, Section 27.3-5). Recall that approximate natural lateral frequencies of buildings for wind load calculations are obtained from Chapter 3 of this text or from ASCE 7, Section 26.11.3.

The following floor or roof systems may be classified as rigid diaphragms according to ASCE 7, Section 12.3.1.2 [25]:


	Diaphragms of concrete on composite metal deck with span-to-depth ratios less than or equal to 3.0 in structures with no horizontal irregularities. The “span” is the horizontal distance between adjacent vertical LFRS, and the “depth” is the horizontal in-plane dimension of the diaphragm parallel to the lateral force.

	Diaphragms of concrete slabs with span-to-depth ratios less than or equal to 3.0 in structures with no horizontal irregularities (see ASCE 7 Table 12.3-1 and 12.3-2 for the definitions of horizontal and vertical structural irregularities).

	Precast hollow core concrete slabs with concrete topping having span-to-depth ratios of 3.0 or less.

	Metal roof decks can be classified as rigid diaphragms if the maximum span-to-depth ratio is 2.0 or less [8].



In general, metal roof decks (except as indicated above) and plywood sheathing without any concrete topping are usually classified as flexible diaphragms. Since it is often difficult to ascertain whether a horizontal diaphragm is actually rigid or flexible, some engineers use the “envelope” approach whereby the lateral forces are calculated assuming a rigid diaphragm and then recalculated assuming a flexible diaphragm; the higher forces from the two analyses are then used for the design of the diaphragm, the drag struts or collectors, the chords, and the vertical LFRS.

In analyzing rigid roof and floor diaphragms for in-plane torsion, the in-plane torsional moments cause an increase in the direct lateral force in some of the vertical LFRS and a decrease or offset in others. However, in design practice, only the lateral force increases from in-plane torsion are considered, any lateral force reduction from in-plane torsional moments is usually ignored. This means that the lateral force for which each vertical LFRS is designed must not be less than the direct lateral force calculated for each vertical LFRS when in-plane torsion is neglected.

Flexible Diaphragms:

In flexible horizontal diaphragms, the in-plane stiffness of the roof and floor plate or slab is much smaller than the lateral stiffness of the vertical LFRS in the building. Therefore, the lateral load path consists of the roof and floor slabs acting as in-plane horizontal beams simply supported between adjacent vertical LFRS. Thus, the distribution of the lateral seismic load in a given direction is proportional to the in-plane tributary width (perpendicular to the lateral force direction) of each vertical LFRS that are parallel to the direction of the seismic force on the building.

For wind loads, the lateral load at each diaphragm level on each vertical LFRS that is parallel to the wind direction is proportional to the tributary vertical surface area of the exterior wall that is perpendicular to, and receiving, the wind pressure. Where there is more than one vertical LFRS along the same grid line or vertical plane, the tributary lateral force for that grid line is distributed to each vertical LFRS on that line in proportion to the relative lateral stiffnesses of the vertical LFRS along that grid line. As previously discussed, only buildings with rigid or semi-rigid diaphragms can transmit in-plane torsional or rotational forces (see Figure 14-8); buildings with flexible diaphragms cannot resist or transmit in-plane rotational or torsional forces; therefore, the vertical LFRS in buildings with flexible diaphragms can only resist direct lateral forces. It is best, if possible, to avoid layouts of the vertical LFRS that result in-plane torsion or twisting of the roof or floor diaphragms. For example, a rigid diaphragm building with an open front (e.g., the right hand side of the building in Figure 14-8a where there is no LFRS) would be subjected to large in-plane torsional moments; however, if the building in Figure 14-8a has a flexible diaphragm, it will be unstable and will collapse because there will be no lateral load path available to transfer the lateral load, P, to the vertical LFRS on the left hand side exterior wall since the flexible diaphragm is incapable of transmittting in-plane rotation. Some buildings have collapsed during earthquakes due to the irregular layout of the vertical LFRS and the subsequent in-plane twisting of the horizontal diaphragms. One notable example is the JC Penney building in Anchorage that collapsed during the 1964 Alaskan earthquake [43].

Chords and Drag Struts or Collectors

Chords are structural elements located along the perimeter of the horizontal diaphragms perpendicular to the direction of the lateral load; they resist the tension-compression couple resulting from the in-plane bending of the diaphragm due to the lateral seismic or wind forces on the building (see Figure 14-9).

Drag struts or collectors are structural elements in the plane of the horizontal diaphragms located parallel to the lateral load, and they are located on the same lines or the same vertical plane as the vertical LFRS. The drag strut transfers the lateral wind or seismic forces from the roof and floor diaphragms into the vertical LFRS through the steel floor and roof framing and their connections. The floor and roof beams or girders and their connections would thus be subjected to axial tension or compression forces. Also, the eccentricity of the in-plane lateral force in the drag strut members must be considered since the diaphragm transfers the in-plane lateral load to the drag beams at their top flange. This will result in additional vertical bending moment in the drag beam or girder. The drag strut beams will be designed for the axial force and the resulting moment from the eccentricity of the axial force, in addition to the moment from gravity and/or lateral loads; thus, the drag struts are designed as beam-columns (see AISC Commentary Section I7 [20]).
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FIGURE 14-9Diaphragm chords and drag struts



Where concrete shear walls are used to resist lateral loads in building structures, the drag strut (i.e., the roof and floor beams/girders) must be connected to the concrete walls using embedded steel plates (see Section 1 in Figure 14-10). In addition, the roof and floor decks must be connected to the concrete shear walls by welding the deck to a continuous angle that is connected to the wall at regular intervals with embedded plates. The continuous angle functions as a drag strut that drags the diaphragm in-plane shear forces from the deck into the concrete shear walls (see Sections 2 and 3 in Figure 14-10).

When structural members are field welded to steel plates embedded in concrete shear walls such as shown in Figure 14-10, it is recommended that a low heat welding rod and a smaller weld thickness in multiple passes - instead of a thicker weld with a single pass – be specified. This will help to minimize the heat generated from the welding processes and thus minimize the potential loss of bond between the concrete and the steel plates, and also minimize any cracking or spalling of the concrete that may arise from the expansion of the embedded plate [49]. In design practice, a minimum embedded plate thickness of 3/8 inch. is commonly specified, and the thicker the embedded steel plate, the smaller the distortion from the welding processes.

When drag struts and horizontal diaphragms are not properly connected to the lateral force resisting systems, this results in an incomplete lateral load path and the lateral stability of the structure is compromised.

Drag struts also help prevent differential or incompatible horizontal or lateral displacements of diaphragms in buildings with irregular shapes. Without drag struts or collectors, tearing forces would develop at the interface between the various diaphragm segments (see Figure 14-9). The ASCE 7 Load Standard specifies that drag struts be designed for the special seismic force, Em, which includes amplification of seismic forces by the overstrength factor, Ω0.
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FIGURE 14-10Horizontal diaphragm connections to concrete shearwalls



Section 7.10.1 of the AISC Code of Standard Practice [20] requires that “the lateral force resisting system and connecting diaphragm elements that provide for lateral strength and stability in the completed structure” must be identified. In the author’s experience, this required information is not universally presented on structural drawings in the United States. Ruby [38, 39] has found several instances of roof and floor diaphragms on structural drawings that have no collectors or drag struts; in addition, some design and analysis software do not present or supply the drag strut and chord forces. Some important conclusions from Ruby’s articles regarding horizontal diaphragms and their component elements are as follows [38, 39]:


	The beams and girders supporting the horizontal diaphragms should be framed to maximize the gravity loads that they deliver to the vertical LFRS, so as to minimize the impact of uplift on the columns, shear walls, and the foundations.

	All structural drawings should indicate a well-defined continuous lateral load path showing the chords and drag struts and the axial forces, as well as their connections to the vertical LFRS.

	Along every line of braced frames or moment frames or shear walls, the collectors or drag struts (i.e., beams or girders) parallel to the vertical LFRS that are needed to drag the diaphragm in-plane lateral shear into the vertical LFRS must be identified. The required length of the drag struts or collectors must be selected so that the applied in-plane shear per unit length in the roof or floor metal deck diaphragm does not exceed the allowable (or design) in-plane shear strength per unit length presented in Ref. [9].



For floor construction with a concrete slab on a composite metal deck supported by composite beams and girders (i.e., with shear studs), the in-plane lateral shear force can be transferred from the composite floor diaphragm into the drag strut beams or chord beam members through the shear studs. A typical ¾ in. diameter shear stud has a maximum horizontal shear capacity of 19 kips. The in-plane shear strength of steel-framed floor diaphragms can be determined using the Steel Deck Institute (SDI) lateral in-plane shear strength tables [9], or the in-plane shear strength can be conservatively assumed to be equal to the in-plane shear capacity of the concrete slab above the deck ribs, ignoring the beneficial effect of the concrete within the deck flutes (See AISCM Commentary, Section I7 [20]). Therefore, the approximate in-plane shear strength of the diaphragm is calculated as
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where,

[image: image] = 0.75

[image: image] = 28-day strength of the concrete

b = thickness of the concrete slab above the deck ribs, inches

d = effective depth of the diaphragm ≈ 0.9 × plan dimension of the concrete diaphragm in inches, parallel to the lateral load.

For example, the shear capacity for a composite floor deck with 2.5 in. concrete above the deck flutes (i.e., b = 2.5 in.) and a 28-day concrete strength of 3000 psi can be calculated approximately and conservatively as: [image: image] length of deck parallel to the lateral force.

This is conservative when compared to the lowest design in-plane shear strength of (0.5) (5499 Ib/ft.) or 2750 Ib/ft. (for wind or seismic loads) that is tabulated in the Steel Deck Institute (SDI) Diaphragm in-plane shear strength tables for 20 gauge deck with 2.5 in. normal weight concrete above the deck ribs and a 36/4 support fastener pattern plus 3 - #10 screws side lap connections per deck span [9].

Analysis of Rigid Diaphragms for In-Plane Torsional Moments

As noted previously, only rigid and semi-rigid diaphragms can undergo in-plane torsional rotation or transmit in-plane torsional moments; for flexible diaphragms, in-plane torsion is not a consideration. As previously discussed, for seismic forces, there are two types of in-plane torsion that must be considered to obtain the in-plane torsional moment, MT:


	Accidental Torsion (this torsion is caused by a 5% eccentricity)

	Natural Torsion (caused by the difference in the location of the center of mass, CM, and the center of rigidity, CR).



For structures subjected to wind loads, the in-plane torsional moments, MT, are defined by the equations given in Load Cases 2 to 4 of ASCE 7 Figure 27.3-8 [25]. For seismic loads, the in-plane torsional moment at level x is the sum of the accidental in-plane torsion and the natural or inherent in-plane torsion at that level. The torsional moment at level x causes additional lateral forces in all the vertical lateral force resisting systems (LFRS) in the building immediately below level x.

The eccentricity due to natural torsion, e, is equal to the distance between the center of rigidity (CR) and the center of mass, CM, at the level being considered.

Center of Rigidity

There is no clear consensus on the definition of the centers of rigidity (CR) of the floor levels of multistory buildings, and calculating the centers of rigidity of the floors for other than a one-story building is fraught with difficulties except for the so-called “proportional buildings,” where the CR at each level lie on the same vertical axis. The actual centers of rigidity of the floors in a multistory building depends on the building geometry and the stiffness of the vertical LFRS above and below the floor level under consideration, and also depend on the applied lateral load and any inelastic behavior [25, 44, 45]. The method presented in this text, which was originally developed for single story buildings with rigid diaphragms, is applicable to “proportional buildings,” but it has also been applied for the design of multistory buildings. This same approach for calculating the CR is also used by Wight and MacGregor for the calculation of the centers of rigidity for concrete floors in multistory reinforced concrete buildings [46].

The center of rigidity (CR) at a floor or roof level is the center of lateral stiffness of the vertical LFRS immediately below that floor level; that is, the point through which a lateral load applied at that floor level causes no in-plane rotation of that floor diaphragm. The CR, which is computed separately for each orthogonal direction and for each diaphragm level, is defined in this text as the sum of the first moment of the lateral stiffnesses of the vertical LFRS about a chosen origin divided by the total lateral stiffness of all the vertical LFRS in that direction [41, 45]. Thus, it is assumed in this text that the center of rigidity at any level is dependent only on the vertical LFRS below the floor level under consideration and independent of the lateral load distribution. Only the lateral stiffness of the vertical LFRS (i.e., its in-plane stiffness) is considered; the out-of-plane stiffness of the vertical LFRS is negligible and therefore neglected. Thus, the calculation of CR only includes the vertical LFRS that are parallel to the orthogonal direction being considered. The X- and Y-coordinate location of the center of rigidity of the diaphragm at any level measured from an arbitrarily chosen origin can be determined by taking statical moments of the stiffnesses of the vertical LFRS – that are immediately below the floor level under consideration - about the chosen origin resulting in the following equations (see Figure 14-8b) [46]:

[image: image]   (14-1)

[image: image]   (14-2)

Where,



	Ki, E-W =
	in-plane lateral stiffness of the vertical LFRS that are parallel to the E-W direction (assumed as the X–axis) with its centroid located at a perpendicular distance Yi from the chosen origin.



	Ki, N-S =
	in-plane lateral stiffness of the vertical LFRS that are parallel to the N-S direction (assumed as the Y-axis) with its centroid located at a perpendicular distance Xi from the chosen origin.
The in-plane lateral stiffness (in kips/inch) of a vertical LFRS is the lateral force per unit lateral displacement at the top of the vertical LFRS. That is, the force in kips that produces a deflection of 1-inch at the top of the vertical LFRS.
For isolated reinforced concrete shear walls, the lateral stiffness is proportional to the moment of inertia of the walls bending about their strong axis (i.e., tLw3/12, where t is the wall thickness and Lw is the wall length parallel to the lateral load). This assumes that only bending deformations are considered, and shear deformations are neglected. For compound shear walls with flanges (e.g., elevator or stair shaft walls), the moment of inertia of the compound shear walls can be calculated using the parallel axis theorem from mechanics of materials.



	Xi =
	Location of the N-S vertical LFRS on the X-axis (i.e., perpendicular to the N-S direction) relative to the assumed origin



	Yi =
	Location of the E-W vertical LFRS on the Y-axis (i.e., perpendicular to the E-W direction) relative to the assumed origin



	n =
	Total number of N-S vertical LFRS (i.e., parallel to the Y-axis)



	N =
	Total number of E-W (i.e., parallel to the X-axis)




Center of Mass

The center of mass (CM) is the center of gravity of the floor; the resultant seismic lateral forces act through the CM, while the resultant wind load acts through the center of the vertical wall surface area receiving the wind, which for symmetrical buildings coincides with the center of mass. The X- and Y-coordinate location of the center of mass at any level of a multi-story building measured from an arbitrarily chosen origin on the plan can be determined by taking the statical moments of the weights of the floors (including the walls and exterior cladding that are tributary to that floor level) about the chosen origin using the following equations [46]:

[image: image]   (14-3)
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When the floor or roof weights are uniformly and symmetrically distributed, the CM will be located at the geometric centroid of the floor and roof diaphragm. Therefore, in that case,
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[image: image]



	BX =
	plan dimension of the building perpendicular to the X-axis (or parallel to the Y-axis)



	BY =
	plan dimension of the building perpendicular to the Y-axis (or parallel to the X-axis)



	Wi =
	weight of floors or roof and walls tributary to level i.



	[image: image]=
	Location on the X-axis (i.e., perpendicular to the N-S direction) of the center of mass of the floor/roof diaphragm element relative to the assumed origin.



	[image: image]=
	Location on the Y-axis (i.e., perpendicular to the E-W direction) of the center of mass of the floor/roof diaphragm element relative to the assumed origin.



Lateral Forces in LFRS due to In-Plane Torsion of Diaphragm

The lateral force in each vertical LFRS due to in-plane torsional moment, MT, on a rigid diaphragm is derived below using the floor eccentricity concept [41], which is based on the following simplifying assumptions:


	Small in-plane displacements and small in-plane rotations of the horizontal diaphragm

	Linear elastic material behavior of the diaphragm and the vertical LFRS

	Rigid diaphragm

	The out-of-plane stiffness of the vertical LFRS is negligible and therefore neglected. Only the in-plane stiffness of the vertical LFRS is considered.

	For multi-story buildings, the CR is assumed to lie on the same vertical axis for every floor and roof level in the building. Similarly, the CM is also assumed to lie on one vertical axis in every floor in the building, thus, the eccentricity is assumed to be constant throughout the height of the building. This assumption may not always be the case especially for structures with vertical and horizontal structural irregularities or asymmetric structures where the location of the CR and CM may vary from floor to floor and may not be at a consistent location throughout the height of the building, in which case the eccentricity will be different from floor to floor [41]. See ASCE 7 Tables 12.3-1 and 12.3-2 [25] for the definitions of horizontal and vertical irregularities.



The lateral force due to the in-plane torsion in each vertical LFRS below a floor or diaphragm level is assumed to be proportional to the lateral stiffness of the vertical LFRS using the following linear elastic equation (see Figure 14-8b):

[image: image]   (14-5)

In-plane torsional equilibrium requires that the applied cumulative in-plane torsional moment at any floor level be equal to or less than the total in-plane torsional resistances of the vertical LFRS just below that floor level. Using equation (14-5), the equilibrium equation relating the applied torsional moment to the torsional resistance can be written as

[image: image]   (14-6)

Therefore, the in-plane torsional rotation of the rigid diaphragm,

[image: image]   (14-7)

The additional lateral force in each vertical LFRS just below the floor level under consideration due to the in-plane torsional moment is calculated as

[image: image]   (14-8)

This additional lateral force due to the in-plane torsional moment is added to the direct lateral force for each vertical LFRS where the direct lateral force and the torsion-induced lateral force are additive. For some vertical LFRS where the torsion-induced lateral force opposes the direct lateral force, it is conservative to assume that the net lateral force on those vertical LFRS is the direct lateral force previously obtained with the in-plane torsional moment neglected. In summary, in no instance should the lateral force at each level in each vertical LFRS be smaller than the direct lateral force calculated when the rotation of the diaphragm or the in-plane torsion is neglected.

Therefore, the total lateral force on vertical LFRS i is

[image: image]   (14-9)

Where,



	Zi =
	Perpendicular distance from the center of rigidity (CR) to the longitudinal axes of vertical LFRS i, Thus, [image: image] for the North-South vertical LFRS, [image: image] and for the East-West vertical LFRS.



	Ki =
	In-plane lateral stiffness of vertical LFRS i.



	δi =
	Lateral deflection of the vertical LFRS due to in-plane torsion



	θ =
	In-plane rotation of the horizontal diaphragm about the center of resistance (CR) due to the in-plane torsional moment, MT.



	MTx =
	in-plane torsional moment just below the floor level under consideration (i.e., level x), caused by the product of the total lateral force at that floor or diaphragm level and the torsional eccentricity.



For wind loads, see ASCE 7 Figure 27.3-8 [25] for the prescribed in-plane torsional eccentricities that are used to calculate the in-plane torsional moments.

For seismic loads, the in-plane torsional eccentricities are obtained as follows:
For the lateral force in the N-S direction (i.e., parallel to the Y-direction) at any floor level (see Figure 14-8b), the in-plane torsional eccentricity is the sum of the natural eccentricity and the accidental eccentricity of 5% [image: image] (see ASCE 7, Section 12.8.4.2):

[image: image]   (14-10)

and the resulting in-plane torsional moment due to the N-S lateral force is

[image: image]   (14-11)

For the lateral force in the E-W direction (i.e., parallel to the X-direction) at any floor level, the in-plane torsional eccentricity is the sum of the natural eccentricity and the accidental eccentricity of 5% [image: image] (see ASCE 7, Section 12.8.4.2):

[image: image]   (14-12)

and the resulting in-plane torsional moment due to the E-W lateral force is

[image: image]   (14-13)

Where,



	[image: image] =
	plan dimension of the building perpendicular to the X-axis (i.e., the Y-axis plan dimension of the building as shown in Figure 14-8b)



	[image: image] =
	plan dimension of the building perpendicular to the Y-axis (i.e., the X-axis plan dimension of the building as shown in Figure 14-8b)



Amplification of the 5% Accidental Eccentricity

For structures in Seismic Design Categories ‘C’ and higher with torsional irregularities 1a and 1b as defined in ASCE 7 Section 12.3.1, and for structures where the maximum or peak lateral displacement (i.e., the peak drift) of the diaphragm, [image: image], exceeds 1.2 times the average lateral displacement or average drift of the diaphragm, [image: image], (i.e., [image: image] > 1.2[image: image]), the dynamic torsional instability and the resulting torsional irregularity caused by the earthquake are accounted for by multiplying the 5% accidental torsional eccentricity computed at each floor level by a torsional amplification factor, Ax, calculated using ASCE 7 Equation (12.8-14) [25] as follows:

[image: image]   (14-14)
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Note that for [image: image] ≤ 1.2 [image: image], [image: image] indicating no torsional irregularity.

Forces in the Chords and Drag Struts

After the lateral shear forces in each vertical LFRS have been calculated at each diaphragm level, the in-plane shear force diagram for each diaphragm can be drawn, from which the in-plane bending moment diagram for the diaphragm can be obtained using the principle - from structural analysis - that the change in bending moment between two points is equal to the area under the shear force diagram between those two points. Knowing the maximum moment in the diaphragm, [image: image], the maximum factored tension or compression forces in the diaphragm chords can be obtained from

[image: image]   (14-15a)

Where, D is the perpendicular distance between the chords (i.e., the plan dimension of the diaphragm parallel to the lateral load direction). For the N-S direction lateral load, D = BX, and for the E-W direction lateral load, D = BY. For seismic loads, ASCE 7 Section 12.10.2.1 requires that the forces be amplified in the chords by the overstrength factor, Ωo, thus the factored tension or compression force in the chords becomes

[image: image]   (14-15b)

As previously presented in Chapter 4, the required area of steel needed to resist the chord force in equation (14-15b) will be the larger of equations (14-16a) and (14-16b).

[image: image]   (14-16a)

[image: image]   (14-16b)

The maximum tension and compression forces in a drag strut or collector will be equal to the maximum in-plane shear per unit length along the brace or shear wall line multiplied by the length of the drag strut.. That is, the maximum tension force in the drag strut is given as

[image: image]   (14-17)

Note that the chords and drag struts should be continuous where feasible, but where there is horizontal or vertical discontinuity in the drag struts or chords (e.g., caused by a vertical or horizontal offset in the diaphragm), an adequate structural detail that ensures an uninterrupted lateral load path – that is, the continuous transfer or flow of the chord or drag strut forces - must be ensured. Such details might include horizontal in-plane or vertical bracing. Note that for the N-S lateral force (see Figure 14-8b), D = BX, and for the E-W lateral force, D = BY.

For seismic loads, the drag strut and chord forces are amplified by the overstrength factor, Ωo, to ensure that they and their connections will not collapse before the LFRS, and the factored tension force in the drag strut becomes

[image: image] = [image: image]   (14-18)

The applied in-plane shear in the diaphragm should be such that [image: image] allowable or design in - plane shear strength obtained from Ref. [9].

Check the connections of the roof and floor diaphragms to the structural steel framing along the brace frame or moment frame or shear wall lines. The required area of the drag strut is calculated as was done previously for the chords. Similarly, the connections of the chords and drag struts are also designed to resist these tension forces.

EXAMPLE 14-1 LATERAL LOAD DISTRIBUTION TO VERTICAL LFRS – SIMPLIFIED METHOD

The plan of a 3-story steel building with a 10 ft. floor-to-floor height and the locations of the vertical LFRS are shown in Figure 14-11a. The total lateral seismic loads on the building have been determined as follows: Froof = 10 kips, F3rd floor = 20 kips and F2nd floor = 24 kips. Assume that the relative lateral stiffnesses of the vertical LFRS have been determined as follows:

KXB1 = KXB2 = K

KW1 = KW2 = 2K

KXB3 = KXB4 = 1.5K


[image: image]

FIGURE 14-11aDiaphragm and LFRS layout for Example 14-1




[image: image]

FIGURE 14-11bRotation of rigid diaphragm about center of rotation



In lieu of performing a 3-D finite element analysis, use the simplified lateral load distribution method previously presented to determine the following parameters:

a.The lateral force at each level for each vertical LFRS for the N-S lateral load assuming a flexible diaphragm.

b.The lateral force at each level for each vertical LFRS for the E-W lateral load assuming a flexible diaphragm.

c.The lateral force at each level for each vertical LFRS for the N-S lateral load assuming a rigid diaphragm.

d.The lateral force at each level for each vertical LFRS for the E-W lateral load assuming a rigid diaphragm.

e.The maximum base shear and overturning moment for shear wall W2 and X-brace XB3.

Solution

Flexible diaphragm:

For the lateral load distribution for flexible diaphragms, the seismic lateral force on the building is distributed at each diaphragm level to each vertical LFRS in proportion to the width of the floor/roof that is tributary to each vertical LFRS parallel to the direction of the lateral force. In this case, no in-plane rotation of the diaphragm is possible. The vertical LFRS that are perpendicular to the direction of the lateral force have negligible out-of-plane lateral stiffness and therefore do not receive any direct lateral force.

North-South Lateral Force (Flexible Diaphragm):

The tributary width for each N-S vertical LFRS is calculated as follows:


	N-S LFRS
	Tributary width (TW)

	Shear wall W1
	20 ft./2 = 10 ft

	X-Brace XB1
	½ (20 ft. + 30 ft) = 25 ft

	X-Brace XB2
	½ (30 ft. + 18 ft) = 24 ft

	Shear wall W2
	½ (18 ft.) + 12 ft. = 21 ft

	 
	[image: image]



In the North-South direction, the distribution of the lateral force to each vertical LFRS that are parallel to the lateral force is calculated using the following equation:

[image: image]

Using this equation, the North-South lateral force at each floor or diaphragm level for each N-S vertical LFRS (assuming a flexible diaphragm) is computed in the following table:

[image: image]

East-West Lateral Force (Flexible Diaphragm):

The tributary width for each E-W vertical LFRS is calculated as follows:


	E-W LFRS
	Tributary width (TW)

	X-Brace XB3
	½ (60 ft.) = 30 ft.

	X-Brace XB4
	½ (60 ft.) = 30 ft.

	
	[image: image]



The East-West lateral force at each floor level for the flexible diaphragm is calculated using the following equation:

[image: image]

Using this equation, the East-West lateral force at each floor level for each E-W vertical LFRS (assuming a flexible diaphragm) is computed in the following table:

[image: image]

Rigid diaphragm:

The lateral force distribution for a rigid diaphragm consists of the direct lateral force - which is distributed to the vertical LFRS proportional to the relative stiffnesses of the vertical LFRS that are parallel to the direction of the applied lateral force - plus the lateral force due to the in-plane torsional moment in the diaphragm. The in-plane torsional moment at any level is resisted by all the vertical LFRS in the building below that level, whereas the direct lateral force is resisted only by the vertical LFRS that are parallel to the applied lateral force.

Direct Lateral Force:

North-South Direct Lateral Force (Rigid Diaphragm):

The relative stiffeness for the N-S vertical LFRS are tabulated in the following table:


	LFRS
	Relative stiffness, K

	Shear wall W1
	2K

	X-Brace XB1
	K

	X-Brace XB2
	K

	Shear wall W2
	2K

	
	[image: image]



The N-S lateral force at each floor level for each N-S vertical LFRS is calculated using the following equation and tabulated in the following table.

[image: image]
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East-West Direct Lateral Force (Rigid Diaphragm):

The relative stiffeness for the E-W vertical LFRS are tabulated in the following table:


	LFRS
	Relative stiffness, K

	X-Brace XB3
	1.5K

	X-Brace XB4
	1.5K

	
	[image: image]



The East-West direct lateral force at each floor level in each E-W vertical LFRS is calculated for the rigid diaphragm using the following equation and computed in the following table:

[image: image]

[image: image]

In-plane Torsional Moments (Rigid Diaphragms Only):

The in-plane torsional moments from the North-South lateral force and the resulting lateral force at each floor level in all the vertical LFRS is determined next. Note that only rigid diaphragms can be subject to and able to tolerate in-plane rotation. Flexible diaphragms are incapable of resisting in-plane torsional rotation and would collapse if subject to such torsional forces. Calculate the coordinates of the center of mass (XCM and YCM) and the coordinates of the center of rigidity (XCR and YCR) at each floor level. These will be measured from an assumed origin located at the intersection of Grid Line A and Grid line 2 (see Figures 14-11a and 14-11b).

N-S Lateral Force:

Since the vertical LFRS have no vertical discontinuity (see ASCE 7 Tables 12.3-1 and 12.3-2), the center of rigidity (CR) at each floor level will be assumed to occur at the same location and will be situated on the same vertical axis, and the coordinates can be calculated from equations (14-1) and (14-2) as follows:
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For the North-South direction, the location of the center of mass is calculated from equations (14-3) and (14-4) as follows, assuming a uniform distribution of the weights at each floor level:

[image: image]
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The torsional eccentricities, ei, are calculated at each floor level using equations (14-10) and (14-12) as follows:

[image: image]

For the N-S direction, only the case with eccentricity, e = 9.67 ft. will be checked since that eccentricity will control. For the E-W direction, the building will be checked for both e = 3 ft and e = −3ft. Note that because the vertical LFRS do not have any vertical discontinuity and the building is symmetrical, the torsional eccentricity is assumed to be the same at every floor level. The in-plane torsional moments at each floor level are calculated using equations (14-11) and (14-13) as follows:

[image: image]

The lateral forces in each vertical LFRS at each floor level due to the North-South direct lateral force and the lateral force caused by the in-plane torsional moments from the North-South lateral force are computed in the following table (See equation (14-8)). Note that constant eccentricity is assumed throughout the height of the building.


[image: image]

*Out-of-plane lateral stiffness of XB3 and XB4 is zero for calculating N-S vertical LFRS direct lateral forces due to Fi, but for the in-plane torsional analysis, the in-plane stiffness for XB3 and XB4 of 1.5K is used in the calculation.
^ Note that Zi = Perpendicular distance from the center of rigidity (CR) to the longitudinal axes of vertical LFRS i, Thus, Zi=Xi for the North-South LFRS, and Zi=Yi for the East-West vertical LFRS.



The lateral forces in the vertical LFRS due to East-West Seismic Force, Fi, and the in-plane torsional moment MT,E-W are computed in the following table:

[image: image]
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*Out-of-plane lateral stiffness of W1, W2, XB1 and XB2 is zero for calculating the direct lateral force in these vertical LFRS due to the E-W Fi, but for torsional analysis, the in-plane stiffness for W1, W2, XB1 and XB2 of 2K, 2K, 1K, and 1K, respectively, are used in the calculation.
^Note that Zi = Perpendicular distance from the center of rigidity (CR) to the longitudinal axes of vertical LFRS i, Thus, Zi=Xi for the North-South LFRS, and Zi=Yi for the East-West LFRS.



The maximum total lateral forces for each of the vertical LFRS at each level due to the direct lateral force plus the lateral force from the in-plane torsional moment are shown in bold font in the preceding tables. Given the seismic lateral forces for this example, the lateral force at each diaphragm level of all the vertical LFRS in the building are tabulated in the following table:


[image: image]

^Note that for this problem, these values are constant at each floor level because the building is symmetrical from floor to floor, and there is no vertical discontinuity of the vertical LFRS over the height of the building (see ASCE 7 Tables 12.3-1 and 12.3-2). For this type of building, the floor eccentricity at each level is assumed in this text to be located on the same vertical axis. Also, note that the in-plane torsional moment at any level from both the N-S and E-W lateral forces are resisted by all of the vertical LFRS in the building immediately below that level; therefore, for each vertical LFRS, the larger of the two in-plane torsional moment-induced lateral forces (see the numbers in bold font in the preceding tables) is used which is then added to the larger of the direct lateral forces to obtain the total maximum lateral force in each vertical LFRS at each floor level. Note that from equation (14-9), the minimum lateral force in each vertical LFRS is the direct lateral force obtained with in-plane torsion neglected.



Using the maximum forces from the preceding table, the maximum base shear and overturning moment for wall W2 and X-brace XB3 are calculated as follows:

Wall W2:

Base shear = 4.17 kips + 8.34 kips + 10 kips = 22.5 kips

Overturning moment at base of wall W2 = (4.17 kips)(30 ft.) + (8.34 kips)(20 ft.) + (10 kips)(10 ft.) = 392 ft.-kips

XB3:

Base shear = 5.17 kips + 10.34 kips + 12.41 kips = 28 kips

Overturning moment at the base of X-Brace frame, XB3 = (5.17 kips)(30 ft.) + (10.34 kips)(20 ft.) + (12.41 kips)(10 ft.) = 486 ft.-kips



14-4DESIGN OF ROOF AND FLOOR DIAPHRAGMS IN STEEL BUILDINGS


As previously noted, in addition to supporting gravity loads, the roof and floors of steel buildings also act as horizontal diaphragms in resisting lateral loads such as wind or earthquake loads and help to transfer the lateral load to the lateral force resisting system. The seismic force used for the design of diaphragms, chords, and drag struts is determined using the larger of the Fx seismic lateral force (see equation (3-20)) and the Fpx diaphragm seismic lateral (see equation (3-22)) [25].

The horizontal diaphragm (e.g., see Figures 14-4, 14-9, and 14-12) consists of the following elements: the metal deck at the roof level supported on steel beams and girders; the concrete slab on composite metal deck at the floor level supported on steel beams and girders (with or without shear studs); the diaphragm chord members which are perpendicular to the lateral force direction; and the drag struts or collectors which are parallel to and lie along the same vertical plane as the vertical lateral force resisting system (LFRS) [6]. The drag struts or collectors transfer or “collect” (or drag) the lateral force from the roof or floor diaphragm into the lateral force resisting system (LFRS) while ensuring that the applied in-plane shear in the horizontal diaphragm is uniform and does not exceed the in-plane shear strength of the diaphragm. The drag struts - which resist axial tension and compression forces due to the reversal of wind and seismic lateral forces - are provided along the same lines as the lateral force resisting systems (i.e., at the diaphragm levels in the same vertical plane as the vertical LFRS) for the entire length of the roof and floor diaphragms in both orthogonal directions [7]. The drag strut beam members and their connections to the columns must be designed for these axial tension and compression forces (plus any resulting moments from the eccentricity of the axial forces), in combination with the vertical shear and moments from the gravity loads. The beams and girders along the drag lines should be designed as noncomposite members for gravity loads, even for floors with shear studs, because of the possibility of stress reversals that may occur due to upward bending caused by the axial compression forces in the drag beams, thus resulting in tension stress (and hence tension cracks) in the concrete and therefore rendering the studs ineffective. In designing the drag beams for the axial compression forces, the unbraced length should be taken as the smaller of the length of the beam between column supports and the distance between adjacent infill framing members that are supported by the drag beam. Thus, the drag struts are designed as beam-columns under combined loads using the methods previously discussed in Chapters 4, 5, 6 and 8. The chord and drag strut forces must be shown on the structural plans and on the elevation views of the lateral force resisting systems. Typical drag strut-to-column connections are illustrated in Figure 14-15 and will be discussed later in this Chapter. See also Section 1 in Figure 14-10 for typical drag strut connections to concrete shear walls.

The use of drag struts reduces the applied in-plane shear in the diaphragm compared to the case where the lateral force is assumed to be transferred from the deck directly to the vertical LFRS only within the length of the vertical LFRS. This can be illustrated using Figure 14-14a in Example 14-3: if there were no drag struts between points B and F in Figure 14-14a, the applied in-plane shear in the roof diaphragm would be (100 kips/2)/20 ft. = 2.5 kips/ft. since the applied lateral shear would be transferred only between points A and B (i.e., distributed over the length of the lateral force resisting system only which in this example is 20 ft.), instead of the uniform in-plane shear of 0.5 kip/ft. (i.e., (100 kips/2)/100 ft.) in the diaphragm obtained when drag struts are provided between points B and F, thus utilizing the full 100-ft. length of the diaphragm (parallel to the lateral force) in resisting the total in-plane shear of 100 kips/2 or 50 kips. It is recommended that no roof or floor openings should be located adjacent to the drag struts or near the vertical plane that contains the drag struts, as this increases the shear in the diaphragm and the forces in the drag struts.

The common standard width for metal, roof, or floor decks is usually 36 in. center to center of the end flutes; they are usually available in lengths up to 40 ft. The common practice is for the deck to be fastened to the steel framing members using 5/8-in.-diameter puddle welds in the flutes. Sometimes, mechanical fasteners such as screws or power-actuated (i.e., power-driven) fasteners are also used. These fasteners may be more efficient in areas where the metal deck roofs may be subjected to high uplift loads such as in tornado-prone regions [33]. The sidelap connections or the attachment of adjacent deck panels to each other, and the attachment of deck panels to the diaphragm chords, are made using self-drilling screws, button punching, or welds with a spacing not exceeding 2 ft.-6 in. [9]. The number of puddle welds for each standard 36 in. width of deck can vary from a minimum of three (i.e., 36/3 pattern) to a maximum of nine (i.e., 36/9 pattern) (see Figure 14-12). Figure 14-12 is an example of a deck with a 36/5 fastener pattern. The diaphragm shear strength of a roof or floor deck is a function of the number of puddle welds used within a standard deck width and the type and spacing of sidelap connections. An excerpt from a typical diaphragm lateral in-plane shear strength table, from the Steel Deck Institute (SDI) Diaphragm Design Manual (SDI DDM03) [9], is shown in Table 14-2. When the required lateral shear strength of the deck cannot be achieved using puddle welds and sidelap connections, different and stronger connection materials may be used or a horizontal in-plane bracing system consisting of angle members in the plane of the roof or floor may be provided at the underside of the deck; or, alternatively, more lateral force resisting systems could be added to reduce the span of the diaphragm and hence reduce the applied diaphragm shear. If a diaphragm system is not capable of transferring lateral loads, as in the case of diaphragms with glass skylights or open floor areas in industrial structures, a horizontal in-plane bracing system in the plane of the roof or the floor diaphragm must be provided to transfer the lateral loads to the vertical lateral force resisting system as illustrated in Figure 14-13.


[image: image]

FIGURE 14-12Deck diaphragm weld layout detail




[image: image]

FIGURE 14-13Plan view – Horizontal brace systems




TABLE 14-2Nominal Shear Strength in Ib/ft. for Selected Diaphragm Assemblies (Roof Deck)

Strength factors: ϕ (EQ) = 0.55; Ω (EQ) = 3.00

ϕ (Wind) = 0.70; Ω (Wind) = 2.35

ϕ (Other) = 0.60; Ω (Other) = 2.65

[image: image]

Notes: Courtesy of Steel Deck Institute, Glenshaw, PA.
1. Diaphragm shear and stiffness values are based on the Steel Deck Institute (SDI) Diaphragm Design Manual, Third Edition (DDM03) [9].
2. Diaphragm shear and stiffness values are based on minimum 3 span condition.
3. An asterisk (*) denotes condition may be limited by shear buckling of the deck panel. See the complete diaphragm design tables in the SDI Diaphragm Design Manual, Third Edition (DDM03) [9].
4. Shear strength values shown shaded do not comply with minimum SDI sidelap connection requirements and shall not be used except with properly spaced sidelap connections.



The horizontal in-plane bracing should be oriented such that horizontal brace angle members have their legs turned downward, and tee shape or wide-flange members should have their webs oriented vertically. In these orientations, the horizontal brace members will be less prone to collecting and retaining dust, debris, or rainwater—thus reducing the likelihood of corrosion [26]. Deck fasteners should also be checked for combined in-plane shear and uplift loading; the in-plane shear is due to the deck acting as a diaphragm under lateral wind loads, and the uplift forces are due to wind loads acting perpendicular to the surface of the roof of the building. This combined in-plane shear plus tension would require the use of interaction equations that can be found in the SDI Roof Deck Design Manual.

EXAMPLE 14-2

Design of Horizontal Diaphragms

The roof framing for a five-story building with a 15-ft. floor-to-floor height is similar to that shown in Figure 14-6. The roof deck is 11/2-in. × 20-gauge metal deck and the floor deck consist of 21/2-in. concrete on 3-in. × 20-gauge galvanized composite metal deck. The building is subjected to a uniform design wind load of 40 psf in the East–West direction. Determine the required size and spacing of the puddle weld and sidelap connection, the chord forces along grid lines 1 and 5, and the drag strut forces along lines A and D at the roof level. Assume a standard 36-in. deck width.

Solution

The horizontal diaphragm is modeled as a simply supported horizontal beam where the supports are the vertical LFRS at both ends of the diaphragm.

For the East–West wind, the diaphragm spans between the X-brace frames along grid lines A and D in Figure 14–6. Therefore,

[image: image]

[image: image]

The SDI deck diaphragm design load tables in Table 14-2 [9] will be used to determine the diaphragm shear strength for the roof deck that will be compared to the applied factored unit shear.

Factored uniform horizontal load on the roof diaphragm[image: image]

[image: image]

Maximum factored shear in the roof diaphragm, [image: image]

[image: image]

Maximum factored moment in the roof diaphragm, [image: image]

[image: image]

Applied factored unit shear in the roof diaphragm,

[image: image]

[image: image]

[image: image]

Determine the diaphragm unit shear strength from the deck diaphragm load tables (see Table 14-2):

Thickness of deck (20 gauge) = 0.0358 in.

Span of deck (between adjacent steel beams or joists) = 7.5 ft.

Assume four 5/8-in.-diameter puddle welds on a 36-in. deck section (i.e., 36/4 fastener pattern; this is the minimum weld configuration presented in the SDI Diaphragm Design Manual for the 36-in. standard deck width). Assume #10 TEK screws sidelap connection spaced at no more than 30 in. on center (o.c.) (7.5 ft./2.5 ft. = 3 spaces), which implies two sidelap connections within the span (i.e., 3 spaces minus 1 = 2).

From Table 14-2 [9], the nominal diaphragm shear strength is [image: image]

The design diaphragm shear strength for a 20-gauge deck with a span of 7.5 ft. is
[image: image]

Chord Forces:

[image: image]

[image: image]

The chord member for this roof framing would typically be a continuous deck closure angle.

Assuming a continuous L3 × 3 × 1/4 (ASTM A36 steel), the tensile capacity of the angle is
[image: image]

EXAMPLE 14-3

Drag Strut Forces

The building in Figures 14-14a through 14-14f is subjected to a factored 100-kips lateral force at the roof level in the North–South direction. For each X-brace configuration and layout, calculate the drag strut forces in the roof diaphragm, and determine which X-brace configuration results in the lowest drag strut forces.

Solution

The lateral shear force to be transferred from the diaphragm to the drag struts along the vertical brace lines is

[image: image]

Assuming the drag struts extend through the full length of the building and since there are no openings in the roof diaphragm adjacent to the drag struts, the uniform unit factored shear in the diaphragm

[image: image]

[image: image]


[image: image]

FIGURE 14-14aDrag strut detail for Example 14-3




[image: image]

FIGURE 14-14bDrag strut detail for Example 14-3




[image: image]

FIGURE 14-14cDrag strut detail for Example 14-3




[image: image]

FIGURE 14-14dDrag strut detail for Example 14-3




[image: image]

FIGURE 14-14eDrag strut detail for Example 14-3




[image: image]

FIGURE 14-14fDrag strut detail for Example 14-3



The reader should refer to Figures 14-14a to 14-14f for the drag strut forces. For the single X-brace frame, the configuration with a symmetrically located X-braced frame (i.e., X-braced frame located within bay CD) yields the smallest drag strut force. If the lateral load on the building is caused by wind, the drag strut force calculated in this example is substituted, as W, directly into the load combination equations in Section 2-3 to determine the design loads for the drag beams. However, if the lateral load is caused by earthquake, or seismic effects, a special seismic force must be calculated for the drag struts as discussed in Section 2-3 before substituting into the load combination equations to determine the design loads. The special seismic force is

[image: image]

where



	Ω0 =
	Overstrength factor from ASCE-7 Table 12.2-1 (ensures that this structural member – the drag strut in this case - remains elastic during a seismic event),



	QE =
	Drag strut force due to horizontal earthquake



	  =
	Drag strut forces calculated in Figures 14-14a through 14-14f,



	D =
	Dead load supported by the drag beams,



	SDS =
	Design spectral response acceleration at short period (see Section 2-3 and Chapter 3),



	Ω0QE =
	Horizontal component of the earthquake force on the drag strut, and



	0.2 SDSD =
	Vertical component of the earthquake force on the drag strut.




To illustrate the calculation of this special seismic force for the drag beam BC in Figures 14-14a and 14-14b, [image: image] assume that the building is located in SDC C, and can be classified as “Steel systems not specifically detailed for seismic resistance” (i.e., System H in ASCE-7, Table 12.2-1); therefore, the overstrength factor is Ω0 = 3.0.

The horizontal seismic forces in drag beam BC is Ω0 QE = (3.0)(±40 kips) = 120 kips (tension and compression). The vertical seismic force in drag beam BC = 0.2 SDSD = (0.2)(0.27)D = 0.054D. Therefore, the special seismic force in the drag beam, Em = (120 ± 0.054D) kips. To complete the design load calculations for the drag beams, this special seismic force is substituted, as the seismic force, E, into the load combination equations from Section 2-3.

Thus, the drag beam-to-column connections will be subjected to combined vertical shear and axial tension or compression loads. The design of simple connections for vertical shear and axial loads was covered in Chapters 9 and 10. There are several possible connection details that could be used to transfer the drag strut axial force and the gravity loads, but the most economical method is to use a simple shear connection. In Figures 14-15a and 14-15b, the connection will be subjected to vertical and horizontal loads. For the single plate connection (Figure 14-15a), the bolts will be subjected to shear only and the weld to the column will be subjected to both shear and tension. In Figure 14-15b, the weld to the supported beam (or drag strut) will be subjected to shear and tension and the bolts connecting the double angles to the column will also be subjected to both shear and tension. The double angles will be subjected as well to prying action (see Chapter 9). An alternative detail would be to provide a shear connection to resist only the gravity loads and then provide an additional member to transfer the drag strut force from the beam to the column (see Figure 14-15c), without introducing any unnecessary moment restraint at the beam-to-column connections.


[image: image]

FIGURE 14-15Drag strut-to-column connection





14-5TRANSFER OF LATERAL LOADS IN ROOFS WITH OPEN WEB STEEL JOISTS


It is important that the diaphragm shear be adequately transferred from the roof or floor diaphragm to the lateral force resisting system; as previously discussed, the drag struts or collectors help make this transfer of lateral shear forces possible. Where the roof or floor diaphragm is attached directly to the infill beams and girders, the transfer of the lateral shear is direct, since the perimeter beams and girders act as the chords and drag struts, and the tops of these beams and girders are at the same elevation as the underside of the deck. However, one structural framing configuration in which proper lateral shear transfer is commonly overlooked in practice is shown in Figure 14-16.

In this figure, the joists are framed in a direction perpendicular to the beam or girder framing; and without a drag strut or collector element located between the joist seats and welded to the top flange of the roof beams along the vertical brace lines, the web of the joist seats will be subjected to roll-over or racking about its weak axis when the lateral force in the roof diaphragm (i.e., the roof deck) is acting in a direction perpendicular to the roof joists. The racking or roll-over capacity of the joist shoe can be enhanced by welding stiffeners to both sides of the joist shoes at the joist bearing locations. Testing has indicated that a standard 21/2 in. joist seat has a nominal roll-over strength of more than 8000 lb. Using an appropriate factor of safety yields a safe working load of 1920 lb. at each joist seat, as shown in Figure 14-16c. For joist girders with 71/2 in. seats, the safe working roll-over load is 4000 lb. [10].


[image: image]

FIGURE 14-16Drag strut shear transfer element



An alternate method for transferring the lateral force from the deck diaphragm to the drag struts and chords, while preventing roll-over or racking of the steel joist shoes, is to provide a drag strut shear transfer element (or a shear collector) as shown in Figures 14-16a and 14-16b. The shear transfer element could be a channel stub beam or preferably, an HSS stub beam located between the joist shoes and welded to the drag strut or chord member. The size and spacing of the puddle weld connection between the steel roof deck and the drag strut shear transfer element is dependent on the applied lateral shear transferred from the deck diaphragm to the shear transfer element.



14-6GIRTS AND WIND COLUMNS


For exterior wall systems in steel buildings, the maximum vertical span of the exterior metal wall cladding is usually limited, and for large floor-to-floor heights, girts or horizontal bending members may be required to reduce the vertical span of the cladding (see Figure 14-17a, b, c). The girts, which are usually C-shaped rolled sections or light-gauge C- or Z-shaped sections, or HSS members (see Figure 14-17 c), span between the building columns and the wind columns, and are usually oriented with the channel toes pointing downward to prevent moisture or debris from accumulating on the channel girt. The channels support their self-weight through bending about their weak axis, and for this reason, hanger or sag rods are typically used in these situations to limit the vertical deflection of the channel girt. The sag rods also provide lateral bracing for the girts as they bend about their strong axis in resisting wind pressures acting perpendicular to the face of the exterior wall cladding (see Figure 14-17a).


[image: image]

FIGURE 14-17a-bSag rod and wind column details




[image: image]

FIGURE 14-17cHSS girts and wind columns (photo by Abi Aghayere)



Wind columns are vertical structural members that resist lateral wind loads, but they may or may not support any axial compression loads from the roof or floor framing. They span vertically from floor to floor and resist bending from the wind load applied perpendicular to the face of the exterior cladding, in addition to any gravity loads to which they may or may not be subjected. Wind columns are used when the exterior wall cladding system is unable to span vertically from floor to floor because of the large story height (see Figures 14-17a through 14-17c); therefore, horizontal girts - which span between the wind columns and the building columns - must be used. When the wind columns are not gravity-load-supporting elements, the connection details of the wind columns to the underside of the beams or girders at the top of the wind column must allow for a vertical deflection gap to enable the floor or roof framing above to deflect without imposing any gravity load on the wind column. The deflection gap is achieved by using a vertically slotted connection as shown in Figure 14-17b. Note that the wind columns are laterally braced by the girts.

Figure 14-17c shows HSS girts in a steel building under construction; HSS girts at two levels are used because of the large floor to floor height (between the ground and the second floor) and the large distance between columns (i.e., the span of the girts).



14-7RELIEF OR SHELF ANGLES FOR SUPPORTING BRICK VENEER


In multistory buildings, horizontal angles supported by the floor framing are normally used to support the brick cladding and to provide horizontal expansion joints for the brick veneer at each floor level [11]. However, for buildings with three stories or less, and with the height of the brick cladding from the top of the foundation wall to the top of the brick cladding not exceeding 30 ft., the brick cladding can span the full 30-ft. height without any relief angle. In this case, the entire height of the brick wall will be supported at the ground-floor level on a concrete foundation wall; however, adequate provisions should be made in the lateral tie system to account for the differential vertical movement between the brick veneer and the building frame. Typical relief or shelf angle details used in multistory buildings are shown in Figure 14-18 [27].


[image: image]

FIGURE 14-18Relief angle details





14-8ACHIEVING ADEQUATE DRAINAGE IN STEEL-FRAMED ROOFS


Most steel buildings have relatively flat roofs. These types of roofs may be highly susceptible to ponding—the tendency for flat roofs to be subjected to increased loads due to additional accumulation of rain or melted snow in the deflected areas of a flat roof. To avoid drainage problems, the roof slope in steel-framed roofs is achieved in one of two ways:

1.Maintain an essentially flat structural roof framing and use tapered insulation that is placed underneath the roofing membrane and on top of the metal roof deck to achieve the roof slope. A commonly used rule of thumb to ensure adequate drainage is to use a minimum roof slope of 1/4-in. per 1 ft. [50], and this could result in large insulation thicknesses, especially at the high points on the roof. Note that a roof slope of ¼ in. per ft. may not always ensure proper drainage because the deflection of the sloped beams will result in an average roof slope of less than 1/4-in. per 1 ft. between the midspan of the deflected beam and its lower end, creating a “bowl” effect. This effect, which is particularly more pronounced for roof beams that are flexible (i.e., long span beams), can prevent proper drainage or even result in negative drainage. One way to mitigate this effect is to specify a minimum “average roof slope” of 1/4-in. per ft. [50].


[image: image]

FIGURE 14-19Typical roof framing plan with top of steel elevations for proper drainage



2.The more frequently used method for achieving proper roof drainage is to slope the structural roof framing with the high and low points (i.e., drain location) located near the columns. A typical roof framing plan layout showing the top of steel elevations (TOS) with allowance for proper drainage (i.e., minimum slope of 1/4-in. rise per 1-ft. horizontal length) is shown in Figure 14-19. As previously discussed, the steel elevations specified to achieve proper drainage should take into account the maximum deflection of the roof beams [50].

In Figure 14-19, the tops of steel elevations at columns B-2 and C-2 (i.e., the low points) to accommodate a minimum slope of 1/4-in. rise per 1 ft. horizontal length are the larger of 83/4 in. (i.e., 35 ft. × 1/4 in./ft.) and 71/2 in. (i.e., 30 ft. × 1/4 in./ft.); therefore, we will assume that the top of steel elevation at the low points (i.e., drain locations) is −83/4 in. relative to the top of steel elevation at the high points of the roof. The roof drains will be located near columns B-2 and C-2. The roof framing around the roof drain opening usually consists of steel angles spanning between the roof joists or roof beams.

If the infill members in the roof framing in Figure 14-19 were open-web steel joists instead of steel beams, the top of steel elevations for the girders along grid lines 1, 2, and 3 will be lowered further by an amount equal to the depth of the joist seat. Typical joist seat depths are 21/2 in. and 5 in., depending on the span of the steel joist. The joist seat depth that is appropriate for a given span is usually tabulated in joist manufacturers’ catalogs. For example, if a joist with a seat depth of 21/2 in. were used, the top of steel elevation for the girders along grid lines 1 and 3 would be −21/2 in.



14-9PONDING IN STEEL-FRAMED ROOF SYSTEMS


Ponding occurs when rainwater accumulates on a roof due to progressive deflection of the roof framing. In general, many roofs are constructed to be flat, but they could have some initial deflection due to the dead weight of the roofing and structure. When rainwater accumulates on a roof (see Chapter 2 for rain load calculations), the roof framing will deflect under the weight of the rainwater; this deflected shape of the roof beams and girders will result in more room for the rainwater to accumulate, thus creating a situation in which instability and eventual collapse of the roof framing could occur due to “unbonded incremental deflections” [20].

Section 1611 of the International Building Code [12] (IBC) requires that, irrespective of roof slopes, roofs should be investigated for adequate stiffness to ensure that instability does not occur. Unless the roof surface is laid out such that accumulation of rainwater cannot occur, ponding analysis of the roof framing must be carried out. (see also AISCM Commentary Section B3.10) [20]. The IBC also requires that roofs have a primary and secondary drainage system to accommodate the possibility that the primary drainage system may become blocked. The height of the rainwater used for design is the distance from the roof to the inlet elevation of the secondary drainage system. Careful attention to the detailing of the roof drains will allow rainwater to properly drain from the roof and mitigate the effects of ponding. This detailing, however, is usually the responsibility of the project architect.

The AISC Specification provides two methods for determining whether a roof framing has adequate stiffness to resist ponding: a simplified method and an improved method.

The simplified method states that when the following criteria are met, the roof structure is considered adequate regarding ponding stability:

[image: image]   (14-19)

[image: image]   (14-20)

where

[image: image]   (14-21)

[image: image]   (14-22)



	Lp =
	Primary member length between columns (length of the girders), ft.,



	Ls =
	Secondary member length between columns (length of the members perpendicular to the girders), ft.,



	S =
	Spacing of the secondary members, ft.,



	Ip =
	Moment of inertia of the primary members, in.4 (reduce by 15% for trusses),



	Is =
	Moment of inertia of the secondary members, in.4 (reduce by 15% for trusses), and



	Id =
	Moment of inertia of the steel deck supported by the secondary members, in.4/ft.




The primary members are usually the beams or joists, which support uniformly distributed loads, while the primary members are the girders which support the reactions from the beams or joists [20]. When steel trusses and joists are used, the moment of inertia shall be decreased by 15%. When the steel deck is supported by primary members only, then the deck shall be considered the secondary member. For a more in-depth analysis (i.e., the improved method for ponding analysis), the reader should refer to Appendix 2 of the AISC Specification [20].

EXAMPLE 14-4

Design for Ponding in Roof Framing

Determine whether the framing in Figure 14-20 below is stable for ponding.


[image: image]

FIGURE 14-20Detail for Example 14-4



Solution

From Figure 14-20,

[image: image]

 [image: image]

  [image: image]

[image: image]

[image: image]

[image: image]

[image: image]

[image: image]

[image: image]

[image: image]

[image: image]

The roof framing has adequate stability regarding ponding.



14-10STABILITY BRACING FOR BEAMS, COLUMNS, AND BEAM–COLUMNS


Individual beams, columns, and beam–columns require bracing for stability at their support points, and at the points along the member where lateral stability is required for the limit state of buckling. We will consider bracing requirements for individual beams, columns, and beam–columns in this section.

When beams are supported by direct bearing on their bottom flange, their top flange needs to be restrained against rotation. The AISC Specification, Section J10-7 requires that a full-depth stiffener plate be added when no other restraint is provided (see Figure 14-21a). This is often the case when a steel beam is bearing on a concrete wall. When the bearing occurs at a steel column, for example, a stabilizing angle could be added at the top of the beam (see Figure 14-21b).


[image: image]

FIGURE 14-21Stiffener plate for end bearing



In roof framing with open-web steel joists, the two basic framing conditions at the columns that are commonly used are: girders framing into the columns, and girders framing over the top of the columns. When the girders and beams frame into the column in both orthogonal directions, the column is adequately stabilized, and no further detailing needs to be considered. The steel joists, however, will require a stabilizer plate at the bottom chord to meet OSHA regulations. This plate must be at least 6 in. × 6 in., and it should extend at least 3 in. below the bottom chord of the joist and have a [image: image]-in. hole for attaching guy wires (see Figure 14-22a).


[image: image]

FIGURE 14-22Column bracing with steel joists



When the girder frames over the column, the top of the column needs lateral support perpendicular to the longitudinal axis of the girder to prevent lateral instability. This can be accomplished by either adding a diagonal brace or by extending the bottom chords of the joists to brace the column (see Figure 14-22b); such joists are known as “tie joists.”

When individual beams, columns, or beam–columns require lateral bracing to prevent the limit state of buckling, the strength and stiffness of the brace must conform to the minimum values given in Appendix 6 of the AISC Specifications. When bracing is provided, the axial force in the bracing is assumed to act perpendicular to the member being braced. When bracing is oriented diagonally, the axial force must be adjusted in accordance with the geometry of the bracing. Additionally, the strength and stiffness of the bracing end connections should also be considered. Stability bracing should always be located between the compression flange and the neutral or centroidal axis of the beam or column (see discussion on lateral torsional buckling in Chapter 6).

The two types of bracing systems used to stabilize individual columns, beam-columns, and beams recognized in the AISC Specifications are: Panel and Point bracings (see Figures 14-23 and 14-24). These were previously referred to as Relative and Nodal bracings in earlier editions of the AISC Specifications. Panel bracing consists of diagonals and struts that are connected to more than one brace point on the braced member (e.g., the diagonal braces for the columns and beams in Figures 14-23a and 14-24a). For a Panel brace, the lateral displacements at adjacent brace points on the braced member are related and interdependent on each other. Thus, the displacement at one panel brace point affects the displacement at other brace points on the member. A Point brace – which are axially loaded members - connects the braced member to a rigid or immovable support or abutment, and the displacement at one Point brace location is independent of the displacement at any other Point brace locations on the member (see Figures 14-23b and 14-24b). Point braces can also be identified as follows: if the second floor Point brace for the columns in Figure 14-24b were removed, there would be lateral displacement of the columns at the second floor level, whereas no lateral displacement would occur in the columns at the third floor and roof level Point brace. Thus, we see that the lateral displacements at the Point brace locations are independent of one another. Where there is any doubt as to how to classify the bracing system for a column, beam–column, or beam, the use of a Point brace solution will result in a conservative and safe design [30].

The force and stiffness required to brace a beam, column, or beam–column can be derived from statics. Consider the column in Figure 14-25 with an initial out of plumbness, Δo, at the top of the column which is braced by a spring with stiffness [image: image] at the top. If the column is assumed to deflect laterally to point B, a distance [image: image] at the top, under the axial load P, we can determine the required brace force by summing moments about the bottom support of the column at A:


[image: image]

FIGURE 14-23Beam bracing




[image: image]

FIGURE 14-24Column bracing




[image: image]

FIGURE 14-25Column bracing - strength and stiffness requirements



[image: image]

The maximum allowable out of plumbness in the AISC Specification is L/500 [20]. If we assume that [image: image] = L/500 and also that the column deflects laterally a further distance [image: image] = L/500 just before it buckles, we can calculate the required brace force and stiffness as follows:

[image: image]

Where,



	P =
	the applied axial compression force in the braced member.



	Note:
	For W-shapes in bending, the compression force for which bracing would be provided will be Mu/ho, where Mu is the maximum factored moment in the braced member, and ho is the distance between the centroids of the top and bottom flanges of the W-shape.



	[image: image]=
	Initial out of plumbness of the column (i.e., the column in its undeflected state),



	[image: image]=
	The maximum lateral deflection of the top of the column = the compression of the lateral brace spring,



	[image: image]=
	Stiffness of the lateral brace,



	[image: image]=
	Design strength of the lateral brace.




The following equations (LRFD only) for the minimum design strength and stiffness of lateral bracing of individual beams, columns, and beam-columns from Appendix 6 of the AISC Specifications were derived using a similar approach to the preceding equations. For column or beam-column bracing, the lateral bracing is assumed to be located at the shear center of the column. Beams shall be laterally braced to prevent twist or rotation about their longitudinal axis at the brace points. Recall the Panel bracing typically consists of diagonals and struts, while Point bracing are axially loaded members.

Columns—Panel Bracing

Required shear strength of panel bracing system:

[image: image]   (14-23)

Required shear stiffness of panel bracing system:

[image: image]   (14-24)

Columns—Point Bracing

Required axial strength of point bracing system:

[image: image]   (14-25)

Required axial stiffness of point bracing system:

[image: image]   (14-26)

Beams—Panel Bracing

Required shear strength of panel bracing system:

[image: image]   (14-27)

Required shear stiffness of panel bracing system:

[image: image]   (14-28)

Beams—Point Bracing

Required axial strength of point bracing system:

[image: image]   (14-29)

Required axial stiffness of point bracing system:

[image: image]   (14-30)

Beam-Columns—Panel Bracing

Required shear strength of panel bracing system:

[image: image]   (14-31)

Required shear stiffness of panel bracing system:

[image: image]   (14-32)

Beam–Columns—Point Bracing

Required axial strength of point bracing system:

[image: image]   (14-33)

Required axial stiffness of point bracing system:

[image: image]   (14-34)

where



	Pu =
	Factored axial load on the braced member,



	Mu =
	Factored bending moment in the braced member within the panel under consideration,



	Lb =
	Unbraced length of the beam, column, or beam-column (i.e., distance between lateral braces),



	Cd =
	1.0 for single curvature bending



	 =
	2.0 for double-curvature bending,



	ho =
	Distance between flange centroids, and



	ϕ =
	0.75.




EXAMPLE 14-5

Lateral Bracing for a Column

A 32-ft.-long W8 × 31 column requires a lateral brace for weak axis bending at the mid-height. Determine whether an L3 × 3 × 1/4 point brace provides adequate lateral bracing if the factored axial load in the column is Pu = 200 kips. The L3 × 3 × 1/4 brace is ASTM A36 steel and has a length of 6 ft. from the column web to an isolated support.

Solution

The unbraced length of the column, [image: image] = 32 ft./2 = 16 ft. (midspan brace)

From equation (14-25), the required strength of the point brace is

[image: image]

From AISCM Table 4-11, the design strength of the L3 × 3 × 1/4 at an unbraced length of 6 ft. is [image: image] = 20.9 kips > 2 kips, OK.

From equation (14-26), the required stiffness of the point brace is

[image: image]

From AISCM Table 1-7, the gross cross-sectional area for an L3 × 3 × 1/4 is,

[image: image]

Length of brace, L = 6 ft. = 72 in.

The stiffness of the brace is

[image: image]

The L3 × 3 × 1/4 lateral point bracing provides adequate strength and stiffness.

EXAMPLE 14-6

Lateral Bracing for a Beam

A 32-ft.-long W18 × 50 beam requires a lateral brace at midspan of a simple span. Determine whether an L3 × 3 × 1/4 point brace provides adequate lateral bracing if the factored bending moment in the beam is Mu = 240 ft.-kips. The L3 × 3 × 1/4 brace is ASTM A36 steel and has a length of 8 ft. from the compression flange of the beam to an isolated support.

Solution

Unbraced length of the beam, Lb = 32 ft./2 = 16 ft. (midspan brace)

Length of the L3 × 3 × 1/4 brace, L = 8 ft. = 96 in.

From AISCM Table 1-1,

[image: image] for a W18 × 50

From equation (14-29), the required strength of the point brace is

[image: image]

From AISCM Table 4-11, the design strength of the L3 × 3 × 1/4 at an unbraced length of 8 ft. is [image: image] = 12.0 kips > 2.76 kips, OK.

From equation (14-30), the required stiffness of the point brace is

[image: image]

where Lb = 32 ft./2 = 16 ft. (midspan brace) and Cd = 1.0 (simple span, therefore single curvature bending in the beam).

From AISCM Table 1-7, the gross cross-sectional area for an L3 × 3 × 1/4 is,

[image: image]

The stiffness of the point brace is

[image: image]

The L3 × 3 × 1/4 lateral point bracing provides adequate strength and stiffness.



14-11STEEL PREPARATIONS, FINISHES, AND FIREPROOFING


The preparation and finishing of structural steel is generally beyond the scope of responsibilities of the structural engineer; however, it is important for any designer to have a basic understanding of steel coatings because they often impact the detailing and selection of steel members. This section will provide a general overview of steel coatings and fireproofing but given the wide variety of paint and fireproofing products available, it is recommended that the designer review the required steel preparation and coating options for any given project.

We will first consider the preparation of steel for the application of coatings. The Society for Protective Coatings identifies several preparation methods based on the final coating to be applied [13]. When a coating system is selected, the required surface preparation is usually dictated by the manufacturer of the coating. Table 14-3 summarizes the various surface preparations that can be specified for structural steel sections.

A more detailed description of each method is given in Ref. [13], but most are self-explanatory. When structural steel is intended to be left uncoated, the AISC Code of Standard Practice states that SSPC-SP 1 (Solvent Cleaning) is required. Solvent cleaning uses a commercial cleaner to remove visible grease and soil. When shop painting is required, the minimum surface preparation is SSPC-SP 2 (Hand Tool Cleaning). Hand tool cleaning removes loose mill scale, rust, and other deleterious matter using nonpowered hand tools. The other surface preparations indicated are more labor intensive and should be specified in accordance with the coating manufacturer’s recommendations.

The use of coatings is a function of several factors, such as aesthetics and the intended use of the structure. For most structural steel applications, the use of a shop coat of paint is sufficient in that the shop coat provides moderate resistance to environmental conditions during the construction process when the steel is directly exposed to the weather. Once the steel is in place, adequate protection for weather is usually assured for covered structures. It should be noted that structural steel can be left uncoated for this typical condition, and it is recommended that the steel be left uncoated when spray-applied fireproofing is specified because the presence of a primer often reduces the adhesion quality of the fireproofing. When the term “shop coat” is used to describe a coating, it is assumed that the paint has a minimum dry film thickness of 1 mil, which is 1/1000th of an in.

TABLE 14-3 Description of Various Steel Surface Preparations [13]


SSPC-SP 1: Solvent Cleaning

SSPC-SP 2: Hand Tool Cleaning

SSPC-SP 3: Power Tool Cleaning

SSPC-SP 5: White Metal Blast Cleaning

SSPC-SP 6: Commercial Blast Cleaning

SSPC-SP 7: Brush-Off Blast Cleaning

SSPC-SP 8: Pickling

SSPC-SP 10: Near-White Blast Cleaning

SSPC-SP 11: Power Tool Cleaning to Bare Metal

SSPC-SP 12: Surface Preparation and Cleaning of Metals by Water jetting Prior to Recoating



When structural steel is intended for use in an exterior environment, or in a corrosive environment such as an indoor swimming pool, corrosion protection must be provided; the coating system should be carefully selected and should be applied in consultation with the coating manufacturer. The coating system for these types of service conditions usually consists of a more extensive surface preparation (often SSPC-SP 6, Commercial Blast Cleaning) in conjunction with an epoxy primer and a finish coat. In addition to the preparation and painting of the structural steel members, there are often field welds at the connections that also need a proper coating system. The surface preparation for field welds is typically SSPC-SP 11, Power Tool Cleaning to Bare Metal, and the coating system would match the system for the other members. The variety of coating products available requires that the coating system for any project be examined on a case-by-case basis to determine the best system for a given exposure condition.

In lieu of the coating systems mentioned above for exterior exposed or corrosive environments, the process of hot-dip galvanizing could be specified. Hot-dip galvanizing is the process of coating structural steel with a layer of zinc by dipping it into a tank of molten zinc. The zinc layer will react with oxygen to create zinc oxide while in service; therefore, the layer will decrease in thickness over time. The minimum thickness of this zinc layer is given in ASTM A123; it varies, depending on the thickness of the steel section, from 1.4 mils to 3.9 mils. These minimum values of zinc layer thickness have proven to provide a service life that varies from 20 years to 50 years, depending on the zinc thickness and the exposure conditions.

When hot-dip galvanizing is specified with bolted connections, the fabricator may prefer to use larger bolt holes to accommodate the added layers of zinc. The standard hole size is 1/16 in. or 62.5 mils larger than the bolt, but the addition of zinc layers on the bolts and at least two connected parts (clip angles or shear tabs) could reduce the ease of installing the bolts given that the hole diameter is 62.5 mils larger than the bolt in each connected part and that a hole size reduction of as much as 3.9 mils could be present in each connected part. For field welds, cold galvanizing repair paint in accordance with ASTM A780 is used to repair previously galvanized areas affected by welding.

AISC Specification Appendix 4 presents the provisions for structural design of steel members for fire. Structural steel loses strength at high temperatures (e.g., in a fire), so steel members often are required to be protected from fire depending on the occupancy category of the building and the member type. Steel can be left exposed in some buildings, but in cases where the aesthetics require an exposed steel member, as well as adequate protection from fire, a product called intumescent paint could be applied. During a fire event, intumescent paint will expand up to 50 times its original thickness, creating a foam-like layer of insulation that will help reduce the rate of heat transfer, and therefore the loss of strength, in the structural steel. Intumescent paint is usually applied in several layers, varying from [image: image]in. to [image: image] in., depending on the product and the required fire rating for the member. Another method used for meeting the fire protection requirements for a building with exposed steel is the use of a sprinkler system. The use and applicability of this system would be coordinated between the architect and the plumbing engineer. Hollow Structural Steel (HSS) columns filled with reinforced concrete are also used to provide fire resistance in structures with exposed structural steel. These reinforced concrete-filled columns resist fire by gradually transferring the load from the structural steel to the fire-resistant reinforced concrete. Ventilation or weep holes at the bottom of the HSS or steel pipe allow for the release of steam as the concrete is heated under fire. These reinforced concrete-filled steel members, which are used in architecturally exposed structural steel (AESS), can be painted and they provide an aesthetic expression of the structure. Some proprietary fire resisting systems are also available [28].

One of the more common methods for protecting steel from fire is to use spray-applied fire-resistant materials (SFRM). SFRM can be either fibrous or cementitious, both of which have noncombustible properties. The use of a primer prior to the application of SFRM is not recommended because the primer could reduce the adhesion quality of the SFRM.

Another common method used for protecting steel members from fire is to encapsulate or enclose the steel member with gypsum wallboard (GWB). This type of protection can be specified regardless of the coating used on the structural steel. The steel could also be encased in concrete or masonry, which was a common method of fire projection in the past but is not as economical today compared to the other fire protection methods.

The selection of a fire protection system is often the responsibility of someone other than the structural engineer and it rarely has a major impact on the final design of the main structural system. For more information and details on fire-rated assemblies, the reader should refer to Ref. [14], [15], and [28].



14-12CORROSION PROTECTION OF STRUCTURAL STEEL


Corrosion protection is not necessary or required for steel members that are enclosed within a building and are not exposed to the elements or to a corrosive environment. However, exposed structural steel (e.g., steel used in a parking garage), or structural steel in an interior corrosive environment (e.g., steel framing over a swimming pool area or in a chemical plant), must be protected from corrosion, and extra care should be taken to protect structural steel connections—bolted and welded—from corrosion because structural failure due to corrosion of connections can occur suddenly and without warning. The gusset plates in connections should be oriented in such a way that they do not become traps for dirt, water and debris that could lead to corrosion. Therefore, the use of vertical gusset plates is preferred - because it sheds water and debris, compared to flat horizontal gusset plates which can collect and retain dirt and debris that can lead to corrosion [37]. The corrosion of the steel H-piles supporting the piers of the Leo Frigo Bridge on Interstate 43 in Green Bay, Wisconsin caused them to buckle and led to a major sag of up to 2.5 ft. in the bridge in September 2013 [29]. A building failure that led to the loss of two lives in Elliot Lake, Ontario, Canada was apparently caused by the corrosion of the steel beam-to-column connections that occurred from long-term leakage of road salt and water into these welded connections from the car park on top of the steel-framed roof structure [32].

Corrosion protection should also be provided to prevent galvanic corrosion when dissimilar metals are connected and in contact with one another in a humid environment (e.g., steel in contact with aluminum; structural steel in contact with stainless steel; or galvanized steel in contact with aluminum) [40]. One solution for preventing galvanic corrosion is by inserting a nonconductive material such as a neoprene pad (or Mylar or Teflon) to separate or insulate the two dissimilar metal material surfaces from each other.

Protection of exposed steel members from corrosion usually involves the use of zinc-rich primers or galvanizing on the steel surfaces. These coatings and the required minimum thickness are typically prescribed by the structural engineer of record in the material specifications or in the general notes on the structural drawings. To remediate the effects of corrosion in existing structures, the structure and the connections should be inspected, and temporary shoring may need to be provided to support the loads on the structure before a permanent fix is designed and constructed. The permanent fix for a corroded member or structure may involve replacing the corroded member or reinforcing the corroded member in-situ. Irrespective of the approach, this remedial work should be done after appropriately shoring the structure and relieving the load on the corroded member by jacking up the structure, and then installing a new replacement member or reinforcing the existing member in place. The replacement member and reinforcement should have appropriate corrosion protection such as a zinc-rich primer, coal tar epoxy, or galvanizing.


[image: image]

FIGURE 14-26aCanopy collapse due to exterior HSS column corrosion (Courtesy of Darren A. Brooks, P.E.)




[image: image]

FIGURE 14-26bCorroded steel beam (Courtesy of Jason Vigil, P.E., S.E.)




[image: image]

FIGURE 14-26cCorroded steel column base (Courtesy of Jason Vigil, P.E., S.E.)




[image: image]

FIGURE 14-26dCorroded steel column base (Courtesy of Jason Vigil, P.E., S.E.)




[image: image]

FIGURE 14-26eCorroded HSS column base (Courtesy of Jason Vigil, P.E., S.E.)




[image: image]

FIGURE 14-26fCorroded steel beams and floor deck (Courtesy of Jason Vigil, P.E., S.E.)




[image: image]

FIGURE 14-26gCorroded steel beams and floor deck (Courtesy of Jason Vigil, P.E., S.E.)




[image: image]

FIGURE 14-26hCorroded steel column in exterior wall (Courtesy of Jason Vigil, P.E., S.E.)




[image: image]

FIGURE 14-26iCorroded exterior steel column (Courtesy of Jason Vigil, P.E., S.E.)




[image: image]

FIGURE 14-26jCorroded exterior steel framing (Courtesy of Jason Vigil, P.E., S.E.)



The pictures in Figures 14-26a through 14-26j are examples of corroded steel structures. When investigating structures that have deteriorated, it is important to bring any concerns to the attention of the building owner, building official, or other interested parties if the safe functioning of the structure is in question. Note that the Existing Building Code of New York State, Section 202 [31] classifies a Dangerous Condition as one in which either: (a) the stress in any member or portion thereof due to all factored dead and live loads is more than one and one-third (i.e., 133%) the nominal strength, or (b) any portion of the structure is likely to fail or collapse. It may be necessary in some cases that the structure be shut down from regular use until proper repairs have been made.

Once corrosion has occurred, the possible solutions required to bring the structure back to a state of proper functioning usually consists of some combination of the following:


	For steel with minimal section loss such that the remaining section is adequate to support the structure, the steel should be cleaned and painted with an appropriate coating to prevent further corrosion. The process of cleaning the steel usually involves sandblasting and/or use of a wire brush. The coating could be a coal tar epoxy or a zinc-rich paint product. In most of the cases shown in Figures 14-26a through 14-26j, proper coatings were not provided, but rather a standard primer was used. A standard primer will initially look adequate during the construction phase, but it is not sufficient for the long-term protection of the steel in a corrosive environment.

	The steel can be removed and replaced in-kind by field welding. This process usually involves shoring the structure to allow the complete removal and replacement of the corroded steel sections. Once the corroded steel is removed, the new steel should be coated as described earlier. For steel columns, elevating the base above the ground level is recommended, where possible, since moisture has a natural tendency to always be present at column bases in an exposed environment.

	The steel could be cleaned and reinforced to replace steel sections that have been lost to corrosion. This process would likely require minimal or no shoring but will involve field welding. Once the steel reinforcement is in place, the new and existing steel should be coated as described earlier.



While corrosion can often be considered a normal maintenance item, there are several design solutions that can help minimize and even prevent the type of corrosion seen in Figures 14-26a through 14-26j. For each picture in Figures 14-26a through 14-26j, a description of the problem and possible measures that could have been taken during the design phase to help prevent these types of corrosion problems are presented in the table below:

[image: image]

[image: image]



14-13INTRODUCTION TO STRENGTHENING AND RETROFITTING OF EXISTING STEEL STRUCTURES


Additions and renovations to existing buildings are common during the life of a structure. These modifications are often made to accommodate the changing use or occupancy category of a building. For example, a building addition in which the new building is taller than an adjacent existing building would create a condition in which snow can accumulate on the lower roof of the existing building. The original roof of the existing lower building would not likely have been designed for this additional snow load and would have to be investigated for structural adequacy. Another common change in the use of a roof structure occurs due to the addition or replacement of new equipment that is supported by the roof framing. This would also require an investigation into the existing roof framing for structural adequacy. Occupancy changes to floor structures are common as well, such as the addition of a high-density file storage system to a portion of a floor. In any occupancy change, both strength and serviceability must be checked, and in some cases, serviceability can be the primary concern (e.g., when a structure must support deflection-sensitive elements or if the structure is intended to support dynamic loads from equipment or human occupants).

Chapter 34 of the IBC [12] provides direction for repairs, additions, and occupancy changes to existing structures. In general, modifications to existing structures must comply with the design requirements for new construction, and any modification should not cause any part of the existing structure to be in violation of the requirements for new construction. Unaffected portions of the existing structure are not required to comply with the current code requirements unless an existing member is found to be structurally inadequate, in which case it must be modified or replaced to conform to the current code. Another key provision is that modifications to an existing structure shall not increase the stress to an existing member by more than 5% unless the member can adequately support the increased stress, and the strength of any existing member shall not be decreased by more than what is required for new construction. An existing structure does not have to be investigated for seismic loads if the addition to the structure is seismically independent of the existing structure. If this is not the case, then the existing vertical lateral force resisting systems (LFRS) must conform to the requirements for new structures unless the following conditions are met:


	The addition must conform to the requirements for new construction;

	The addition does not increase the stress in any member in the vertical LFRS by more than 10% unless the member is adequate to support the additional stress; and

	The addition shall not decrease the strength of any member in the vertical LFRS by more than 10% unless the member is adequate to support the additional stress.



Once a new occupancy or proposed structural modification is defined, an investigation of the existing structural condition is required. If the existing construction drawings are available, the investigation is simpler; however, drawings for older structures are often not available and a more extensive field investigation is required. For any structural modification, a field investigation is usually necessary to help assess practical issues, such as the constructability of an addition or alteration. There are often physical barriers to structural modifications, such as mechanical equipment, lights, ducts, and other similar elements.

Once a structure is examined for adequacy, the nature of the required reinforcement can be selected. For floor or roof systems that require a relatively large increase in load-carrying capacity, the addition of new intermediate beams between existing beams may be required as shown in Figure 14-27. This scheme also decreases the span of the deck system and therefore increases the load-carrying capacity of the slab system, which may be desirable in some cases. Note that the constructability of this scheme must be carefully considered. There will likely be lights, ducts, and other physical obstructions that might make the placing of new beams difficult or even impossible. Additionally, it may not be possible to install the new beams in one piece; a beam splice may be needed (see Figure 11-20).

The girders in Figure 14-27 would probably require reinforcement to support the new design loads. Figure 14-28 shows several possible beam reinforcement details to increase the flexural strength of a beam section. In each case, the intent is to increase the section properties by adding more steel near the flanges or by increasing the depth of the section. Noncomposite beams usually need reinforcement at both flanges; however, it is not usually possible to add reinforcement at the top flange of a beam or girder in an existing roof or floor system due to the presence of the existing steel deck. Composite beams usually only require reinforcement at the bottom flange since additional compression stresses can often be resisted by the concrete slab. The position of the field weld should be considered when selecting a reinforcement detail. Note that in the details in Figures 14-28a, 14-28c, and 14-28d, the reinforcing steel is wider than the flange of the existing beam, which allows for the desirable downward field weld. To avoid overhead welding, the use of a wider steel section as reinforcement in these cases would likely be preferred regardless of the increase in material cost.


[image: image]

FIGURE 14-27Additional framing to increase load capacity




[image: image]

FIGURE 14-28Flexural reinforcement of beams



Noncomposite and partially composite floor beams can also be reinforced to increase their degree of composite action, and therefore their load-carrying capacity, as shown in Figure 14-29. To accomplish this for noncomposite beams and girders, round holes are core-drilled into the slab at intervals along the length of the beam to allow for the placement of shear studs. The size of each hole must be such that the code-required clearances are provided around the shear stud (see Chapter 7). A shear stud is then placed in each hole, and the holes are filled with shrinkage-compensating cementitious (SCC) grout. It is possible to increase the degree of composite action of an existing partially composite beam by adding new shear studs, but it is difficult to accomplish in this case because the location of the existing shear studs may not be easily ascertained.


[image: image]

FIGURE 14-29Reinforcement of a non-composite beam



Open-web steel joists can also be reinforced to increase their load-carrying capacity. The investigation of these members is usually more difficult because the individual web and chord shapes can usually only be determined by field investigation. Furthermore, the geometry of the truss members likely has joint eccentricities that must be accounted for in the analysis.

Figure 14-30 shows common joist reinforcement methods. In Figure 14-30a, round bars are added near the top and bottom chords to increase the flexural strength and stiffness of the overall open-web steel joist. The web members may also require reinforcement to support additional loads. In Figure 14-30b, new web members are added adjacent to existing web members to increase the axial load capacity of the existing web member. Figure 14-30b also shows the reinforcement of a joist when a concentrated load is applied away from a panel point. When loads are applied away from panel points, the joist chords will be subjected to bending but the section properties and therefore the flexural strength of the chords are such that they cannot support any significant concentrated loads (200 lb. is a common upper limit on the concentrated loads that can be supported away from a panel point). In Figure 14-30b, a new web member is added from the location of the concentrated load to the nearest panel point at the top chord of the joist to ensure that the concentrated load is resisted by direct tension in a web member rather than by bending of the joist chord member.

When beam or girder members are reinforced to support additional loads, it is also important to consider the strength of their connections to the supporting members and the strength of any other elements along the load path. Two possible shear reinforcement details are shown in Figures 14-31a and 14-31b. In these details, welds are added to existing bolted connections, which is a common method of reinforcing existing connections. The AISC Specification J1.8 provides guidance on the design of connections that combine both welds and bolts in the same shear plane. Unless the bolts are pretensioned, the connection strength should only be based on the larger of either the longitudinal weld length alone or the bolt shear strength alone. Ref. [16] also provides some background on the use of combined bolt and weld details. One important parameter for combined welded and bolted connection is the use of welds that are oriented longitudinally with respect to the load direction. Test results have shown that when bolts are loaded in combination with transverse welds, the contribution of bolt shear strength is negligible, but when bolts are loaded in combination with longitudinal welds (i.e., welds that are parallel to the load direction), the contribution of bolt shear is about 75% of the ultimate strength of the bolts [16, 20].


[image: image]

FIGURE 14-30Flexural reinforcement of steel joists



In lieu of adding additional steel components to an existing connection, it may be possible to completely remove and replace the existing connection, or some selected components of the existing connection, such as the replacement of A325 bolts with A490 bolts. An existing welded connection could also be reinforced by the placement of additional weld length or by increasing the weld size.

The end connections of open-web steel joists can be reinforced by the addition of vertical stiffeners at the bearing points as shown in Figure 14-31c.


[image: image]

FIGURE 14-31Reinforcement of connections



The load-carrying capacity of columns can be increased by the addition of steel sections, similar to the reinforcement for beams. Figure 14-32 shows several possible column reinforcement details. The addition of steel sections to an existing column will increase the column design strength because of the additional area of steel and because the location of the steel sections could increase the radius of gyration, thus decreasing the column slenderness ratio, leading to an increase in the design compressive strength. When existing steel columns are reinforced by welding additional steel members to the column, the heat generated from the welding process can lead to a reduction in the load carrying capacity of the existing column, which may necessitate shoring of the floor or roof framing supported by the column while the remedial work is in progress. The effect of the welding process on the column capacity can be accounted for by using a reduced cross-section that considers the heated parts of the column as inactive in resisting loads. Some ways to mitigate the effect of the heat from the welding process include using low heat welding processes, using multiple pass welds and allowing time for the welds to cool between passes, and using intermittent fillet welds instead of continuous welds [42].

One common issue with older steel structures is the weldability of the existing material. Steel replaced wrought iron as a building material after about 1900, but the chemical and mechanical properties were not initially standardized, thus some of the steel grades were weldable, while others were not. One could quickly determine the weldability of an unknown steel section by looking for existing welds on the member, which would indicate that the steel was weldable. From about 1910 to 1960, most steel used in buildings was ASTM A7 or A9, which is a medium carbon steel and is generally weldable; however, it has a relatively wide range of acceptable carbon content and should therefore be tested prior to welding (see Ref. [17] for the test method). After about 1960, ASTM A36 and A572 were primarily used in building construction, and these steel grades are weldable.


[image: image]

FIGURE 14-32Column reinforcement details



Another important consideration in the reinforcement of existing members is the use of shoring to relieve existing stresses. When existing members are shored, the strength of the reinforced section is maximized, but it may not be possible in some cases to use shoring. Columns are usually not shored prior to reinforcement because it has been shown that the addition of shoring does not significantly increase the load-carrying capacity of a reinforced section [18].

The design of the shoring and reinforcement for existing composite beams must consider several factors. If the existing structure was constructed with shoring prior to the placement of the concrete slab, then shoring can be used to reinforce the existing member since the dead and live loads on the member were applied after the concrete hardened. If the existing structure was not constructed without shoring prior to the placement of the concrete slab, then it is not recommended to use shoring while adding the reinforcement. When reinforcement is required for an unshored floor system, then any unnecessary dead and live loads should be removed from the floor area while the reinforcement is being installed.



14-14ELASTIC SHORTENING OF COLUMNS IN TALL STEEL BUILDINGS


The axial deformation of steel columns in tall buildings can result in differential vertical deformation between the exterior steel columns and the interior concrete core walls because the core walls usually have a lower axial stress and are used predominantly to resist lateral wind and seismic loads. Therefore, the axial deformation of the interior concrete walls will be much smaller than the axial deformation in the exterior steel columns. In fact, if all the vertical elements in a building (i.e., the columns and the core walls) had the same axial deformation, then the axial deformation would cause little or no problem; it is the differential axial deformation of the exterior steel columns relative to the interior concrete core walls that causes problems. This becomes even more acute with the use of high strength steels (e.g., ASTM A913 Grade 65) for columns in tall buildings with large bay sizes (e.g., 40 ft × 50 ft bay size) to resist higher axial loads using standard rolled column sections – a more economical option than using built-up column sections [35]. The use of higher strength steels results in higher axial stress demand in the perimeter steel columns and thus higher column axial shortening which results in higher differential axial shortening. Similarly, the taller the building, the greater the effects of axial shortening as is evident from the equation for linear elastic shortening of columns, PL/AE, where L is the length of the column. Note that linear elastic behavior is assumed in the steel columns under service loads. However, for concrete columns or walls, inelastic behavior due to the stress levels and the effect of creep and shrinkage complicates the calculation of their vertical shortening. Differential vertical shortening in tall structures could induce unintended stresses in the beam and girder members and their connections, which could also result in the misfit of the exterior cladding. Differential axial shortening could also lead to a leaning building as the exterior columns shorten more than the interior concrete core walls, creating serviceability problems such as uneven or sloping floors [36]. To mitigate the effects of elastic shortening of columns in tall buildings, the lengths of the exterior steel columns in tall buildings could be fabricated longer than the theoretical floor to floor height. That is, the exterior columns are over-built at every floor level by the expected amount of axial shortening per floor. In one 18-story office building, the lengths of the perimeter steel columns were increased by 1/16 inch per floor [34], and in a 450-ft tall structural steel office building with 31 stories, the lengths of the perimeter steel columns needed to be increased by 1/8 inch per floor, resulting in an increase in column length of 1 in. for every eight floors, because of the higher column axial stress and to mitigate the effect of differential axial shortening [35]. Note that the actual elastic shortening of a vertical steel member in building structures has been found to vary between 70% to 100% of the predicted elastic shortening because the simple elastic models do not account for all the elements in the structure; thus the structure may be stiffer than indicated by the model [36].

EXAMPLE 14-7

Elastic Axial Shortening in Steel Columns

Calculate the elastic axial shortening in an exterior steel column of a 30-story high-rise building if the axial stress in the column due to service dead load and superimposed dead load is 10 ksi. Assume the average story height is 15 ft.

Solution:

The elastic axial shortening in a column from mechanics of materials is calculated as

[image: image]

Where,

 P = axial load on the column

 A = cross-sectional area of the column

  [image: image]= axial stress in the column = P/A

 L = length of the column = 15 ft. (average height of story)

 E = modulus of elasticity of the column

Therefore, [image: image]

This implies an average shortening in the column of 0.062 inch per floor or 1/16 inch per floor. Therefore, to mitigate the effect of the elastic shortening, the exterior columns can be overbuilt by 1/16 inch per floor. Thus, the fabricator will fabricate the columns 1/16 inch longer at every floor.



14-15STRUCTURAL INTEGRITY REQUIREMENTS


The structural integrity provisions from AISCM Section B3.9 are minimum connection design requirements that pertain to column splices; beam and girder end connections; and the bracing connections for columns. The goal is to prevent connection failure and disproportionate or progressive collapse when a structure is subjected to abnormal or unanticipated loads that cause tension forces at these connections [20]. These provisions ensure a continuous load path and improved ductility under extreme load events. The forces needed to ensure structural integrity are applied only to the connections and not to the structural members, so the structural integrity provisions are connection design requirements only and they should be considered separately and distinct from all other load cases. The unanticipated tension forces may be caused by blast loading or the failure of a portion of the structure that may result in overload on other parts of the structure, or from cooling of a structure after a fire. These structural integrity provisions should only be considered when required by the applicable local building code, or if they are requested by the owner of the building who desires better or improved structural performance under abnormal or unanticipated loads.


	Column splices: The nominal tensile strength of column splices should be greater than or equal to PD + PL, where PD is the service dead load and PL is the service live load on the column based on the tributary area of the column between the splice under consideration and the splice or base immediately below. (If as is usually the case, there is a splice every two floors, then the tributary area will be the tributary area for two floors supported by the column).

	Beam and girder end connections:
LRFD: Nominal axial tension strength [image: image],

where, [image: image] = required vertical shear strength or factored vertical shear at the beam or girder connection.

ASD: Nominal axial tension strength [image: image].


	End connections of lateral braces for columns:
LRFD: Nominal axial tension strength [image: image],

ASD: Nominal axial tension strength [image: image],




where,

Pu is the factored load, and

PD+L is the unfactored load, on the column at the level where it is laterally braced.

Note that the above structural integrity requirements must be evaluated independently of all other strength requirements. That is, these requirements are additional to and separate from other strength requirements [20].



14-16STRUCTURAL DRAWING NOTES, AND SAMPLE ROOF/FLOOR PLANS AND DETAILS


In this section, some typical plans and details, and sample general notes that are included on structural drawings are presented; in addition to the plans and details, the general notes are used to convey information to the contractor regarding the materials and other specifications for the structural members. Figure 14-33 shows sample general notes pertaining to structural steel, steel deck, and open-web steel joist members. These general notes, which are usually presented on the first structural drawing together with the typical details, provide an additional opportunity for the engineer of record (EOR) to specify additional information such as the following:


	The code used in the design of the structure.

	The required material properties.

	The coating for the structural steel.

	The requirements for the design of the steel connections.

	The design requirements and the loads for steel joist and steel connections that will be designed by the contractor.

	The delegated designs to be carried out by the contractor, such as the simple shear connections, the open-web steel joists, the diagonal bracing connections, and sometimes the moment connections.



To aid the reader in completing the student design projects presented in the next section, some sample roof and floor framing plans together with a set of plan notes, and lateral bracing elevations and moment connection details are provided in Figures 14-34 through 14-37. The plan notes are used by the EOR to specify requirements that may be specific to a floor or roof such as the top of steel elevation, the slab or deck specification, loading for the open-web steel joists, and so on. The roof and floor plans illustrate how structural information obtained from the structural design are presented in a form that the contractor can use to erect the structure. The reader is reminded that while quality engineering calculations are necessary, the design contained within those calculations needs to be properly conveyed to the contractor in the form of drawings and notes as well as the project specifications. It is imperative that the structural drawings and structural notes together with the material specifications convey to the contractor and steel fabricator all the information necessary to build the structure - in a way that allows for efficiency in the construction process and the safe functioning of the structure. The drawings also need to have ample dimensions and details to avoid delays and confusion during construction. When certain designs are delegated to the contractor, such as the steel connections, it is also important that the drawings and notes provide the design loading and other design information - such as beam and girder end reactions, dimensional constraints and material properties - to avoid delays during construction due to the time it takes to generate and process the request for information (RFI’s) from the contractor.

The drawings, plan notes, lateral bracing elevations, and moment connection details shown in Figures 14-33 through 14-37 are provided to expose the reader to the basic types of information needed on structural drawings for typical structural steel design projects in engineering practice.
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FIGURE 14-33Sample drawing notes





14-17STUDENT DESIGN PROJECTS


In this section, two structural steel design projects that can be assigned as part of a typical structural steel design course are presented (see Figures 14-38 through 14-41). The tasks needed to complete this project are intended to coincide with the work done on the end-of-the chapter exercises throughout the text. Several analysis and design options are presented. The intent is that by the time the student has worked through all the chapters of the text and the corresponding design project tasks related to each chapter, they would have completed the design of an entire steel structure, thus reinforcing the connection between the design of the individual structural steel components and the design of an entire structural system.

Student Design Project Exercise
Option 1

1.Office Building: A steel-framed, two-story office building with plan dimensions of 72 ft. by 108 ft. The floor-to-floor height is 15 ft. (see Figures 14-38 and 14-39).

•Building is in Buffalo, New York or an alternate location selected by the instructor.

•Main structural members are of structural steel.

•The AISC LRFD Specification (or ASD depending on the instructor’s preference) and the ASCE 7 load standard should be used.

•The floors can be designed as either noncomposite or composite construction, with concrete slab on a metal deck supported on steel infill beams and girders.
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FIGURE 14-34Sample roof framing plan
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FIGURE 14-35Sample floor framing plan
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FIGURE 14-36Braced frame elevations



•Roofing is 5-ply plus gravel supported on a metal deck on noncomposite steel framing.

•Roof framing can be steel beams or open web steel joists.

•Assume that the perimeter cladding is supported on the foundation wall at the ground floor level and bypasses the floor and the roof.

•Refer to building section for dead load components.

•Assume a 1-ft. edge distance at each floor level around the perimeter of the building.

•Assume a 1-ft. high parapet at the roof.

•Assume that the stair and elevator shafts are located outside of the 72-ft. by 108-ft. footprint on the east and west side of the building, and they will be designed by others.

•Use Grade 50 steel for all wide flange beams and columns and use Grade 36 steel for all plates and angles and other connection elements.

•The final submission should include all calculations and drawings with framing plans and details.


[image: image]

FIGURE 14-37Moment connection schedule



2.Drawings: These may be any appropriate size. Plans should be drawn to a scale of [image: image]"=1'-0" and details should mainly be drawn to a scale of [image: image]" = 1'-0". Drawings should include the following:
Roof Plan that shows framing members and roof deck pattern. Indicate camber and end reactions.
Floor Plan that shows framing members and floor deck structure. Indicate number of studs, camber, and end reactions.
Foundation Plan that shows column sizes or marks. Sketch an approximate footing size by using a net allowable soil bearing pressure of 3000 psf.
Elevations that show the X-braces or moment frames and connection configurations.
Column Schedule showing column sizes and reference elevations.
Connection Details that show the following:

•Typical beam and girder connections to other beams and columns

•Typical slab section showing the metal deck profile and reinforcing

•Typical slab section showing the reinforcing over the girders, if required by design


[image: image]

FIGURE 14-38Grid layout for the student design project – option 1
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FIGURE 14-39Building section for the student design project – option 1



•For open web steel joists, details at joists bearing on girders and seated connections at columns

•X-braced connections or moment frame connections

•Base plate and anchor rod details

3.Loads:Calculate the dead load of the floor and roof, and the live loads on the floor and roof.
Calculate the snow load using ASCE 7.
Follow the ASCE load standard to calculate the wind loads and seismic loads.
Use the maps in ASCE 7 to determine the basic wind speed, ground snow load, and seismic data for the selected building location.
Assume an exposure category of C for wind and use an importance factor of 1.0 for snow loads.
Beam deflection criteria: Use a limit of L/360 for live loads and L/240 for total loads.
Lateral deflection: Assume a lateral deflection limit of H/400 or h/400 under the unfactored 10-year MRI wind loads, where H is the total height of the building, and h is the story height. See Figure CC.2-1 in Appendix CC of the Commentary Volume of Ref. [25] for the 10-year MRI 3-second gust wind speed map.

4.Checklist of Design Items:
Gravity and Lateral Loads: Provide a load summation table for the floor and roof loads (gravity), and the wind and seismic loads (lateral). Provide a column load summation table.
Roof Framing Members: Use wide flange beams or open web steel joists. Select open-web steel joists from a manufacturer’s catalog. Provide manufacturer’s load data to confirm the joist selection. Design the roof girders as wide-flange sections.
Floor Framing: Use wide-flange beams that will be designed as composite or noncomposite.
Columns: Design for maximum loads using the appropriate load combinations. Design columns for axial load and moments due to girder/beam connection eccentricities. Design the column base plates and anchor rods assuming a concrete strength (fc′) of 3000 psi and a 1-in. grout thickness.
Floor and Roof Deck: Determine the exact gauge and material weight from a deck manufacturer’s catalog. Provide manufacturers load data to confirm the deck selection. Use normal-weight concrete and a concrete strength of fc′ = 3000 psi.

Lateral Force Resisting System
Vertical LFRS Option 1:

X-braces: Analyze the X-brace frames manually or using a structural analysis software program. Design the diagonal brace connections and check all connection failure modes.

Vertical LFRS Option 2:

Moment frames: Assume that moment frames are used along grid lines 1 and 4 in lieu of the X-braces; reanalyze the frame and design the moment frames. Design the beam and girder connections and check all connection failure modes.

Design Project Tasks - Structural Steel Building (Option 1):

The following end-of-chapter tasks related to the design project (Option 1) are intended to help provide direction to the student in completing the design project since it serves as a checklist of the tasks that need to be completed after completing each chapter in the text.

P21-1.Load calculations:

a.Estimate the floor and roof dead loads and provide a summation table showing each item.

b.Determine the basic floor and roof live loads using ASCE 7.

c.Calculate the flat roof snow load using ASCE 7.

P2-2.Lay out framing options for the floor and roof showing the beam and girder locations and beam spacing. Show beam spacing to be 3, 4, and 5 equal spaces with the beams spanning the 36'-0" direction. Select one of these beam spacing schemes for both the floor and the roof to be used in the deck selection.

P2-3.Floor deck:

a.Composite deck option: Select an appropriate deck and slab thickness using the deck span determined in the previous exercise.

b.Noncomposite deck option: Select an appropriate deck and slab thickness using the deck span determined in the previous exercise.

c.Revise dead loads from P2-1 as necessary based on actual slab and deck selection.

P2-4.Roof deck: Select an appropriate deck using the deck span determined in the previous exercise.

P3-1.Wind loads:

a.Calculate the wind loads in each direction of the building for the main wind force resisting system (MWFRS); Ignore the Components and Cladding.

b.Determine the wind force at each level in each direction and provide a sketch showing these loads.

P3-2.Seismic loads:

a.Calculate the seismic base shear in each direction of the building. It is recommended that a value of R = 3.0 be used in both directions to simplify the connection details for the lateral force resisting system. An alternate value of “R” can be used if appropriate.

b.Determine the seismic lateral force at each level in each direction and provide a sketch showing these loads.

c.Determine the diaphragm seismic lateral force at each level

P4-1.X-bracing option:

a.Determine the controlling brace forces (wind or seismic) in each level and in each braced frame.

b.Double angle option: Design tension-only braces using double angles and assume a single line of 3⁄4-in.-diameter bolts at the ends. Check the limit states for tension on gross and net areas, and block shear. Use ASTM A36 steel.

c.Tension rod option: Design tension-only braces using tension rods. Check all limit states for tension rods. Use ASTM A36 steel.

d.Provide a final sketch of the designs in (b) or (c) showing all dimensions and material properties.

P5-1.Preliminary column selection: Neglecting the beam-to-column and girder-to-column connection eccentricities (and, therefore, neglecting the moments caused by those eccentricities), calculate the cumulative factored axial loads on the typical interior, exterior, and corner columns for each level of the building. Determine the required column size for each level of the building, assuming an effective length factor, K, of 1.0.

P6-1.Floor beams, noncomposite option:

a.Design the interior floor beams and girders as noncomposite.

b.Design the spandrel floor beams and girders as noncomposite.

c.Provide a sketch of the floor framing plan showing member sizes and end reactions.

P6-2.Roof framing:

a.Beam option: Design the interior beams using wide-flange steel

b.Joist option: Design the interior members using open-web steel joists

c.Design the interior girders using wide-flange steel

d.Design all spandrel members using wide-flange steel.

e.Provide a sketch of the roof framing plan showing member sizes and end reactions.

P7-1.Floor beams, composite option:

a.Design the interior floor beams and girders as composite.

b.Design the interior floor beams and girders as composite.

c.Design reinforcing over the girders. Provide a sketch of this design.

d.Provide a sketch of the floor framing plan showing member sizes, stud layout, and end reactions.

P8-1.Column design:

a.Determine the factored axial loads and the no-translation moments (at each level of the building for the typical interior, exterior, and corner columns. Sketch each condition showing column marks and loads.

b.Using the column design template, select the most economical W-shape columns. Assume the columns are the full height of the building (i.e., the same size for the lower and upper levels).

c.Provide final designs in a column schedule.

P9-1.Shear connections: Select the following connections from the appropriate AISCM table; check block shear and bolt bearing as required.

a.Beam-to-girder connections at the second floor and roof using single-plate shear connections

b.Beam-to-girder connections at the second floor and roof using all-bolted, double-angle shear connections

c.Beam-to-column and girder-to-column connections at the second floor and roof using all-bolted, double-angle shear connections

d.Provide a sketch of each design showing all appropriate dimensions and material properties. Show copes where needed.

P10-1.Seat angle, joist option: Design a welded seat angle connection for the typical roof joist and joist girders, using the detail shown in Figure 10-23 as a guide. Provide a sketch of this design.

P10-2.X-brace option: For the double-angle X-bracing, connections to be welded. Check the appropriate limit states for block shear on the gusset plates. Provide a sketch of this design.

P11-2.Moment frame option:

a.Perform a lateral load analysis of the building assuming that the X-braced frames are replaced by partially restrained moment frames with a seismic response modification coefficient, R = 3.0. Provide a summary of each controlling end moment.

b.Design bolted moment connections to the column assuming a single top and bottom plate for each critical moment. Check the appropriate limit states for the beam and moment plates.

c.Check the column for concentrated loads on the flange and web. Design stiffeners as required.

d.Provide a sketch of each connection detail.

P11-2.For the shear connections previously designed, determine which of the connections require a coped connection and determine whether the beam is adequate for the appropriate limit states for coped beams. Revise the connection detail, if needed.

P11-3.For the vertical X-brace option in the design project exercise, design the gusset plate connections between the diagonal brace, the ground floor column, and the second-floor beam. Assume a 1⁄2-in. setback between the gusset plate and the face of the column. Provide a final sketch of this design.

P12-1.Floor vibrations:

a.Analyze the floor structure for walking vibrations in an office assuming a damping ratio, ß = 0.03.

b.Redesign option: If the floor structure is not adequate, provide a new design that is adequate.

c.In lieu of a redesign, provide a discussion of how the structure could be improved to be adequate for floor vibrations. Include an assessment of how the structure would perform as is.

P13-1.Assuming it is desired to create a column-free atrium area at the ground floor by terminating columns B-3 and C-3 at the second floor. Design a transfer plate girder spanning between column A-3 and column D-3 to support the second floor and the loads from columns B-3 and C-3. Neglect diagonal tension field action.

P14-1.Cost estimate:

a.Determine the building square footage at each level.
Roof:_______________
Second floor:______________
Total_______________

b.Contact local steel fabricators and ask for estimates on the current material cost of steel and the installed cost for steel.

c.Develop a table similar to Table 14-4 indicating the total weight of steel and estimated cost.

d.Determine the cost per square foot for each level.


TABLE 14-4 Total Weight of Steel and Estimated Cost

[image: image]



Student Design Project Exercise
Option 2

In lieu of the building design project presented in the previous section, a steel framed pedestrian bridge design project is introduced here. The project requirements are as follows:

1.Pedestrian Bridge: A steel-framed bridge with plan dimensions of 80 ft. long and 6 ft. clear width inside the railings (see Figures 14-40, 14-41a and 14-41b).

•The structure is in Buffalo, New York or an alternate location selected by the instructor.

•Main structural members are of structural steel.

•Use the AASHTO LRFD Guide Specification for the Design of Pedestrian Bridges for loading and for provisions related to the stability of the top chords [48]

•The AISC LRFD Specification and the ASCE 7 load standard should be used for all other loading and design information not covered in Ref [48]


[image: image]

FIGURE 14-40Pedestrian bridge truss




[image: image]

FIGURE 14-41aPedestrian bridge truss sections
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FIGURE 14-41bPedestrian bridge section at truss support



•The floors can be designed as either noncomposite slab on deck or steel bar grating

•Railings are designed for handrail loading

•Use Grade 50 steel for all wide flange beams and columns and use Grade 36 steel for all plates and angles and other connection elements. HSS is ASTM A500.

•The final submission should include all calculations and drawings with framing plans and details.

2.Drawings: May be any appropriate size. Plans should be drawn to a scale of [image: image]"=1'-0" and details should mainly be drawn to a scale of [image: image]" = 1'-0". Drawings should include the following:
Floor and roof Plan that shows framing members and floor deck structure. Indicate end reactions. For the floor plan, show the slab or bar grating design
Elevations that show framing members with axial forces for the trusses along the sides, top and bottom of the pedestrian bridge.
Elevation view of the railings
Elevations with loads for the sides, top, and bottom trusses shown as a line diagram with axial loads in each member
Foundation Plan that shows bearing plates and end reactions. Sketch an approximate footing size by using a net allowable bearing pressure of 2000 psf.
Connection Details that show the following:

•Typical floor beams

•Truss member end connections

•Typical slab section (for concrete slab scheme)

•Typical bar grating section

•Railings components

•Bearing plate and anchor rod details

3.Loads:
Calculate the dead load of the floor and structure.
Live loads are 100 psf or an H-5 or H-10 single maintenance truck live load per AASHTO Code if the clear bridge width is greater than or equal to 7 ft.
Winds loads are 50 psf on the projected area.
Calculate the snow load using ASCE 7.
Use an importance factor of 1.0 and assume an exposure category of C for wind and snow loads.
Ignore seismic loading
Beam deflection criteria: Use a limit of L/480 for live loads and L/360 for total loads. Use L/600 for lateral wind load.

4.Checklist of Design Items:
Gravity and Lateral Loads: Provide a load summation table for the floor and roof loads (gravity), and the wind loads (lateral).
Floor Framing: Use Channels or wide flange sections or double angles for the floor beams
Truss framing: Use HSS members for the chords; use double angles or HSS members for the webs
Floor Deck:
Slab on deck option: Determine the exact gauge and material weight from a deck manufacturer’s catalog. Provide manufacturers load data to confirm the deck selection. Use normal-weight concrete and a concrete strength of f′c = 3000 psi.
Bar grating option: Select from a manufacturer’s catalog and verify the selection with calculations
Railings: design for code required loading for handrails. Post spacing should be close to 48 inches.

Lateral Force Resisting System

Design for wind loads only on the vertical projected area of the pedestrian bridge; assume all lateral load is transferred to the bottom horizontal truss below the bridge floor.

Design Project Tasks – Structural Steel Pedestrian Bridge (Option 2):

The following end-of-chapter tasks related to the design project (Option 2) are intended to help provide direction to the student in completing the design project since it serves as a checklist of the tasks that need to be completed after completing each chapter in the text.

P2-1.Load calculations:

a.Estimate the floor and roof dead loads and provide a summation table showing each item.

b.Determine the pedestrian bridge floor live loading from ASCE 7 and AASHTO (see Ref. [48]).

c.Calculate the snow load using ASCE 7 on the deck surface

P2-2.Floor deck:

a.Noncomposite deck option: Select an appropriate deck and slab thickness using the deck span determined in the previous Exercise.

b.Bar grating option: select an appropriate grating size for the uniform and concentrated loads

c.Revise dead loads from P2-1 as necessary based on actual slab and deck selection.

P2-3.Lay out framing options for the floor showing the beam locations and beam spacing.

P2-4.Lay out the side trusses and top and bottom trusses showing the actual dimensions to the member centerlines that will be used in the structural analysis.

P3-1.Wind loads:

a.Calculate the wind loads in each direction of the bridge

b.Determine the wind force along the truss bottom chord and provide a sketch showing these loads.

P4-1.Bottom chord truss

a.Analyze the truss bottom chord for the lateral wind load

b.Double angle option: Design web members in tension using double angles and assume a single line of two or three 3/4-in.-diameter bolts at the ends. Check the limit states for tension on gross and net areas, and block shear. Use ASTM A36 steel.

c.HSS option: Design web members in tension assuming 3/8" gusset plates. Check the limit states for tension on gross and net areas, and block shear. Use ASTM A36 steel.

d.Provide a final sketch of the design showing all dimensions and material properties.

P4-2.Gravity Trusses

a.the side trusses for gravity loads

b.Double angle option: Design web members in tension using double angles and assume a single line of two or three 3/4-in.-diameter bolts at the ends. Check the limit states for tension on gross and net areas, and block shear. Use ASTM A36 steel.

c.HSS option: Design web members in tension assuming 3/8" gusset plates. Check the limit states for tension on gross and net areas, and block shear. Use ASTM A36 steel.

d.Provide a final sketch of the design showing all dimensions and material properties.

P5-1.Bottom chord truss

a.Double angle option: Using the previous analysis, design web members in compression using double angles and assume a single line of two or three 3/4-in.-diameter bolts at the ends. Check the limit states for tension on gross and net areas, and block shear. Use ASTM A36 steel.

b.HSS option: Design web members in tension assuming 3/8" gusset plates. Check the limit states for tension on gross and net areas, and block shear. Use ASTM A36 steel.

c.Provide a final sketch of the design showing all dimensions and material properties.

P5-2.Gravity Trusses

a.Double angle option: Using the previous analysis, design web members in compression using double angles and assume a single line of two or three 3/4-in.-diameter bolts at the ends. Check the limit states for tension on gross and net areas, and block shear. Use ASTM A36 steel.

b.HSS option: Design web members in compression assuming 3/8" gusset plates. Check the limit states for tension on gross and net areas, and block shear. Use ASTM A36 steel.

c.Provide a final sketch of the design showing all dimensions and material properties.

P6-1.Floor beams, noncomposite deck option:

a.Design the interior floor beams as noncomposite.

b.Revise the analysis model for any changes to the loading or configuration.

c.Provide a sketch of the floor framing plan showing member sizes and end reactions.

P6-2.Floor beams, bar grating option:

a.Design the interior floor beams.

b.Revise the analysis model for any changes to the loading or configuration.

c.Provide a sketch of the floor framing plan showing member sizes and end reactions.

P8-1.Truss chord member design:

a.Determine the factored axial loads and moments in the truss chords. Sketch each condition showing loads and locations.

b.Using the column design template, select the most economical HSS member for the compression chord.

c.Select the most economical HSS member for the tension chord.

d.Update the drawings for the final sizes and loads.

P9-1.Shear connections: Select the following connections from the appropriate AISCM table; check block shear and bolt bearing as required.

a.Beam-to-truss chord connections at the floor using single-plate shear connections

b.Beam-to-truss chord connections at the floor using all-bolted, double-angle shear connections

c.Provide a sketch of each design showing all appropriate dimensions and material properties. Show copes where needed.

P10-1.Truss connections – double angle option: design all welds for the gusset plates welded to the supports.

P10-2.Truss connections – HSS option: design all welds for the gusset plates welded to the supports and HSS members welded to the plates.

P10-3.Railings: design all connections of the railing-to-railing and railing to support connections.

P11-1.For the shear connections previously designed, determine which of the connections require a coped connection and determine whether the beam is adequate for the appropriate limit states for coped beams. Revise the connection detail, if needed.

P14-1.Cost estimate:

a.Contact local steel fabricators and ask for estimates on the current material cost of steel and the installed cost for steel.

b.Develop a table (see Table 14-5) indicating the total weight of steel and estimated cost.


TABLE 14-5 Total Weight of Steel and Estimated Cost
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1The number immediately after “P” (e.g., P2-) denotes the chapter number in the text from which the information needed to complete the listed tasks for the design project can be found.


APPENDIX

 

Plastic Analysis and Design of Continuous Beams and Girders


In Chapter 6, we covered the design of statically determinate (i.e., simply supported single span) beams and girders using the ASD and LRFD methods, and the load effects such as the moment and shear demands were calculated using elastic analysis. In this chapter, we cover the design of statically indeterminate or continuous beams and girders using the plastic design (PD) method that was first introduced in Chapter 2. Plastic design is an economical method for the design of statically indeterminate beams, girders, and frames, and it is covered in Appendix 1 of the AISC Specification [1]. In plastic design, the structure is assumed to undergo inelastic deformations under the factored loads from the formation of plastic hinges [2]. The only difference between the plastic design (PD) method and the LRFD method is in the analysis procedure that is used to determine the load effects. In fact, the LRFD load combinations introduced in Chapter 2 apply to both methods. In plastic design, the load effect (e.g., required plastic moment strength) is determined using plastic structural analysis, whereas the LRFD method uses elastic structural analysis to determine the required moment strength or factored moment, Mu (see Chapter 6). For both design methods, the moment capacity or design moment strength, ϕMn, of the member is determined in exactly the same way. In this text, the focus will be on the plastic design of continuous beams and girders. More extensive coverage of plastic design of statically indeterminate frames can be found in Reference [3].

The process of plastic hinge formation is as follows: when a steel member is subjected to a bending moment, M, the stress in the critical section increases from zero, as the load is increased, until the yield stress is reached at the extreme fibers at the critical section when the moment reaches My, the yield moment. As the load is further increased, the extreme fiber stress at this critical section can no longer increase beyond the yield stress, Fy, but the yielding spreads further into the section between the neutral axis and the extreme fibers (see Figure A-1). As the load or moment is increased further, the yielding at the critical section continues to spread until the whole section reaches the yield stress, Fy. At this stage, the critical section is in the plastic state and a plastic hinge forms. Beyond this stage, this section where plastification has occurred can no longer participate in resisting any increase in the applied load or moment, and any further increase in load now has to be resisted, through a process of redistribution of moments and stresses, to other sections that have not yet reached plastification, although there will be increased strain or rotations at the sections that have already achieved plastification.

This process of plastification is continued until a sufficient number of plastic hinges are formed at all the critical sections within the beam span to create a collapse mechanism. The principle of equilibrium or the principle of virtual work can then be used to determine the plastic moment strength or capacity of the structural member. It should be noted that in order for the plastic moment capacity to be reached, the ductility of the beam must be ensured, and lateral-torsional buckling must be prevented by adequately bracing the compression zone of the beam. If plastic design is used, the maximum permitted unbraced length for the compression flange of I-shaped members to avoid lateral torsional buckling is obtained from equation (A-1-5) in Section 1.2.3(2c) of Appendix 1 of the AISC specification as


[image: image]

FIGURE A-1Process of plastic hinge formation



[image: image]   (A-1)

where



	M1 =
	Smaller moment at the end of the unbraced length of the beam, in.-kips,



	M2 =
	Larger moment at the end of the unbraced length of the beam, kip-in. = Mu,p,



	ry =
	Radius of gyration about the weak axis,



	[image: image] =
	effective moment at end of unbraced length




When the moment anywhere within the unbraced length ≥ M2, use [image: image]

When [image: image]

When [image: image]

M1 and Mmid are positive (+) when they cause compression in the same flange as M2, and they are negative otherwise.

E = modulus of elasticity of steel = 29,000 ksi.

Additionally, the section has to be a compact shape (i.e., it must not be susceptible to local buckling). Table 6-2 (i.e., AISC Specification Table B4.1b (case 10 and case 15)) provides the limits required for compact I-shaped sections as follows: [image: image], where Fy is the yield stress of the steel in ksi.

Other requirements include the following:


	Fy should be less than or equal to 65 ksi, and

	the design axial strength in compression should be no greater than [image: image] (AISC Specification, Section 1.3.2d).



If the maximum permitted unbraced length in equation (A-1) cannot be satisfied, the load effects on the member must be obtained using elastic analysis and not plastic analysis. The principle of virtual work is used in this text for plastic analysis and involves the following steps:


	Based on the elastic moment distribution, determine where the plastic hinges (i.e., apart from the naturally occurring hinges at rollers or pinned supports) need to form within a span to create a mechanism in that span. Note that each beam span is considered separately and independently of the other spans.

	Assume a virtual vertical displacement at the plastic hinge within the span; also assume that rotations can only occur at the plastic hinges and at roller or pinned supports. Therefore, the member segments between the plastic hinges and roller or pinned supports deflect rigidly (i.e., linearly between the hinges).

	Determine the virtual rotations at the hinges resulting from the applied virtual displacement.

	At each formed hinge, excluding pinned or roller supports at the ends of a member, calculate the internal work done by the plastic moment, Mu,p.

	Determine the external work done by the applied loads acting through the applied virtual displacement. For a concentrated load, the external work done is the product of the factored concentrated load and the virtual vertical displacement at that load. For a uniform load, the external work done is the product of the factored uniform load and the area of the virtual displacement diagram within the extent of the uniform load.

	Sum up the external work done by all of the applied factored loads within the span.

	Sum up all of the internal work done by the plastic moment, Mu,p, at the formed hinges (i.e., excluding pinned or roller supports at the exterior end of the span).

	Using the principle of virtual work, equate the total internal work done to the total external work done, and solve for the required plastic moment strength, Mu,p, as a function of the applied factored loads. Mu,p is calculated for each span separately and independently of the other spans, and the largest value is the required plastic moment strength for the continuous beam or girder.

	Determine the required plastic section modulus, Zx, using the limit states design relationship that the required plastic moment strength, Mu,p, shall not be greater than the design strength, ϕMn; that is, Mu,p ≤ ϕMn = ϕZxFy.



The plastic analysis and design of continuous beams and girders will now be illustrated with several examples.

EXAMPLE A-1

Plastic Load Capacity for Statically Indeterminate Beams

Determine the plastic load capacity for the statically indeterminate beams shown in Figure A-2.


[image: image]

FIGURE A-2Statically indeterminate beams for Example A-1



Solution

a.For the beam in Figure A-2a, two plastic hinges are necessary to create a collapse mechanism (i.e., an unstable structure that will continue to undergo deflection without any increase in load). The plastic hinges will form at points A and B. Because point C is already a hinge, these hinges will result in a mechanism or an unstable structure.

From the elastic moment distribution shown in Figure A-3, the plastic hinge will first form at point A because point A has the higher elastic moment compared with point B. Figure A-4 shows the beam in its deflected shape with plastic hinges formed at points A and B. The member segments between the hinges are assumed to deflect rigidly.


[image: image]

FIGURE A-3Elastic moment distribution for figure A-2a



To determine whether there are sufficient hinges to form a mechanism or an unstable structure, the reader should recall from structural analysis that Figure A-4 is an unstable structure, and thus a mechanism. Assuming that point A rotates through an angle, θ, as shown, the rotation at point C, by geometry, will also be θ, and the rotation at point B will therefore be 2θ (i.e., θ + θ).


[image: image]

FIGURE A-4Virtual displacement of the beam in Figure A-2a due to plastic hinges



The total internal work done by the plastic moments at the plastic hinges is the sum of the product of the plastic moments and the corresponding rotations at the hinges. Thus, the total internal work done is Mu,p θ + Mu,p (2θ) = 3Mu,p θ.

The total external work done by the applied factored loads is S(Factored concentrated load × Vertical displacement of the mechanism at the load) = Pu (L/2)θ = PuLθ/2.

Using the principle of virtual work, the internal work done must be equal to the external work done; thus,

[image: image]

Therefore, the required plastic moment strength, Mu,p = PuL/6.

A steel section can be selected that will provide this required plastic moment.

b.For the beam in Figure A-2b, the plastic hinges will form at point A and at point B or C. Reviewing the applied loads, it is more likely that the plastic hinge will form at point B rather than at point C.


[image: image]

FIGURE A-5Virtual displacement of the beam in Figure A-2b due to plastic hinges



From Figure A-5, the total internal work done at the plastic hinges is Mu,p θ + Mu,p(1.5(θ) = 2.5 Mu,p θ.

The total external work done by the factored loads is Σ (Factored concentrated load × Vertical displacement of the mechanism at the load) = 3Pu(L/3)θ + 2Pu(L/6)θ = 1.33PuLθ.

Using the principle of virtual work, the internal work done must be equal to the external work done; thus,

[image: image]

Therefore, the required plastic moment capacity is Mu,p = 0.533PuL.

A section can be selected that will provide this required plastic moment.

c.For the beam in Figure A-2c, plastic hinges will form at point A and at point B or C, depending on the elastic moment distribution. Given the higher load applied at point C, it is more likely that a plastic hinge will form there first before forming at point B. From Figure A-6a, the total internal work done at the plastic hinges is Mu,pθ + Mu,p(3(θ) = 4Mu,pθ.


[image: image]

FIGURE A-6aVirtual displacement of the beam in Figure A-2c due to plastic hinges at points A and C



The total external work done by the factored loads is Σ (Factored concentrated load × Vertical displacement of the mechanism at the load) = 2Pu(L/3)θ + 3Pu(2/3Lθ) = 2.67PuLθ.

Using the principle of virtual work, the internal work done must be equal to the external work done; thus,

[image: image]

Therefore, the required plastic moment capacity, Mu,p = 0.667PuL.

As a check, it can be verified that the plastic hinge does occur at point C and not at point B. If a plastic hinge were assumed to form at point B instead of point C, the deflected shape of the mechanism would be as shown in Figure A-6b.


[image: image]

FIGURE A-6bVirtual displacement of the beam in Figure A-2c due to plastic hinges at points A and B



From Figure A-6b, the total internal work done at the plastic hinges is Mu,pθ + Mu,p(1.5(θ) = 2.5Mu,pθ.

The total external work done by the factored loads is Σ (Factored concentrated load × Vertical displacement at the load) = 2Pu(L/3)θ + 3Pu(L/6)θ = 1.17PuLθ.

Using the principle of virtual work, the internal work done must be equal to the external work done; thus,

[image: image]

Therefore, the required plastic moment capacity, Mp = 0.467 PuL, which is less than the plastic moment capacity of 0.667PuL required for the plastic hinge forming at point C. Therefore, the condition with the plastic hinge at point C requires a higher capacity and thus governs the design, as expected.

d.For the beam in Figure A-2d, based on the elastic moment distribution (see Figure A-7), the plastic hinges will form at points A, B, and C to create a mechanism.
From Figure A-8, the total internal work done at the plastic hinges is Mu,pθ + Mu,p(2(θ) + Mu,pθ = 4Mpθ.


[image: image]

FIGURE A-7Elastic moment distribution for Figure A-2d




[image: image]

FIGURE A-8Virtual displacement of the beam in Figure A-2d due to plastic hinges



The total external work done by the factored uniformly distributed loads is Σ (Factored uniform load × Area of the deflected shape of the mechanism under the load) = wu (1/2L)(L/2)θ = wuL2θ/4.
Using the principle of virtual work, the internal work done must be equal to the external work done; thus,
[image: image]
Therefore, the required plastic moment capacity, Mu,p = wuL2/16.

EXAMPLE A-2

Plastic Moment Capacity for a Girder with Uniform Loads

Determine the required plastic moment, Mu,p, for the statically indeterminate three-span girder shown in Figure A-9 with a typical span of 40 ft. The girder is part of a floor framing with a uniformly distributed dead load of 3.0 kips/ft. and a uniformly distributed live load of 3.0 kips/ft. Select a W-shaped section to support this load. Assume ASTM A992 Grade 50 steel.


[image: image]

FIGURE A-9Statically indeterminate beam for Example A-2



Solution

Based on the elastic moment distribution (see Figure A-10), the collapse mechanism will form first in the end spans with plastic hinges at points B (not at midspan), and C or at points E and F (not at midspan). If plastic hinges were to form in the middle span, based on the symmetrical loading, they would form at points C and E and at the midspan between points C and E. Considering span EFG, assume that the distance from the plastic hinge at point F to the first interior support is xp.


[image: image]

FIGURE A-10Elastic moment distribution for Figure A-9



From Figure A-11, the total internal work done at the plastic hinges is [image: image]

The total external work done by the factored uniformly distributed loads is Σ (Factored uniform load × Area of the deflected shape of the mechanism under the load) [image: image]

Using the principle of virtual work, the internal work done must be equal to the external work done; therefore,

[image: image]


[image: image]

FIGURE A-11Virtual displacement of the beam in Figure A-9 due to plastic hinges in span EFG



Thus, the plastic uniform load capacity, [image: image].

The distance xp required to obtain the maximum load capacity can be determined using calculus principles by requiring that [image: image], which yields xp = 0.586L.

Therefore, the required plastic moment capacity is obtained by solving the above equation:

[image: image]

Thus, [image: image].

The factored load, wu = 1.2wD + 1.6wL = 1.2(3.0 kips/ft.) + 1.6(3.0 kips/ft.) = 8.4 kips/ft.

Therefore, [image: image].

Hence, the section modulus required, [image: image].

Therefore, use W30 × 99 (Zx = 312 in.3) (see AISCM Table 3-2).

EXAMPLE A-3

Plastic Moment Capacity for a Girder with Concentrated Loads

Determine the required plastic moment capacity Mp, for the statically indeterminate three-span girder shown in Figure A-12 with a typical span of 35 ft. and the service loads shown. Select a W-shaped section to support this load. Assume ASTM A992 Grade 50 steel.


[image: image]

FIGURE A-12Statically indeterminate beam for Example A-3



Solution

We will investigate the maximum load required for mechanisms to develop in spans ABC, CDE, and EFG. The mechanism that yields the highest required plastic moment will be the governing mechanism.

Span ABC:

For this span, the factored concentrated load at midspan, Pu = 1.2PD + 1.6PL = 1.2(20 kips) + 1.6(40 kips) = 88 kips.

The location of the hinges in this span will be at the concentrated load at point B and at point C as shown in Figure A-13.

From Figure A-13, the total internal work done at the plastic hinges is Mu,pθ + Mu,p(2(θ) = 3Mu,pθ.

The total external work done by the factored concentrated loads is Σ (Factored concentrated load × Vertical displacement of the mechanism at the load) = [image: image].

Using the principle of virtual work, the internal work done must be equal to the external work done; thus,

[image: image]

Therefore, Mu,p = 513.3 ft.-kips.


[image: image]

FIGURE A-13Virtual displacement in span ABC



Span CDE:

For this span, the total factored concentrated load at midspan, Pu = 1.2PD + 1.6PL = 1.2(40 kips) + 1.6(80 kips) = 176 kips.

The location of the hinges in this span will be at the concentrated load at point D and at points C and E as shown in Figure A-14.

From Figure A-14, the total internal work done at the plastic hinges is Mu,pθ + Mu,p(2(θ) + Mu,pθ = 4Mu,pθ.


[image: image]

FIGURE A-14Deflected shape of beam after formation of plastic hinges in span CDE



The total external work done by the factored concentrated loads is Σ (Factored concentrated load × Vertical displacement of the mechanism at the load) = [image: image]. Using the principle of virtual work, the internal work done must be equal to the external work done; thus,

[image: image]

Therefore, Mu,p = 770 ft.-kips. Governs

Span EFG:

The location of hinges for this span will be similar to that for span ABC and thus the required plastic moment will also be Mu,p = 513.3 ft.-kips.

The highest required plastic moment for all three spans will govern the capacity of the girder, therefore, Mu,p = 770 ft.-kips.

Using the limit states design equation (Mu,p ≥ ϕMn) yields

[image: image]

The required section modulus, [image: image].

Therefore, use W24 × 84 (Zx = 224 in.3).
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Exercises

A-1.Determine the required plastic moment capacity, Mu,p, for the statically indeterminate two-span girder shown in Figure A-15. Select a W-shaped section to support this load. Use ASTM A992 Grade 50 steel.


[image: image]

FIGURE A-15Statically indeterminate beam for Exercise A-1
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Full penetration weld, 646, 649, 695, 699

Fully restrained moment connections, 133, 688

G

Gauge

deck, 35, 836, 854

Galvanic corrosion, 876

Galvanizing, 4, 7, 875

Geometric imperfections, 474, 475

Gerber roof framing system, 381

Girts, 464, 861–862

Gravity loads, 70

Gravity load path, 33, 72

Groove weld, 648–649

Gross area, 191

Gusset plate connection, 211, 729–732

H

Hanger, 25, 212–215, 224, 466

High frequency floor, 767, 771

High-strength bolts. See Bolts

Holes in beams, 748–751

Hollow Structural Sections (HSS), 7, 12, 20, 392

Horizontal diaphragms

design of, 853–854

inplane torsional forces in, 836–837

transfer of lateral loads, 859

HP shape, 8, 17

I

Impact factors, 111, 113

Importance factor, 69

ice, 69

seismic, 69

snow, 69

wind, 69

Inelastic, 275

buckling, 242, 251, 281, 469

In-plane torsion of diaphragms, 831, 839–840

Instantaneous center of rotation method, 671, 679

Interaction equation. See Beam-columns, Bolts

Intermediate column, 246

Intermediate stiffeners, 809

Intumescent, 875

J

Joist. See Open web steel joists

Joist girder, 373–374

K

K-brace, 135

K-factor, 274

Knee brace, 18, 134

K-series joist, 372–373

L

Lap splice, 552, 569

Lateral acceleration limits, 115

Lateral deflection criteria, 115

Lateral force resisting systems, 133–137, 170–172, 474, 821, 825–830, 835, 850, 851

Lateral load path, 32–34, 72, 168, 829, 830, 833

Lateral support

beams, 15, 318, 343, 631, 829

columns, 474, 868

plate girders, 15, 829

Lateral torsional buckling, 243, 317–322, 326, 520

Lateral torsional buckling modification factor, See Moment gradient factor

Lateral translation (lt) moment, 463, 483, 523, 524, 530, 531

Layout of structural systems, 823–828

Leaning columns, 474, 532–535

Leeward pressures, 148

Leveling nuts, 541, 547

Life cycle, 39

Limit states, 43

Lintel beams

wide flange, 20

hollow structural sections (HSS),20

Load and Resistance Factor Design (LRFD), 49, 50

Load combinations, 56–60

Load factors, 50, 56–57

Load path, 32–34, 72

Loads

buoyancy pressures, 58

concrete ponding, 71, 430

construction live, 112, 408, 430

dead, 72, 408, 430

eccentric compression, 296–298

hydrostatic, 58, 111, 112

ice, 106–108

impact, 112–113

live, 74

live load reduction, 75–78

miscellaneous, 110–113

partial loading, 94

partitions, 70

path, 32–34, 72

rain, 104–105

roof live, 78–79

seismic, 129–132, 162–166

sliding snow, 90–91, 96

snow, 86–87

snowdrift, 88, 96

stockpiled snow, 95

total factored gravity, 475, 476, 482, 483

tributary area, 72–73

tributary width, 72–73

wind, 127–129, 131–132, 137–145

wind uplift, effect of, 160–161

Local buckling

beams, 739–740

columns, 252

flange, 388, 391

web, 389

Long column

Long slotted holes, 589

Lower bound moment of inertia, 435

Low frequency floor, 767, 770

M

M-shape, 8, 16

Machine bolts, 585

Magnetic particle inspection, 646

Manganese, 13

Manual, AISC, 1, 12, 30, 383, 471

Manufacture, steel, 2–3

Masonry, 136, 356, 357, 876

MC-shape, 18

Medium-carbon steels, 886

Metal deck, 407, 455

Mezzanine, 20, 241

Mill-scale, 589

Model building codes, 30, 56–57

Modified Mercalli Scale, 129

Modular ratio, 414, 415, 435

Modulus of elasticity, 3, 246, 275, 414, 415

Moisture, 4, 464, 861, 879

Molten, 2–3

Molybdenum, 13

Moment amplification factor, 477–479, 483, 493, 524, 536, 539

Moment connections

flexible moment connections, 690–691

fully restrained moment connections, 693–695

partially restrained moment connections, 134

Moment connection schedule, 896

Moment frames, 463, 480–481, 523–525

Moment gradient factor, 322–323, 333, 471, 485, 486, 490

Moment magnification factor, 471, 482, 483, 488, 520

Moment resisting frame, 28, 133

Monumental stair vibrations, 789

Moving loads. See Loads, impact

N

Natural frequency, See Vibrations

Net area, 194, 195, 204, 205, 589

Net uplift force on base plates and anchor rods, 548–550

Net uplift loads, on roof beams and joists, 159

Nickel, 13

Nitrogen, 13

Nominal diameter of a bolt, 590

Nomograph. See Alignment charts

Nonsway frames, 463

Nonsway moment magnification factor, 482

Notional loads, 475–476, 482, 533

No-translation moment (nt), 524, 530

Nuts, 545, 547

O

Occupancy categories, 440

Office building, See Student design projects

Offset method, 5

Open web steel joists (OWSJ)

DLH series, 373

K-series, 372

KCS series, 373

LH series, 373

load tables, 371, 372

rollover strength, 860

Operable partition wall, 114

Orthogonal load effects

seismic, 174–175

wind, 141–144

Orthogonal moment frames, 287, 466, 823

OSHA, 545, 571, 717

Outrigger, 25–26

Oversized holes, bolts, 589

Overstrength factor, 60, 171

Overturning moment, 60, 180, 554

P

Panel bracing, 869, 871, 872

Partial-composite sections, 418, 425

Partial penetration, 649

Partially restrained connections, 690

Partitions, 71, 128

P-Delta effects, 471–473, 476, 477

Pedestrian bridge, See Student design projects

Performance-based design (PBD), 55–56

damage levels, 55, 56

Phosphorus, 13

Pin-connected, 226, 227

Pipes, 7

Plain, 287

Plastic analysis, 917

Plastic design, 55, 915

Plastic design of continuous beams

collapse mechanism, 55

plastic hinge, 55

Plastification, 915

Plastic section modulus, 22–23

Plate girders, welded

bearing stiffeners, 810

bending strength, 800–804

connections, 809–810

design of, 799–800

design for shear, 804–805

diagonal tension field action, 806–808

final design, 810–811

intermediate stiffeners, 809–810

preliminary design, 810

transverse stiffeners, 807–808

Plates, 19–20

Plug welding, 648, 653

Point bracing, 869, 871, 872

Ponding

roof systems, 865–866

Post-buckling,804, 806

Post-composite, 434

Pre-composite, 436

Preheating, 12, 15, 16

Pretension, 216, 586

Primary drainage, 104, 865

Primer, 875, 876

Probability of failure, 51, 53, 55

Progressive collapse, 34, 888

Prying action, 626–628

Puddle weld, 412, 851

Pullout capacity, 545, 547, 551

R

Racking, 860

Radiographic testing, 646

Radius of gyration, 191, 802

Rain-on-snow load, 90

Recycling, 2

Reduced live loads, 76, 77

Redundancy, 34, 75

Redundancy factor, 59

Reinforcement, 407, 552, 881–883, 885, 886

Reliability index, 51, 52

Reliability-based design, 53

Relief angles, 863

Renovations, 880

Repair, 56

Residual stress, 9–10

Resilience, 164

Resistance factors, 56

Resonance, 761

Response spectrum, 129, 130, 167

Retrofitting, See Strengthening and retrofitting

Reverse-curvature, 322

Rhythmic vibrations. See Vibrations

Richter scale, 129

Rigid diaphragm, See Diaphragm

Rivets, 585

Rolled shapes, 16

Rollover, joist seat, 860

Roof framing layout, 36–37

Roof plans and details, 889–892

Rules of thumb, 821–822

Running, 759, 760, 790

S

Sag rods, 224, 464, 861

Screws, 850

Seated beam connections, 631

Secondary drainage, 104

Second order moments, 475, 523, 524

Seismic loads. See Loads

Seismic response coefficient, Cs, 166, 169, 179

Structural System response modification coefficient, R, 132, 169

Sensitive equipment. See Vibrations

Serviceability limit state, 49, 435

Serviceability requirements for beams, 336–339

Shear center, 283, 343, 348–349

Shear connector design. See Shear stud

Shear lag factor, U, 194, 196, 197, 199–201, 664, 665

Shear stud, 409–414

composite beam, 409

reinforcement, 412

spacing, 409, 414

strength, 412

strong position, 412

Shear wall, 136–137

Shelf angles. See Relief angles

Shielded metal-arc welding, 647

Shims, 40

Shop coat, 874, 875

Shop drawings,32, 584

Shored construction, 429–432, 434, 435

Short column, 246, 367

Sidelap connections, 850, 851

Sidesway-inhibited, 248, 463

Sidesway-uninhibited, 277, 463

Silicon, 13

Simple shear connections, 688, 825

Single angle members, 296–298

Single-bevel weld, 650

Sleeve nut, 226

Slenderness ratio, Slender shapes, 327

Sliding snow, 92–93

Slip-critical connections, 588, 589, 595, 599

Slip-resistance, 586

Snow loads. See Loads

Snowdrift, 88–91, 101

Spandrel beams, 72–73, 771, 819

Special inspection, 32

Specifications, 12–13, 30–31

Spectral acceleration, 164

Spliced connection

beams, 717

columns, 571, 717

Spray-applied fireproofing, 875

S-shapes, 8, 17

Stability bracing, 867–872

Staggered bolts, 205

Steel Deck Institute, 35, 836, 851

Steel Joist Institute, 372

Steel stairs, vibration of slender, 788–789

Structural drawing notes, 889–892

Structural integrity, 888–889

Structural irregularities

horizontal, 168, 832

vertical,168, 832

Structural steel

advantages and disadvantages, 12, 13

basic structural elements, 23–25

brittle fracture and fatigue, 10–12

built-up sections, 21–23

corroded members, 877–878

corrosion protection, 876–880

density, 2

expansion joint details, 9

manufacture, 2–3

material properties, 3–12

shapes, 12–13

stress-strain diagram, 5

tensile strength, 3–5, 7

weldability, 2, 3, 12, 15–16

yield strength, 2, 7

Structural systems, 25–29

Structural system response modification factor, 131, 132

Structural systems layout, 823–828

Student design projects, 892–910

Suction, 127

Sulfur, 13

Surface preparation, 874–875

Suspended track, 767

Sustainable building design, 39

Sustained live loads, 435, 762, 768

Sway moment magnification factor, 482, 483

T

Tangent modulus of elasticity, 275

Temperature effects, See Thermal expansion and contraction

Tension field action, 799, 804–808, 810

Tension lap splice, 552

Tension members, 191

block shear failure mode, 207–208, 216

tensile yielding failure mode, 193, 664

tensile rupture failure mode, 193, 664, 665

Thermal break, 40

Thermal bridging, 40

Thermal expansion and contraction

Threaded rods, 224, 225

Tornado design wind pressures, 162

conversion factor, 161

scale-up factor, 161

Tornado categories, 161

Tornado factor, 161, 162

Tornado wind speeds, 161

Torsion

angle of twist, 344

details, 351, 352

shear center, 343

warping, 344, 347

Torsional, buckling compression, 242, 280–284

Torsionally fixed support, 345, 347

Torsionally pinned support, 345, 347

Torsional rotation, See Torsion, angle of twist

Transfer plate girder, 796, 811

Transformed section, 417, 422–423, 425–427

Transient vibrations. See Vibrations

Tributary area, 72–73

Tributary width, 72–73

Truss connections, See Vertical bracing and truss connections

Trusses

T-shaped chords, 19

double angle chords, 21

T-shapes, 19

Tubes. See Hollow structural sections (HSS), 20

Turnbuckles, 225, 226

Turn-of-nut method, 586

Twist-off tension-controlled bolts, 585

U

Ultimate limit state, 113, 131, 435, 788

Ultimate strength analysis – bolts, 668–671

Ultrasonic testing, 646

Unbalanced moments, 467, 493–498

Unbraced beams, 343

Unbraced frames, 248–249, 463, 466, 425

Unbraced length. See Beams

Uniform force method, 729

Unequal column unbraced lengths, 269–272

Unreduced live loads, 78

Unshored construction, 430, 431, 435

Uplift loads

column base plates, 547–550

roof beams and joists, 159–161

V

Vanadium, 2, 12

Velocity, 788

Velocity pressure, 127, 128, 139

Vertical bracing and truss connections, 719–725

Vertical deflection limits, 113–114

Vibrations

control measures, 789–790

dynamic forces, 759, 766, 788–790

monumental stairs, 788–789

natural frequency, 760–762

resonance, 761

response spectrum, 167

rhythmic vibrations, 783–785

sensitive equipment vibrations, 788

slender steel stairs, 788–789

steady-state, 759

terminology, 760–761

transient, 759

walking vibrations, 759, 766–772

Vibrational velocity, 788

Visual inspection, 585, 646

W

Warping, 344, 345, 350

Warping constant, 289, 291, 345

Web buckling, 787, 798, 805, 806

Web crippling, 358, 362–363

Web yielding, 358, 362–363

Weldability, 12, 15–16, 545, 885, 886

Weld inspection, 646

Welding

gas metal arc, 647

inspection, 646

shielded metal arc, 647

submerged metal arc, 647

Welds

angle, 655, 656

access holes, 695

dimensional requirements, 652–653

eccentrically loaded, 668–674, 677

fillet, 654–656

groove, 648–649

inspection, 646

joints, 647–649

near side, 650

overhead, 649

partial penetration, 649

plug, 648, 653

single-bevel weld, 650

slot, 648, 653

symbols, 650–651

testing, 646

Whitmore effective width, 720, 722

Wide-flange sections, 823

Wide-rib deck, 36

Width-to-thickness ratio

beams, 312

columns, 253, 260

Wind columns, 861–862

Wind load cases, 141–143

Wind loads. See Loads

Windward pressures, 140

Work point, 720, 729, 730

W-shapes, 16

WT-shapes, See T-shapes

X

X-brace frame, 137, 858, 899

Y

Yield point, 5, 311

Young’s modulus, 5

Z

Zinc-rich paint, 4, 7, 878
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F) BOLTS: ASTM A325N OR F1852, PRETENSIONED
i) BOLTS IN BRACED FRAME CONNECTIONS AND
MOMENT CONNECTIONS ARE TO BE SLIP CRITICAL

G) ANCHOR RODS: F1554, GRADE 36

H) SHEAR CONNECTORS: ASTM A 108, Fy = 50ksi

1) CLEVISES AND TURNBUCKLES: AISI C-1035

J) RAISED FLOOR PLATE: ASTM A786

K) WELDS: ET0xx

L) GALVANIZING:
i)  STRUCTURAL STEEL: ASTM A123
il)  BOLTS, FASTENERS, HARDWARE: ASTM A1S3
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FIRE-RESITIVE MATERIAL
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